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PREFACE

Structural fire safety is a key consideration in the design of buildings and is attracting world-wide
attention. Significant advances in research have increased the knowledge on the structural behaviour in
fire. Some areas like the behaviour of steel structures in fire are becoming well understood, while others
like e.g. spalling of concrete need further studies, trends that are reflected by the contribution to this
conference. To make full use of these innovations and advances gained, we need a forum for the
dissemination of knowledge and exchange of ideas among academics, researchers, engineers, designers,
construction companies and manufacturers working in the field of structural fire engineering.
The highly successful International Conference series on Structures in Fire is considered as a major
forum for the exchange of knowledge among peers by the global structural fire engineering community.
The Zurich conference is the 7th in the Structures in Fire (SiF) series with the first six being held in
Copenhagen (2000), Christchurch (2002), Ottawa (2004), Aveiro (2006), Singapore (2008) and East
Lansing (2010). The aim of this conference is to continue the successful conference series and provide a
platform for the experts and practitioners from the global structural fire engineering community to
participate present and discuss recent findings, innovations and developments on an international level.
This book constitutes the Proceedings of the Seventh International Conference of Structures in Fire
(SiF 2012) and contains 83 selected papers to be presented in Zurich during June 6-8, 2012. The papers
were selected in a severe review process and are subdivided into six themes and chapters including
Applications of Structural Fire Engineering, Steel Structures, Composite Structures, Timber Structures
and Fire Protection Materials, Numerical Modelling and Concrete Structures representing the work of
authors from 24 different countries around the world.
This conference was organized by members of the Institute of Structural Engineering, ETH Zurich
and the fire research unit at Empa with the help, support and cooperation of the members of the
International Scientific Committees, in particular the support of Professors Paulo Vila Real (Chairman of
the Scientific Committee), Andy Buchanan, Jean-Marc Franssen, Venkatesh Kodur, Kang Hai Tan and
Asif Usmani. We thank all expert reviewers for the time and effort they spent on the task of selecting the
best papers. Our sincere thanks to all authors – the quality of the book is just the corollary of the high
standard of their contributions and research activity. Finally, we would like to appreciate the effort and
extraordinary support provided by the staff of ETH.

Zurich, June 2012

Mario Fontana
Andrea Frangi
Markus Knobloch

APPLICATIONS OF
STRUCTURAL FIRE SAFETY ENGINEERING



7th International Conference on Structures in Fire
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APPLYING THE PEER PERFORMANCE BASED EARTHQUAKE
ENGINEERING METHODOLOGY TO STRUCTURES IN FIRE
David Lange*, Shaun Devaney**, and Asif S. Usmani**

* SP Technical Research Institute of Sweden, Fire Technology;
email: david.lange@sp.se
** School of Engineering, the University of Edinburgh
Keywords: Structures in fire; performance based design; PEER; fire engineering.
Abstract The Pacific Earthquake Engineering Research (PEER) Centre’s Performance Based
Earthquake Engineering (PBEE) framework is an established framework for performance based
engineering for extreme loading. It is well documented and has achieved considerable interest applied
to earthquake engineering of structures. The framework is based on a linear process which comprises
the following stages: hazard analysis; structural analysis; loss analysis and finally decision making
based on variables of interest, such as downtime or cost to repair. The strength of the framework is in its
straightforward description, its clear flexibility and in the consideration of uncertainty at every stage of
the analysis. The framework has potential applications to other forms of extreme loading; however in
order for this to be achieved the ‘mapping’ of the different stages to the analysis of structures for other
loading situations must be successful. Using a combination of simple analytical techniques and codified
methods as well as random sampling techniques to develop a range of response records, the complete
PEER framework is followed to illustrate its application to structural fire engineering.

1 THE PEER FRAMEWORK
1.1 Introduction
The PEER PBEE (Pacific Earthquake Engineering Research centre Performance Based Earthquake
Engineering) framework outputs a quantified measure of the performance of a system [1].
The
framework is based across three calculation ‘domains’: the hazard domain; the structural system domain;
and the loss domain. These domains are linked by so-called ‘pinch variables’: the severity of an event
(Intensity Measure (IM)), the structural response to the event (Engineering Demand Parameters (EDPs)),
and estimation of damage and resulting losses incurred (Damage Measures (DMs) and Decision Variables
(DVs)). The framework is expressed as a triple integral, Equation 1; it is shown schematically in Figure
1, including the impact of uncertainty at every stage of the analysis.

(1)
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Implicit in the form of the equation is the assumption that each of the variables in the analysis is
conditionally independent. The validity of this assumption is debatable even for earthquake engineering.
However for structures in fire where the form of the structure and the features of the compartment or
room of origin directly influence the definition of the fire scenario (unless only the most simple nominal
fire models are used such as the British Standard fire curve) this is an even more critical assumption.
The framework is comprehensively reported in a number of references, for example Porter [2]
provides a simple description of the framework and its components. Additional information may be
found on the PEER website. Individual modules of the PEER framework are outlined in the following
sections although for a more detailed description other references should be consulted. Examples of the
PEER framework adapted to and applied to other extreme loading cases exist, for example applied to
wind engineering [3]. Deierlein and Hamilton [4] have also proposed that the PEER framework may be
applied to fire.

Figure 1 - schematic of the PEER framework: showing uncertainty associated with the modules which follow the
hazard analysis

1.2 Hazard Domain
The hazard analysis results in the output of the intensity measure which is defined as a single or
vector parameter that defines the event intensity and which quantifies the rate or probability of exceeding
an intensity, g(IM > imi) per year. In PEER PBEE calculation of the intensity measure follows broadly
the methodology employed in probabilistic seismic hazard analysis (PSHA), although where PSHA
results in a rate of exceeding an intensity measure, the calculation required for the PEER framework
results in a mean annual probability of exceedence.
In the resulting hazard curves the variable chosen to represent the intensity of the event is typically
the peak ground acceleration; alternative variables may be used to measure the magnitude of an event
including displacement, frequency, duration of the ground motion, etc. A sensitivity analysis should
typically be carried out to investigate the sufficiency of IM’s for alternative EDP’s [5].
The intensity measure is illustrated by the hazard curve, which is defined by the frequency of
exceeding a given intensity. This is equal to the probability of an IM imi given that an earthquake has
occurred, multiplied by the statistical rate of occurrence of an earthquake. For a single magnitude event
the hazard curve is given by equation 2, rn is the rate of occurrence of the event.

(

g IM = rn P IM > imi
i

)

(2)

1.3 Structural System Domain
The structural analysis uses the records of perturbation from a database of earthquakes to determine
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the response of the structure for each case. This may be the same set of records used in the hazard
analysis, however it does not have to be so long as the resulting EDP can be expressed as a function of the
IM. The output from the structural analysis is a probabilistic measure of the response of the structure
which will be related to the damage analysis which follows in subsequent stages of the framework. For
typical examples of the framework applied to earthquakes the EDP studied is the inter-storey drift and the
DM evaluated could for example be damage to the non-structural walls. The structural analysis should
reflect the response of the structure across the whole vector of the IM.
The EDP is expressed as a hazard curve, similar to the IM, defined as a vector parameter which again
permits the quantification as a Poisson process of the rate of exceedance given the IM hazard curve.

(

)

g EDP =  P EDP > edp i | IM dg IM

(3)

Uncertainty in the response of the structure to a seismic event means that the structural response to a
given IM has some probabilistic distribution associated with it and this may be included in the structural
analysis to ensure that it is included in the EDP hazard curve.
The structural analysis often relies on a catalogue of earthquake records to determine the likely
response given a peak ground acceleration (or other intensity measure) [6]. However the calculation of
the structural response is based on the contents of entire records of earthquakes and not just the variable
which is chosen to reflect the IM. By representing the intensity of the earthquake as a function of a single
variable it follows that the distribution of the response of the structure is independent of any variation in
the other variables which may be chosen to reflect the intensity and which may also affect the structure.
This is a drawback of the framework. In applications of the framework the sensitivity of the EDP to the
IM’s is an important consideration when choosing the variable to represent the IM.
The structural analyses carried out to determine the probabilistic distribution of EDP for given IM’s
do not need to be deterministic and should normally include probabilistic aspects to describe uncertainty
in the model such as material properties or other factors which may affect structural response.
1.4 Loss Domain
Loss analysis relies on the results of the damage analysis to derive consequence curves based on
whether or not a damage state exists given the EDP hazard curve. The loss being considered may
include, for example, down time or cost to repair. In PBEE consequence curves are used to provide an
estimate of the annual impact of an earthquake for, e.g. budgetary reasons in order to allow developers to
better assess the impact of performance based structural engineering decisions on their own project.

2. THE PEER FRAMEWORK ADAPTED TO STRUCTURAL FIRE ENGINEERING
For earthquake engineering as opposed to fire engineering, a relative wealth of independent records of
earthquake events exists with libraries and databases of earthquakes in different regions being available.
This is facilitated by the independence of the earthquake and the corresponding ground motion from the
structure – the variables which are of interest in determining the ground motion intensity from the
libraries of available data may be limited to only the distance from the fault line of the facility and the
soil/ground conditions at the site. Conversely, nature of a structural fire is almost always dependent upon
the form of the structure as well as its features. It may therefore be necessary to develop a suitable
catalogue of fires bespoke to each structure, to determine the IM and the EDP’s.
2.1 Hazard Domain
In examples of the PEER framework there are a number of different factors which may be taken as
IM’s, although typically peak ground acceleration seems to be used. In fire, several parameters have been
historically considered to be measures of fires ‘intensity’; duration, for example, as a measure of fire
resistance implies that the duration of burning is a measure of the intensity. However when considered in
the context of so-called real fires, the duration alone is insufficient and the fire severity may also be
described in terms of parameters such as rate of increase in the temperature in a compartment, duration of
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the steady burning phase, or peak temperature, etc; not to mention the impact of travelling fires
At this stage, peak temperature is taken as the IM, this was chosen based on ad-hoc analysis done
during the writing of this paper and there is no suggestion that this is a fully adequate indicator of fire
intensity. Future work should include studies to determine the most appropriate IM for EDP’s of interest.
In order to derive the IM curve a procedure for probabilistic fire hazard analysis is mapped to the
procedure for PSHA, as described below.
As mentioned, applications of the PEER framework may rely on a catalogue of representative
earthquakes such as those described in [6] which are used to develop a set of characteristic responses to
the loading. Work by Koo [7] details a methodology for developing a set of possible fire curves for a
given compartment geometry based on a set of random input variables. Application of Koo’s method
provides a set of compartment fires of suitable number for stochastic purposes, but it is computationally
intensive. Nevertheless, random sampling to derive a number of scenarios based on limitations of the
compartment has been shown to be a suitable means of deriving a large bespoke catalogue of fires.
For this example, a parametric fire curve is used for the determination of the temperature within the
compartment. This permits the variation of the fuel load, opening factor and the thermal inertia of the
compartment linings when determining the compartment temperature. The output is simple and includes
both a heating phase of almost non-predetermined duration and peak temperature and a linear cooling
phase. The calculation required is deterministic within the Eurocodes and therefore at least one of the
parameters needs to be varied in order to provide the necessary group of fire records for further analysis.
The fuel load and the actual opening factor have considerable uncertainty associated with them.
Variability in the thermal inertia of the wall linings is arguably less uncertain and will be ignored here.
Eurocode 1 (EN 1991-1-2: 2002) [8] give basic data on the distribution of fire load densities for
various occupancy classifications. Average fire loads are listed along with the 80% fractile fire load
(Gumbel distribution). Using this data and the background documents to the Eurocodes allows for the
construction of the entire distribution of fuel loads within a compartment [9] , Figure 3 .
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Figure 3 – CDF and PDF of the fire load in an office as a Gumbel distribution

Independent distributions also exist for the opening factor, for example the Joint Committee on
Structural Safety (JCSS) probabilistic model code [10] gives an expression for a truncated log-normally
distributed variable which is used as a modifier for the maximum opening factor. The Eurocode
parametric fire seems to imply an opening factor which is equal to the maximum available, within certain
limits, and the variation of opening factor with time or temperature is outside of the scope of the
parametric fire model. Nevertheless, in order to more effectively capture the potential fire scenarios
which may occur based on a parametric fire the maximum opening factor will be modified by the
corresponding reduction factor obtained from the JCSS model code, Equation 4:
F = Fmax (1 − ξ )

(4)

Where F is the opening factor for calculation and Fmax is the maximum available opening factor based
on the compartment geometry,  is a random log-normally distributed parameter with mean 0.2 and
standard deviation 0.2 which is truncated at 1.
Using random sampling techniques, vectors of the opening factor (assuming compartment geometry)
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and the fuel load are defined. Based on these vectors a sample library of fire records can be generated.
Having created the family of fires, the distribution of possible values of the peak compartment
temperature is given by Equation 5 assuming that the distribution of the intensity measure may be
approximated by an extreme value distribution. For this example, the cooling phase of the fire is ignored
and peak compartment temperature is taken as the intensity measure.

p (Tmax ) =

ze − z

β

−µ
T
− max T max
βT max
, where z = e

(5)

Where p is the probability density function, and, Tmax and Tmax are the mean and the shape factor of
the distribution of peak compartment temperatures observed. Integrating this gives the probability of
exceeding a given temperature given that a fire occurs.
The annual rate of exceeding the intensity measure is then given by the product of the annual rate of
occurrence of a fire and P(IMimi).
The structure to be used in the example is based on a sub-assembly from the SCI document
‘Comparative Structure Cost of Modern Commercial buildings (Second Edition) [11]. The compartment
is 15m by 15m and comprises 4 bays of the structure. Although the layout of the building as proposed in
the SCI document is open plan, the compartment size is limited in this analysis for simplicity.
The total area of the compartment boundaries is assumed to be 612m2. The height of the window
openings is assumed to be 1.2m and the total area of openings is estimated to be 46.6m2. The opening
factor is varied according to the JCSS probabilistic model code. Using a medium fire growth rate
corresponding with the fire growth rate of office buildings and the fuel load distribution as discussed
above, a catalogue of parametric fires was developed based on 3000 random samples of fuel load and
opening factor, Figure 5. Two extremes of fire scenario are also indicated in Figure 5 – a long-cool fire
and a short-hot fire[12].
Recalling the assumption that the distribution of maximum compartment temperature can be
described by an extreme value distribution the maximum compartment temperature, T max(°C), as
intensity measure is plotted in Figure 6 below as well as the corresponding hazard curve, assuming the
annual occurrence rate is 1/50 (although the natural fire safety concept or the JCSS propose alternative
rates, the rate used is intended to be illustrative).

Figure 5 – Individual records of compartment
temperature

Figure 6 – Equivalent peak compartment temperature
Intensity Measure and corresponding Hazard Curve

2.2 Structural System Domain
The temperature distribution through the depth of a section may be described as a thermal gradient,
T,z, and a uniform temperature increase, T, using an idealized temperature distribution through the
sections depth [13]. The effect of these two heating parameters on a structure may be described as a
thermal force and a thermal moment [14]. These are both defined for in Equations 6 and 7 below.
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N

M

T

T

= EAα∆T

=E

d

(7)

3

12

(6)

αT, z

Where E is Young’s modulus of elasticity, A is the area of the section, d is the depth of the section
and  is the coefficient of thermal expansion. The value of both of these parameters is dependent upon
the heat transfer through the section as well as upon the material properties of the section. The fire
structure interaction model is based on an analysis of the section to determine the equivalent temperature
increase and the equivalent through depth thermal gradient.
The stress distribution throughout the composite member is dependent on the structural form of the
member, the temperature distribution through the member and the mechanical loading. The analysis
procedure is simplified by dividing the cross section into horizontal slices. The stress and strain values are
then calculated at the boundaries of these slices.
Heat transfer analysis in Steel is Carried out using a stepwise function, outlined in Eurocode 3 [15].
The heat transfer through concrete is a marginally more complicated matter. For the parametric fire curve
chosen a 1-d finite difference heat transfer analysis is used.
Lamont et al. describe the response of a structure to a long-cool and a short-hot fire [12] (both of the
extremes shown in Figure 5. The short-hot fire results in a higher peak temperature and, due to the short
duration of the heating phase of the fire, a larger thermal gradient within the structure. This causes large
thermal moments which induce bowing within a structure and a tensile force within, for example, a
composite section. Correspondingly, a long-cool fire will have a much more uniform temperature
distribution through a section. This will cause large compressive forces to develop within an element
exposed to fire which must be accommodated by the surrounding structure. The result is a more uniform
temperature throughout the depth of the composite section during a long cool fire as opposed to the
steeper gradient of temperature through the depth of the short hot fire.
The response of the floor system to fire is based on the assumption that the floor system acts in a
tensile membrane mechanism. The derivation of this is outlined in more detail in other articles [16], [17]
however for this example a 2-dimensional variant is used as briefly discussed in [14]. In summary, the
method is based on the steel within the floor system providing a catenary support to the applied loading,
assuming that the ends are fully restrained against translation but not rotation and ignoring any capability
of the concrete within the floor to provide any load resistance. This methodology has three stages:
calculation of the temperature distribution through the depth of the member; calculation of the deflected
shape of the member, based upon the gross cross-sectional area, and the stresses and strains in the
reinforcing bars associated with this deflected shape and steel temperature; and calculation of the load
carrying deflection and the internal and external work done to move from the thermal deflection to the
required deflection, the internal work done is based on the steel reinforcement only and ignores any
contribution from the concrete.
It is proposed to use the total deflection required to carry the load as the engineering demand
parameter. This is analogous to an EDP commonly used for PEER PBEE: inter-storey drift.
Details of the structure are as follows: the assembly is a composite steel concrete section comprising a
primary beam, UK section 305 x 165 x UB40 of 7.5m width, underneath a ribbed concrete deck with
minimum thickness 70mm at the troughs and maximum thickness at the ribs of 130mm; reinforcing steel
in the analysis is assumed to comprise of only the A193 anti-cracking mesh located at mid – height of the
floor and, for the purposes of the 1-dimensional analysis, the width of the concrete portion acting
compositely with the steel is assumed to be ¼ of the effective length, in accordance with Eurocode 4 [18].
The floor assembly is restrained at one end by the adjacent floor plate and structure in the adjacent
bays and at the other end by a perimeter beam and column assembly.
In order to evaluate the engineering demand parameter and to derive the corresponding hazard curve,
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the cumulative distributions of the engineering demand parameter are integrated with respect to the
probability of exceedance of the intensity measure, equation 8.

(

)

g EDP =  P EDP ≥ edpi | IM dg IM
i

(8)

Figure 8 shows the individual records of the EDP’s for the sample of fires. This is the same set of
fires which were used to derive the IM curve in the previous section. The left hand plot is the IM plotted
against the annual probabilities of exceedence, and the right hand plot is the IM plotted against the EDP –
the right hand plot shows all of the records of the EDP. Figure 8 also shows schematically an example of
a discrete distribution of P(EDPedpi|IM).
In order to determine the hazard curve for the EDP, the integral in Equation 21 is evaluated
numerically. For the range of IM’s, the density function p(EDP) is estimated assuming that it is an
extreme value distribution and the P(EDPedpi|IM) is determined. This is then integrated with respect to
P(IMimi). Figure 9 shows the resulting hazard curve of the total deflection.

Figure 8 – Individual records of thermal deflection
against compartment temperature (right hand graph)
plotted alongside intensity measure hazard curves
(left hand curve)

Figure 9 – Total deflection hazard curve

2.3 Loss Domain
The damage measures (DMs) provide a means to quantify the damage done to the structure. A
fragility function was assumed based on the EDP to categorise the level of damage done to the composite
beam caused by a given value of an EDP. In each case there are three levels of damage state, DM0, DM1
and DM2. The element is in DM0 when the level of the EDP is insufficient to cause any damage to the
structure. The element enters DM1 when the EDP rises to a level where damage is caused to the element,
but it is not beyond repair. DM2 applies when the EDP is such that the element is assumed to damage
which may require its replacement or there is local collapse. In the future, when more information
becomes available regarding potential losses resulting from structural damage and the damage states are
more rigorously defined, additional damage states and real (as opposed to assumed) fragility functions
may be included to give a more realistic and complete estimate of the losses.
For the definition of the damage states associated with thermal deflection of the floor, the residual
deflection of the floor following fires is considered. It is observable in the reports of the Cardington tests
[19] as well as other reported tests on pre-stressed and composite floor slabs in fire [20] that following
heating up to ¼ of the total deflection observed at the end of heating was recovered. Since cooling is not
explicitly included within the analysis, the final thermal deflection at the end of the heating phase of the
fire is taken as being the final deformation for determination of the DM later. Since recovery of the
deflection during cooling would intuitively lead to a relaxation of the tensile forces observed in the steel
reinforcement and in any steel beams present this is a conservative assumption at this stage.
The deflection limit for DM1 is assumed to be 30mm, and the deflection limit for DM2 is assumed to
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be 130mm. These are assumed values and are arbitrarily chosen. It is assumed that a deflection of up to
30mm may be addressed without the requirement for considerable structural repair work since it is less
than 1/3 of the total depth of the concrete section including the ribs and is given as the recommended
deflection limit in Eurocode 2. Anything over 130mm, which is equal to the total thickness of the
concrete floor plate, is assumed to be irreperable and will require replacement. Standard deviations of
both of these damage states are assumed to be 0.0001mm. These normally distributed variables are the
conditional probabilities of the DM exceeding the damage state given a state of EDP, i.e. P ( DM EDP ) .
The initial build cost for this part of the structure was calculated from the SCI document [11] and was
then used to normalise the repair costs. The repair times have been estimated based on the repair work
which is required. The repair times are normalised against the initial build time of the member, which is
given as 5 days. Both the repair costs and the repair times have been assigned a lognormal distribution,
the distributions of costs and repair times are summarised in Table 1 (for the lognormal distributions the
mean values are given as a function of  and , mean = exp µ + σ 2 2 ).

)

(

Table 1 – Summary of assumed damage states, assumed repair times and assumed repair costs


1.120
2.403
-1.311
0.519

Repair time (DM1)
Repair time (DM2)
Repair cost (DM1)
Repair cost (DM2)


0.3
0.3
0.3
0.3

Distribution type
Lognormal
Lognormal
Lognormal
Lognormal

Figure 10 shows the cost consequence functions and repair time consequence functions associated
with damage states of the reinforcement strain.

Figure 10 - Cost Consequence Functions and Downtime Consequence Functions associated with total deflection

The decision variables (DV) are the final outputs from the PEER framework. They are a
quantification of the likely mean annual losses incurred as a result of an event leading to an unknown
level of structural damage. Each DV is probabilistically related to a DM and each DM may have multiple
DVs associated with it. The types of losses which may be measured as DVs are repair costs, repair times
or casualties/injuries. The preceding analysis examined the effects of the fire on the structure only and
because of this the repair costs and repair times have been calculated solely for the structure of the
building. By integrating the DM resulting from an EDP with respect to the probability of the EDP
occurring, as shown above, the frequency of exceeding a value of loss, or a period of downtime per year
can be estimated. The integral to be evaluated is:

(

)

g DM =  P DM ≥ dmi | EDP dg EDP
i

(9)

In order to evaluate equation 9, the probability of exceeding a given DM, P(DMdmi|EDP) must be
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determined. Recognising that DM1 is exclusive of DM2 but DM2 is not exclusive of DM1, for the
stepwise DM described above, this is given by:

(

)

(

) (

)

(

)

(

P DM ≥ dmi | EDP = P DM 1 | DM 2 × P dmi (DM 1) + P DM 2 × P dmi (DM 2)

)

(10)

Equation 9 may be evaluated numerically to obtain the annual costs and downtimes associated with
EDP discussed, Figure 12. The annual frequency of incurring any loss is consistently set to 1.8 x 10-3.
This is the annual frequency of any of the events shown throughout the analysis for each of the stages of
the framework and is the result of the initial probabilistic calculation of the likelihood of a structurally
significant fire starting. It is the rate of drop off of the costs and downtime which are of interest.

Figure 12 - Probabilistic annual repair cost and downtime associated with total deflection

3. DISCUSSION AND CONCLUSIONS
In the SCI publication, the cost for the structure is quoted as between £83 and £108/m2 and the cost
for protection between £12.70 and £32 /m2. Based on the frequency of costs to repair exceeding the
initial build costs, the owner may budget less than a tenth of a per cent per annum of the build costs to
repair the structure whereas protection could add as much as 38% to the cost of the structure. This
obviously ignores the cost of room fittings, services and furnishings – however in the event of a
structurally significant fire these are very likely to require repair or replacement regardless of the
provision of structural protection. This type of information may be used to influence decisions as to
whether or not the structure should be protected, under the condition that it may be shown to sustain the
applied load in fire for the duration of an analysis.
A number of assumptions have been made in the paper, in particular with reference to the
repairability of fire damaged composite structures and the costs associated with this. There is little
information in the literature and the majority of this is focussed on steel or concrete structures rather than
composite construction. The material is also several years old and does not give any indication of the
costs of repair. These are based in this paper upon the initial construction costs. Further information on
damage states, the costs associated with the repair of fire damaged structures, as well as downtime
associated with repair and the identification of alternative damage measures will most likely require a
dialogue on this subject with industry.
An apparent disconnect between fire engineering and structural fire engineering provides reasonable
justification at this time for the use of the parametric fire, however the impact of different fire models on
the results of the framework should be considered in future research. The computational resources
required to run numerous FE analyses to illustrate the application of the framework to Structural Fire
Engineering have driven the authors to employ simpler analytical models in this paper although future
iterations will consider different structural models which will allow the exploration of alternative EDPs
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and DMs.
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Abstract. Fire Safety Engineering (FSE) is a multi-discipline aimed to define the fire safety strategy for
buildings in fire situation, in which structural stability and control of fire spread are achieved by
providing active and/or passive fire protection system. In the following the main aspects of FSE for the
structural safety checks in case of fire (Structural Fire Engineering) are shown with reference to Italian
and European standards.
FSE requires the choice of performance levels, the definition of design fire scenarios, the choice of
fire models and generally advanced thermo-mechanical analyses. In the following the application of
Structural Fire Engineering (namely the structural behaviour in fire situation) to an existing tall building
will be described. This activity is still in progress; nevertheless, the paper provides enough information
concerning the structural characteristics of the buildings, the choice of safety performance levels, the
active and passive protection systems of the buildings, the identification of fire scenarios through RiskRanking approach and, finally, preliminary thermal and structural analyses.

1 INTRODUCTION
According to ISO/TR 13387-1 [1], the “Fire Safety Engineering” (FSE) is the application of
engineering principles, rules and expert judgement based on a scientific assessment of the fire
phenomena, the effects of fire and both the reaction and behaviour of peoples, in order to: save life,
protect property and preserve the environment and heritage; quantify the hazards and risks of fire and its
effects; evaluate analytically the optimum protective and prevention measures necessary to limit, within
prescribed levels, the consequences of fire.
Current Italian and European codes ([2], [3], [4], [5]) allow the use of a performance approach
through the concept of FSE. The temperature distribution within the elements and the mechanical and
geometric nonlinear structural response are taken into account in the fire performance approach.
The Directive 89/106/CEE [6] on Construction Products of the European Community introduced the
definition of the requirement of “safety in case of fire” in Europe, which is the base for the application of
the FSE. This requirement, implemented in the National Codes of European member countries, is
explained by achieving the following five objectives: the load-bearing capacity of the construction can be
assumed for a specific period of time; the generation and spread of both fire and smoke within the works
is limited; the spread of fire to neighbouring construction works must be limited; occupants have to be
able to leave the works or be rescued by other means; the safety of rescue teams must be taken into
consideration.
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The FSE allows a more accurate adjustment of the safety measures at specific risk of the building
through qualitative and quantitative criteria (namely acceptance criteria), which are agreed with the
building approval authority and hence form an acceptable starting point for assessing the safety of a
building design.
The European codes for structural fire safety are the “Fire Parts” of Structural Eurocodes.
In Italy, the new Technical Code for Constructions was published in 2008 [5]. For the first time in
Italy, the fire action is introduced within the definition of the actions on constructions, as an “exceptional
load”. The document defines the performance safety levels of buildings according to the safety objectives
required by the Directive 89/106/CEE [6]. The Italian Technical Code for Constructions defines five
safety performance levels depending on the importance of the building, which establish the damage level
that can be accepted. These rules define the fire structural performance requirements and they refer to
specific technical codes issued by the Italian Ministry of Interior for all activities under the control of the
National Fire Brigades ([7], [8]). 

2 CASE STUDY: TOWER OF AN EXISTING TALL BUILDING
In the following the application of Structural Fire Engineering (namely the structural behaviour in fire
situation) to an existing tall building, intended for office use, is described. The tower, with 29-storeys,
extends from a height of 11.45m to a height of 112.50m above sea level. The tower is characterised by
reinforced concrete central cores and, from 30.00m above sea level, perimeter steel beams and columns.
These latter are protected by several passive protection systems.
2.1 Building description: analysis of the structural characteristics
The tower is 101.00m high and has 29-storeys above the ground. The floor can be divided into four
zones, named (see Figure 1a): 1) Lamellare, 2) Emicicli , 3) Nucleo, 4) Antinucleo. In particular the third
and fourth zone, made of reinforced concrete, represent the bracing and seism-resistant structures of the
Tower at each floor. Other stiffening reinforced concrete structures (Figure 1b) are: stairwells, omega
wall and coupled columns. Until 30.00m above sea level the bracing structures are connected to a
reinforced concrete framed structure, having large beams and columns, whereas, from 30.00m above sea
level, for 25 storey, the bracing structures are connected to steel frames with interstorey equal to 3.30 m.

Antinucleo

Nucleo

Lamellare

r.c. walls
Beam
Coupled-beams
Column

Emicicli
Nucleo

Coupled columns

Ωwall

Antinucleo

(a)



(b)



Figure 1 Tall office building: (a) Floor Map, (b) Structural elements

2.2 Choice of safety performance level
In the case study, the main objective of fire safety checks concerns the mechanical resistance and
stability, in fire situation, of the tower. In agreement with the Fire Brigades and Owner, the safety
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performance level required for the structure is assumed as: “maintaining the fire resistance requirements,
which ensure the lack of partial and/or complete structural collapse, for the entire duration of the fire”.
In addition, with reference to some scenarios (the most probable fire scenarios which involve the
effectiveness of active protection systems), a limited structural damage after the fire exposure has been
also required.
2.3 Active and passive fire protection systems
The tower is equipped with several active protection systems: fire sprinklers system, fire hydrants and
fire extinguishers. The building is not equipped with any smoke or heat evacuation systems. Each floor of
the tower have 4 fire exits on external stairways and 1 fire exit on internal separated stairways equipped
with 2 fire doors REI 120. Each floor can be divided in 3 fire compartments [9].
Both steel beams and columns are protected by gypsum boards.
2.4 Fire Scenarios and Fire models
The design fire scenario is a qualitative description of the fire development during the time,
identifying key events that characterise the fire and differentiate it from other possible fires. It typically
defines the ignition and fire growth process, the fully developed stage, decay stage together with the
building environment and systems that will impact on the course of the fire.
In general, the number of distinguishable fire scenarios is too large to permit analysis of each one. In
this case the choice of the design fire scenarios is carried out by Fire Risk Assessment. Really, the Fire
Risk Assessment allows to individuate scenario structures of manageable size and allows to make the case
that the estimation of fire risk based on these scenarios is a reasonable estimation of the total fire risk
[10]. The Fire Risk Assessment takes into account the consequence and likelihood of the scenario. Key
aspects of the process are: identification of a comprehensive set of possible fire scenarios; estimation of
probability of occurrence of each fire scenario; estimation of the consequence of each fire scenario;
estimation of the risk of each fire scenario (combination of the probability of a fire and a quantified
measure of its consequence); ranking of the fire scenarios according to their risk.
The Fire Risk Assessment is performed through the event tree approach, according to ISO-16732
Guidelines. A fire scenario in an event tree is given by a time-sequence path from the initiating condition
through a succession of intervening events to an end-event. Each fire scenario corresponds to a different
branch of the event tree, and the branches collectively comprise or represent all fire scenarios. The
following main events, that may affect the development of the fire, are considered: first aid suppression,
alarm activation (smoke detectors), sprinklers activation, sprinklers suppression, barrier effectiveness.
In Figure 2 the event tree obtained combining the main events and the risk ranking are reported.
Probability of occurrence of each event and consequence value of each fire scenario is obtained both
by direct estimation from available data ([11], [12], [13], [14]) and engineering judgment (see Figure 2 ).
The consequence value is expressed as a fraction of the economic value of the building. For each fire
scenario the relative risk (R) is evaluated by multiplying the measure of the consequence (C) by the
probability of occurrence of the scenario (P):
(1)
R = P⋅C
The highest fire risk is for the Scenario SS7a for which: first aid suppression failed; alarm
activation failed; sprinklers activation failed; barrier effectiveness. Therefore, fire scenario SS7a is a
design fire scenario: the structure is required to “maintain the fire resistance requirements, which ensure
the lack of partial and/or complete structural collapse, for the entire duration of the fire”.
Moreover, another design fire scenario is fire Scenario SS5, characterized by a higher probability of
occurrence, for which limited damages are allowed for the structure.
Finally, secondary events that can be significant are: doors state (open or closed) and windows state
(open or closed). The state of the secondary events will be considered inside the fire model as well as the
location of fire ignition. The post-flashover fire is modelled by one-zone model, which assumes
homogeneous temperature, density, internal energy and pressure of the gas in the compartment.
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Figure 2 Event tree and risk ranking

2.5 Substructure identificationby means of preliminary analyses
In the case study, due to the building’s large size, in order to reduce the computational time the
substructure analysis is adopted, according to Eurocode suggestion. Several preliminary analyses allow
to define the substructures limits and boundary conditions. The aim of the substructure analysis is to
evaluate the structural fire response through the modelling of significant parts of the entire structure. The
designer has the responsibility to choose the substructure in such a way that the hypotheses on the
constant boundary conditions are reasonable and correspond at least to a good approximation of the real
situation [15].
Preliminary analyses are carried out on a 25-storey plane frame extracted from the “Emicicli” zone
(Figure 4); this simplification is possible because the RC slab is designed as simply supported by primary
beams. In these preliminary analyses the structural members are considered without protection systems.
The analyzed frame has been chosen in order to analyze structural members with the maximum degree of
utilization at time t = 0 (Ed,fi/Rd,fi,0). All members (beam-column and beam-concrete wall) are connected
by pinned joints.
The preliminary analyses are carried out adopting the standard time-temperature ISO834 [16], with
the only purpose of defining the substructure, which should represent the global structural behaviour:
really, ISO834 curve allows a direct comparison in term of fire resistance time. Two fire positions are
considered (see Figure 3) in order to evaluate possible column’s buckling phenomenon due to fire
scenarios localized on floors in which there is the change section of the columns.
The considered substructure (see Figure 5) is made by the beam and column exposed to fire and by
the cold column above the compartment, which contributes to translational and rotational constraint of
nodes of exposed structure. Regarding the boundary conditions, the part of structure above the cold
column keeps stiffness, so it’s replaced by rigid restraint. Moreover, vertical displacements of cold
column are allowed in order to transfer the loads from the above structure. Finally, the cold part of
structure below the exposed compartment becomes stiffer than the heated part, so that it is replaced by
rigid restraint. The comparison between thermo-mechanical behaviour of considered substructures and
the 25-storey plane frame one (entire structure) allows to evaluate the validity of the substructure, for
which the thermo-mechanical behaviour is analysed with reference to natural fire curves.
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Analysed frame

Scenario A

Figure 3 The analysed frame

Scenario B

Figure 4 Fire scenarios: possible position along height

As previously said, post-flashover fire is modelled by one-zone model. Numerical fire analyses are
performed by using the non linear software SAFIR2011 [16], developed at the University of Liege
(Belgium). The fire resistance time reported in Figure 5 show that the substructures (one for each fire
scenario) are able to represent the global structural behaviour. The results clearly show that columns are
the weakest element in the structure: in fact failure occurs due to the columns failure. In the preliminary
analyses, the latter are unprotected thin square hollow steel sections (350mmX350mmX12.5mm for
Scenario A and 350mmX350mmX10mm for Scenario B), while a concrete coating protects steel beams
(HE260B) by fire exposure. Column, loaded with constant axial force during fire exposure, fails mainly
due to buckling, that clearly occurs for reduction of steel stiffness and strength produced by heating.
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Figure 5 Analyses results.

Accordingly, analyses results on global structure (see Figure 6) show that the minimum
fire resistance occurs when fire involves the thinnest column (fire scenario B). Really, the latter is
characterized by a section factor (Am/V) bigger than the thickest column: the highest section factor
produces a fast thermal degradation of the thinnest column. As concerns the comparison between
substructure and global structure (see Figure 7), approximately the same time of collapse is attained,
because the stiffness of beams is not able to affect the axial force in the columns.
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2.6 Thermo-mechanical analyses with reference to the selected fire scenarios
Subsequent analyses are carried out on substructure characterized by the thinnest tubular columns
(350mmx350mmx10mm) and HE260B beams (partially encased with concrete). Both steel beams and
columns are protected by gypsum boards.
As previously said, the scenario with the highest risk is Scenario SS7a for which: first aid suppression
failed; alarm activation failed; sprinkler activation failed; barrier effectiveness.
2.6.1 Fire Scenario SS7a -Fire model and structural behaviour
Fire curve (see Figure 9) is obtained by a one-zone model, deduced applying Ozone software [17].
Figure 8 shows the RHR curves obtained in accordance with EN1991-1-2 [2]. The characteristic fire load
densities Q[MJ/m²] is assumed equal to 1000MJ/m2 and 750MJ/m2. The latter, according to office use for
the building, is obtained multiplying the reference value 511 MJ/m2 (80% Fractile as given in Table E.4
of EN1991-1-2 [2]) by the ratio “compartment area/rooms area”.
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Figure 9 Comparison between fire curve and column temperature

b) t = 160 minutes

Figure 10 Bending moment during thermal transient (Q=1000 MJ/m2)
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Heated column suffers indirect actions during fire exposure (Figure 10) such as bending moment due to
beam’s prevented thermal expansion and displacement of the top of heated column. Nevertheless, when
the effect of beam’s prevented thermal expansion is maximum (about 160 minutes, as shown in Figures
14 and 18) displacement and bending moment at the top of the column reduces. As shown in Figure 10
b), the higher stiffness of cold column produces a high bending moment on cold column top. The higher
bending moment on heated column, at the end of the thermal transient, is due to stiffness recover during
the cooling phase. Comparison between normal stress and yielding stress, during fire exposure time,
shows that no significant plastic strains occur in heated column (see Figures 12 and 16).
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Figure 14 Axial force in heated beam (Q=750 MJ/m2)
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Figure 13 Axial force and Resistance capacity to combined
compression and flexure on heated column (Q=750 MJ/m2)
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Figure 16 Comparison between normal stress, proportionality
limit and yielding stress in heated column (Q=1000 MJ/m2)
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Comparison between stress and resistance in heated column, when the load density is considered
equal to 750 MJ/m2, shows that bending moment and axial force are less than resistance capacity to
combined compression and flexure (see Figures 11 and 13).
When the load density is considered equal to 1000 MJ/m2, column is very close to collapse condition
(see Figures 15 and 17), but failure doesn’t occur.
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Figure 17 Axial force and Resistance capacity to combined
compression and flexure in heated column (Q=1000 MJ/m2)

Figure 18 Axial force in heated beam (Q=1000 MJ/m2)

2.6.2 Fire Scenario SS5 - Fire model and structural behaviour
Fire scenario SS5 is considered in order to evaluate the effect of the sprinkler activation on the
structure. As shown in Figure 19 the fire is extinguished and the heat release rate decreases to zero after
some decreasing time [18]. The load density considered is equal to 1000 MJ/m2. Therefore, in the
following is considered the most conservative event in which the fire is simply controlled by the
extinguishing agent, the increase of heat release rate is stopped and the fire continues to burn at a constant
rate [18] (see Figure 19). In the case in which the fire is controlled by the sprinkler system, the duration
of the fire is obtained by an equivalence of the area under curve between this scenario and the ones in
which the sprinkler system fails.
2.6.3 Fire Scenario SS6a - Fire model and structural behaviour
Thermal behaviour is very similar to the case in which sprinkler activation fails. In fact, comparison
between fire scenarios SS7a and SS6a shows that column’s temperature achieves approximately the same
temperatures, as shown in Figure 20. Therefore, approximately the same structural behaviour is attained.
5
4.5

RHR (MW)

1200
Q=1000 MJ/m2

Temperature [ C]

1100

fire model
column's temperature
Q=1000 MJ/m2

1000

4

900

Q=1000 MJ/m2 (fire
controlled by sprinkler
activation)

3.5
3

700

2.5

600

2

500

fire estinguished by
sprinkler activation

1.5

Q=1000 MJ/m2 (fire
controlled by sprinkler
activation)

800

fire estinguished by
sprinkler activation

400
300

1

200

0.5

100

0
0

Time [min]
25 50 75 100 125 150 175 200 225 250
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Figure 20 Comparison between fire curve and column temperature
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Figure 21 Bending moments and Resistance capacity to combined
compression and flexure on heated column (Q=1000 MJ/m2)
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Figure 24 Axial force in heated beam (Q=1000 MJ/m2)

Figure 23 Bending stress and Resistance capacity to combined
compression and flexure on heated column (Q=1000 MJ/m2)

4 CONCLUSIONS
This paper is devoted to the application of Structural Fire Engineering (according to Italian and
European Codes) to a tower of an existing tall building. The tower, with use office, is 101.00m high and
has 29-storeys above the ground; the main structure is realised with a reinforced concrete central core and
perimeter steel beams and columns.
In the presented case study, the objective of fire safety assessment concerns the mechanical resistance
and stability in fire situation of the tower. In agreement with Fire Brigade and building’s Owner, the
performance level assumed for fire safety check of the structure is: “maintaining of the fire resistance
requirements, which ensure the lack of partial and/or complete structural collapse, for the entire duration
of the fire”. In addition, only with reference to the most probable fire scenarios, a limited structural
damage after the fire exposure is also required.
The identification of design fire scenarios is carried out by means of Fire Risk Assessment, applying
the event tree approach according to ISO-16732 Guidelines. A fire scenario is given by a time-sequence
path from the initiating condition through a succession of intervening events to an end-event. Each fire
scenario corresponds to a different branch of the event tree, and the branches collectively comprise or
represent all fire scenarios. The main events taken into account in the risk assessment, affecting the fire
development, are: first aid suppression; alarm activation (smoke detectors); sprinklers activation;
sprinklers suppression; barrier effectiveness. Moreover, the following secondary events can be
significant: doors state; windows state. The latter are taken into account inside the fire model as well as
the location of fire ignition.
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The fire development is modelled by one-zone model, which assumes homogeneous temperature,
density, internal energy and pressure of the gas in the compartment, implemented in Ozone software.
In order to evaluate the structural fire safety, Italian and European Codes allow the global structural
analysis, the analysis of part of the structure (substructure analysis) and the analysis of a member (single
member analysis). In this case study, due to the building’s large size, in order to reduce the computational
time the substructure analysis is adopted. The static scheme of building analysed allows to define simple
substructures able to represent the global structural behaviour. It should be noted that the structural static
scheme doesn’t produce significant indirect actions on column.
Analyses results of the most probable fire scenario (SS7a) show that, when the load density is
considered equal to 1000 MJ/m2, column is very close to collapse condition, but failure doesn’t occur.
The case in which the fire is controlled by the extinguishing agent is considered. In this case, the increase
of heat release rate is stopped and the fire continues to burn at a constant rate. Analysis result shows that
structural behaviour is similar to the case in which sprinkler activation fails. In fact, the comparison
between fire scenarios SS7a and SS6a shows that structural element achieves approximately the same
temperatures.
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Abstract. On Tuesday 22 February 2011, a 6.3 magnitude earthquake struck Christchurch, New
Zealand’s second largest city. The ‘earthquake’ was in fact an aftershock to an earlier 7.1 magnitude
earthquake that had occurred on Saturday 4 September 2010. There were a number of key differences
between the two events that meant they had dramatically different results for Christchurch and its
inhabitants. The 22 February 2011 event resulted in one of New Zealand’s worst natural disasters on
record, with 185 fatalities occurring and hundreds more being injured. In addition, a large number of
buildings either collapsed or were damaged to the point where they needed to be totally demolished.
Since the initial earthquake in September 2010, a large amount of building-related research has been
initiated in New Zealand to investigate the impact of the series of seismic events – the major focus of
these research projects has been on seismic, structural and geotechnical engineering matters. One
project, however, conducted jointly by the University of Canterbury, the Fire Protection Association of
New Zealand and BRANZ, has focused on the performance of fire protection systems in the earthquakes
and the effectiveness of the systems in the event of post-earthquake fires occurring. Fortunately, very few
fires actually broke out following the series of earthquake events in Christchurch, but fire after
earthquakes still has significant implications for the built environment in New Zealand, and the
collaborative research has provided some invaluable insight into the potential threat posed by postearthquake fires in buildings. As well as summarising the damage caused to fire protection systems, this
paper discusses the flow-on effect for designing structures to withstand post-earthquake fires. One of the
underlying issues that will be explored is the existing regulatory framework in New Zealand whereby
structural earthquake design and structural design for fire are treated as discrete design scenarios.

1 INTRODUCTION
When earthquakes occur, there are usually three key statistics quoted in the news media to
characterise the event, namely the magnitude, the location (often referred to as the epicentre) and the
depth of the earthquake below the earth’s surface. It is generally the case that, the greater the magnitude,
the closer the proximity of the epicentre, and the shallower the earthquake, then the greater the damage to
buildings. The time of day that the earthquake occurs is also often quoted in news reports. While the
former three parameters have a direct bearing on the damage that buildings will sustain and, indirectly,
injuries and fatalities, the timing of an earthquake can have a dramatic bearing on the number of
casualties.
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The focus of this paper is the initial earthquake in the series, which occurred at 4.35 am on Saturday 4
September 2010, and a subsequent major aftershock, which occurred at 12.51 pm on Tuesday 22
February 2011. The September 2010 event had a magnitude of 7.1 and was centred 40 km to the west of
the Christchurch central business district (CBD), near the rural town of Darfield, at a depth of 10 km. The
aftershock in February 2011 had a magnitude of 6.3 and was centred 10 km south-east of the CBD near
the port suburb of Lyttelton, at a depth of 5 km [1].
1.1 Darfield earthquake – September 2010
The key difference between the two seismic events was the proximity to the CBD area and, to a lesser
extent, the depth of the earthquakes, which had a dramatic effect on the level of ground shaking that
occurred. Earthquake ground shaking is measured in terms of acceleration, which is expressed as a
proportion of the gravitational acceleration, g. In the September 2010 event, the impact was widespread
and severe, but no major modern buildings collapsed and there was no loss of life. There was substantial
damage to unreinforced masonry buildings in the CBD area, with the major hazard being falling masonry,
but because of the time of day the earthquake occurred, there was no loss of life [1].

(a)
(b)
Figure 1. Peak ground accelerations: (a) September 2010; (b) February 2011 (courtesy GNS Science).

Figure 1(a) shows the horizontal and vertical peak ground accelerations (PGAs), which were recorded
by a network of accelerometer measuring stations in and around Christchurch, for the September 2010
event. In the CBD area (shaded black in the centre of Fig. 1(a)), the PGAs are approximately 0.2–0.3 g.
1.2 Lyttelton aftershock – February 2011
In the February 2011 aftershock, severe damage occurred to buildings in the CBD and in eastern and
southern suburbs. A large proportion of modern commercial buildings in the CBD area were significantly
damaged, and many (older) unreinforced masonry buildings collapsed. At least two multi-storey buildings
collapsed, and precast concrete stairs collapsed in at least four modern multi-storey buildings [1].
The vertical PGAs in the epicentral area were in the range 1.8–2.2 g – amongst the highest ever
recorded in an urban area. The relatively short duration of the aftershock moderated the PGAs in the CBD
area, where the vertical PGAs were in the range 0.5–0.8 g, as shown in Fig. 1(b). The horizontal PGAs
near the epicentre exceeded 1.6 g, and in the CBD were between 0.4–0.7g [1].
1.3 Seismic design
In a structural engineering context, buildings are designed to resist a combination of actions such as
self-weight (dead), superimposed (live), snow, wind and earthquake loads. When these design actions are
dominated by seismic forces, the building design is known as ‘seismic design’. Seismic loading is a lowlikelihood/high-consequence scenario, and it is therefore uneconomic to design buildings for the
maximum likely ground motion. Generally, therefore, buildings are designed to respond inelastically to
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the ground motion but allowing sufficient ductility to prevent collapse [2]. Essentially this design
approach seeks to prevent structural collapse, but accepting that significant, even irreparable, damage is
likely to occur [1].
In New Zealand, buildings are designed in accordance with the seismic loadings standard [3], which
is cited in the compliance document for New Zealand Building Code (NZBC) clause B1 Structure [4],
using the limit state design method. The ultimate limit state (ULS) is achieved when there is a very low
risk of: 1) structural collapse; 2) failure of parts or elements of the building that would be life threatening;
or 3) failure of parts or elements whose function is critical for safe evacuation [5]. The annual probability
of exceedance [6] for the ULS for a normal use building is 1/500 (500-year return period), i.e. these
buildings are designed for earthquake ground shaking intensities expected to occur, on average, not more
than once every 500 years [1]. For important buildings such as hospitals and the like, the corresponding
threshold is 1/2500.
In Fig. 2, the elastic design spectrum (horizontal) from the seismic loadings standard [3] are shown
for both a 1/500 and a 1/2500 event for the ULS, as well as spectral accelerations (horizontal) for the
February 2011 event from four measuring stations around the perimeter of the CBD area. It can be seen
from Fig. 2 that, for normal use buildings in particular, the ground accelerations in and around the CBD
exceeded the level required by the NZBC. The specific requirements in the seismic loadings standard to
design for vertical acceleration are less stringent than the horizontal action. With regard to period, typical
commercial/industrial buildings would be in the range 0.5–1.5 s.
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Figure 2. Design spectrum and recorded accelerations – February 2011 (recorded data courtesy GNS Science).

2 POST-EARTHQUAKE FIRES
Large fires in urban areas following earthquake are relatively rare events. The two largest postearthquake fires in urban areas of the 20th century occurred in San Francisco, US, in 1906 and Kanto,
Japan, in 1923 [7,8]. The 1906 San Francisco earthquake was magnitude 7.9, and there was a death toll of
more than 3000 people. Eighty percent of the damage was due to fire, amounting to a burnt area of 12.2
km2 and 28,000 buildings. In the 1923 Kanto earthquake, the magnitude 8.2 event resulted in 140,000
fatalities and a burnt area of 38.3 km2 [7].
2.1 Northridge and Kobe earthquakes
In the later part of the 20th century, significant research has occurred in response to the postearthquake fires that resulted from the 1994 Northridge (California), US, earthquake, as well as the Kobe
(also known as the Great Hanshin or Great Hanshin-Awaji), Japan, earthquake in 1995 [7–13]. The two
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earthquakes had a number of similarities such as magnitude, ground motions, affected population, time of
day and season – the post-earthquake fire losses were quite different, however [9]. The Northridge
earthquake was magnitude 6.7, and approximately 110 earthquake-related fires were reported, but
relatively small post-earthquake fire losses occurred. The Kobe earthquake was magnitude 6.9, and
approximately 200 (109 in Kobe City and 96 in cities other than Kobe) earthquake-related fires broke
out, but the resulting damage was much more extensive [9–11].
In the Northridge earthquake, the majority of the earthquake-related fires occurred in the epicentral
area of the San Fernando Valley [9,12]. Initially, the principal cause related to gas leaks [10,12], but
subsequently, the major cause of ignition was electrical arcing as a result of short circuits [9]. In the Kobe
earthquake, 43 percent of the total number of earthquake-related fires broke out within the first quarter
hour and a further 42 percent in the next 4-hour period, with the balance of 15 percent over the remaining
hours up until 24 hours after the event. In the initial quarter-hour period, the primary cause of ignition
was due to gas leakage, but in subsequent hours, the primary cause of ignition was electrical as the
electricity reticulation system was restored.
In the Northridge earthquake, between 1500 [13] and 3000 [9] leaks occurred to underground water
reticulation pipes, while pump stations and storage tanks also sustained damage. This resulted in a
shortage of firefighting water following the earthquake. Water tenders made up the shortfall, and also
water was drawn from domestic swimming pools [9]. In the Kobe area, firefighting water was primarily
supplied from the city water system. Seismic shut-off valves at reservoirs, for the purpose of conserving
firefighting water in the event of earthquake, operated effectively, but approximately 2000 breaks in the
reticulation system hampered the use of this water. The city also had approximately 1000 underground
cisterns for disaster firefighting – in combination, these systems provided firefighting water for only 2–3
hours [9].
In the Northridge earthquake, virtually all earthquake-related fires were confined to the building of
fire origin with only three instances of building-to-building fire spread in mobile-home parks [12]. All
fires were brought under control within several hours of the earthquake [9]. The combination of light
prevailing winds, building construction, building separation and Fire Service intervention were all
contributory factors [12]. In contrast, in Kobe, major conflagrations occurred, and fires spread
extensively. The response of the Fire Service was hampered by extreme traffic congestion, collapsed
houses and buildings, and rubble in the streets, meaning that many areas had no vehicular access. Fire
spread was via radiant heat and flame impingement between buildings, but because the wind was calm,
the advance of fire fronts was slow. These factors, combined with the lack of firefighting water, resulted
in damage to approximately 5000 buildings over a total estimated area of 1 km2 [9].

3 PERFORMANCE OF FIRE PROTECTION SYSTEMS IN CHRISTCHURCH
EARTHQUAKES
The recent earthquake series in Christchurch, New Zealand, has provided an opportunity to
investigate the seismic resilience of fire protection systems. A collaborative research project involving the
University of Canterbury, the Fire Protection Association of New Zealand (FPANZ) and BRANZ was
therefore initiated in 2011 to investigate the performance of fire protection systems in the recent
earthquake events. Although no significant fires occurred after the September 2010 and February 2011
earthquakes, very useful information was able to be gathered. In this context, the term ‘active fire
protection’ relates to detectors, alarms and fire sprinkler systems, while ‘passive fire protection’ relates to
items such as fire-rated compartmentation systems, fire doors, fire-stopping systems, fire-rated coatings
on structural elements and the like.
3.1 Active fire protection systems
In the aftermath of both the September 2010 and February 2011 earthquakes, inspections of active
fire protection systems were conducted in affected buildings in and around the city of Christchurch. With
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regard to fire sprinkler systems, there are two main issues relevant to post-earthquake performance –
whether the water supply had been disrupted and whether systems have been damaged.
In the Christchurch CBD, some sprinkler systems were required to have dual supplies due to the
building height as a requirement of the automatic fire sprinkler standard [14] of the day. In most cases,
the second supply was an additional independent connection to the mains water supply. In the September
2010 earthquake, water supply to the CBD area was temporarily disrupted but restored within a relatively
short period of time. In the February 2011 event, however, the mains water supply to the CBD area
suffered significant disruption. The most seriously affected central area (the ‘red zone’) was evacuated
and more than a year later is still unoccupied as demolition work continues, and the water supply has not
been restored. In commercial/industrial areas surrounding the red zone, the mains water supply took days
or weeks to be restored.
In areas of the city away from the CBD and in surrounding rural areas, water tanks are often either the
only water supply or form part of a dual water supply for fire sprinkler systems. Up until the 1980s, these
tanks were mostly of concrete construction, and they generally performed well in the earthquakes.

(a)
(b)
(c)
Figure 3. Timber stave water tanks: (a) typical tank c. 1980s; (b) collapsed tank; (c) damaged tank (courtesy FPANZ).

In the 1980s and 1990s, the construction method was mostly timber stave tanks, with an example
shown in Fig. 3(a). A significant number of the timber stave tanks were damaged and a number suffered
catastrophic failures. In Fig. 3(b), a timber stave tank has collapsed, while in Fig. 3(c), the tank has
moved sufficiently to pinch the bladder in the tank and release all the water.

(a)
(b)
(c)
Figure 4. Steel water tanks: (a) collapsed tank; (b) damaged tank; (c) failed base fixings (courtesy FPANZ).

In the late 1990s, steel panel tanks became the norm. The performance of these tanks in the
earthquakes was similar to the earlier timber stave tanks, with a collapsed steel tank shown in Fig. 4(a), a
damaged tank in Fig. 4(b) and failed base fixings in Fig. 4(c).
A range of damage to fire sprinkler systems was observed following the 2010 and 2011 earthquakes
in Christchurch. Some fire sprinkler systems require a booster pump to boost either the town’s main
reticulation or tank supplies. In a number of cases, the basements where these pumps are generally housed
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were flooded, and the pumps were rendered inoperable. In Fig. 5(a), the water level is shown in the
foreground on a column, which submerged the booster pump system in the background.

(a)
(b)
Figure 5. Sprinkler system damage: (a) flooded basement; (b) collapsed ceiling (courtesy FPANZ).

Figure 5(b) shows a suspended ceiling where the lining has collapsed – in a number of cases, damage
to sprinkler systems was observed where non-structural components and systems had collapsed, but in the
centre of Fig. 5(b), the sprinkler head has actually remained operable.
In a number of cases, the roof cross-bracing in low-rise commercial buildings caused damage to
sprinkler fittings. Figure 6(a) shows sprinkler heads that have been sheared off as steel angle crossbracing has moved backwards and forwards in response to the cyclic earthquake ground motion, while
Fig. 6(b) shows damage to sprinkler pipework due to vertical movement of steel cross-bracing ‘pounding’
the pipework.

(a)
(b)
Figure 6. Sprinkler component damage: (a) sprinkler heads sheared off; (b) pipe work damage (courtesy FPANZ).

(a)
(b)
Figure 7. Sprinkler systems: (a) pipework support; (b) collapsed racking system (courtesy FPANZ).

28

Gregory B. Baker, Peter C.R. Collier, Anthony K. Abu and Brent J. Houston

The 1996 edition of the automatic fire sprinkler systems standard introduced requirements for seismic
design of sprinkler systems, and as a result, modern pipe systems performed well in the 2010/2011
earthquakes, as shown in Fig. 7(a). A number of racking systems collapsed in the earthquakes, and where
in-rack sprinkler systems were present, these also suffered damage, as shown in Fig. 7(b).
Whereas only some types of commercial/industrial buildings require sprinkler systems, the vast
majority require a fire alarm system. The most obvious issue identified during the course of the research
related to alarm system cable routing. It was apparent that very little, if any, attention had been paid to the
consequences of seismic movement of buildings when installing fire alarm cabling. Damage was observed
where cabling passed through holes in or around cut edges of structural and secondary steelwork. Another
example of damage to alarm cabling was where cyclic movement of building elements such as concrete
tilt-up wall panels crushed cabling, as shown in Fig. 8.

Figure 8. Crushed alarm cabling (courtesy FPANZ).

Although very few fires actually occurred in both the September 2010 and February 2011
earthquakes, 600 and 450+ ‘fire’ notifications respectively where received from fire protection systems
connected to the NZ Fire Service. (Note: the actual number of fire alarm notifications in February 2011
was probably significantly higher, but the serious damage affected the alarm transportation network.)
These figures related to systems signalling a ‘fire’ condition, but the instances of other off-normal
notifications from the respective systems increased this number to approximately 10,000.
3.2 Passive fire protection systems
Following the February 2011 earthquake, a series of inspections of passive fire protection systems in
buildings were carried out. In some buildings, the damage had been so extensive that the passive fire
protection was destroyed. The focus of the investigation was on damage in the low-to-medium range, i.e.
where the building was structurally safe but where damage to passive fire protection had occurred, so that
the impact of earthquake actions on passive fire protection could be quantified.
Fire doors were one area of focus for the site inspections, with a range of damage being observed. In
Fig. 9(a), the gap down the door jamb has increased from 2–3 mm originally to 4–16 mm after the
earthquake, while Fig. 9(b) shows damage to the fire-rated lining at the head of the door and Fig. 9(c)
shows a 7 mm gap between the lining and door frame.
In a number of instances, damage to fire-rated walls was observed, as shown in Fig. 10. Figure 10(a)
shows fire-rated lining having separated from the framing, Fig. 10(b) shows a wall-to-wall internal corner
junction where a 15 mm gap has opened up in a fire-rated escape stairwell, and Fig. 10(c) shows the
underside of a precast concrete stair where the junction to the fire-rated wall beneath has been crushed by
earthquake-induced motion.
Inspection of concrete tilt-up wall panels in low-rise industrial buildings showed separation of firerated sealant joints, as shown in Fig. 11(a)–(c), increasing the risk of fire spread to neighbouring
properties.
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(a)
(b)
(c)
Figure 9. Fire door damage: (a) gap around door leaf; (b) diagonal crack; (c) gap between frame and lining.

(a)
(b)
(c)
Figure 10. Compartmentation damage: (a) fire-rated wall; (b) stairwell; (c) stair soffit.

(a)
(b)
(c)
Figure 11. External walls: (a) wall corner junction; (b) wall panel butt joint; (c) wall panel butt joint.

4 STRUCTURAL DESIGN FOR FIRE
In New Zealand, there is a heavy reliance on fire sprinklers as part of the fire safety strategy in
buildings. Based on very high levels of historic reliability [15] and comprehensive procedures for design,
certification, inspections and maintenance, dispensations are given to the level of passive fire protection
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systems when fire sprinklers are present. In many situations, a 50 percent reduction is permitted, for
example, if a 2-hour fire resistance rating is required without sprinklers, a 1-hour rating is permitted when
sprinklers are present [16].
In the February 2011 earthquake in particular, the municipal water supply was seriously disrupted. At
the same time, approximately 40 percent of water tanks for supplying sprinkler systems were damaged –
primarily timber stave and steel tanks of large diameter and volume. This would have meant that, if postearthquake fires had broken out, the majority of sprinkler systems would have had no water supply, and
the systems would have been largely ineffective.
The fire dynamics of post-earthquake fires is also likely to be different to typical fires in that the fuel
is likely to be spread over a wider area, item-to-item fire spread is likely to be more rapid and glazing is
likely to have been broken by the earthquake, thus providing additional ventilation. At the same time,
compartmentation is likely to have been breached, thus allowing the fire to spread more rapidly to involve
fuel that otherwise would not become involved so soon. In addition, there is likely to be a significantly
reduced Fire Service response.
These factors in combination mean that earthquake-induced fires are likely to grow more quickly to
high levels of heat output, i.e. have a greater severity, and have a longer duration. Where reductions in
passive fire resistance ratings have also occurred, based on sprinkler systems being present, structural
elements are likely to have to endure fire exposures that are of greater severity and for significantly longer
periods of time than the elements were designed to withstand.
At the same time, it is also likely that passive fire protection to the member has been damaged. For
reinforced concrete sections, the concrete cover, which provides passive fire protection to the steel
reinforcing bars, is likely to have been badly damaged, exposing reinforcing, particularly in plastic hinge
zones. For structural steel members, examples were observed during inspections where protective
coatings had been damaged by earthquake-induced movement. In a general sense, structural elements in
buildings that have been subjected to a design-level earthquake are going to have suffered significant
damage, which weakens the members. This means that the structure of buildings is more vulnerable to
fire-induced collapse than would be the case in non-earthquake fires.
The recommendation is that changes to two aspects of current practice be considered by the building
regulator:
1. A sliding scale of reduction in fire resistance ratings when sprinklers are present be applied,
i.e. a 50 percent reduction in areas of lowest seismic risk, up to 0 percent in areas of highest
seismic risk.
2. Design fire scenarios, commensurate with the seismic zoning, where compartmentation has
failed and egress routes compromised, thus becoming more onerous from an evacuation
perspective, become mandatory

5 CONCLUSIONS
The fact that no significant fires occurred after the September 2010 and February 2011 earthquakes
was due to a number of factors such as the time of day (reduced ignition sources from cooking), the time
of year of the February earthquake being summertime (no ignition sources from space heating), and the
low level of reticulated gas in Christchurch. Active fire protection systems still have an important role to
play in post-earthquake fire safety. Therefore, in addition to the recommendations presented in Section 4
relating to structural design for fire, a number of relevant conclusions can still be drawn about the postearthquake performance of active fire protection systems, based on the research reported in this paper:
1. Alternative strategies need to be considered to ensure the sprinkler water supply from in
situ tanks is more reliable in the event of earthquakes and consideration needs to be given
to retrospective upgrading based on individual risk assessment.
2. Alternatives to dual mains supply for existing sprinkler systems need to be considered (now
not permitted by the 2007 edition of the automatic fire sprinkler standard).
3. Fire pump systems need to be installed so as to minimise the risk from basements flooding.
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4.
5.

Trade practice with regard to routing of fire alarm cabling needs to be improved.
The seismic resilience of non-structural components and systems generally needs to be
reviewed.
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Abstract. The objective of this article is the illustration of the calculation of natural fires and
fire resistance of structural members based on the Eurocodes of two types of special structures,
in this case a railway bridge and two airplane hangars. The railway bridge has a width of
nearly 70 meters and consists of steel beams and a massive concrete slab that are supported by
massive columns and walls and for that reason can be compared to a tunnel. The load-bearing
structure of the roof of the hangars is made of steel and is supported by steel columns. The
choice of a fire scenario on the safe side is crucial for the design process of the unprotected
steel structure.

1 INTRODUCTION
Improvements in performance-based design allow for a more realistic and cost effective fire safety
design of structures. Within the year 2012, the fire parts of the Eurocodes and the included methods for
the calculation of natural fires and the resistance to fire of structural members are introduced into the
German building laws. For that reason the application of these methods is generally permitted by the
authorities having jurisdiction (AHJ) and it can be assumed that they will become more and more
important in years to come. The usage of natural fires is the largest opportunity for cost-savings in the
design of structural fire protection due to the differences between standardized temperature time curves
and natural fires. This is even more important with large special structures made of steel due to the high
resistance required of the structural members of such structures in Germany.
The structural analysis of fire protection for the entire structure finds one's way into the constructive
design of buildings. Under specific conditions it is possible to design unprotected steel constructions with
sufficient fire resistance.
Thereby simplified or general calculation methods of the according European standards for structural
fire safety design can be used, depending on application case. To adopt this method of calculation finite
element analysis is required, which considers nonlinear material properties and nonlinear thermal loads in
structural elements. In this contribution the application of these methods using the FE-program ANSYS
shall be described by means of two types of realistic building projects.

2 GENERAL PROCEDURE
The first step in fire safety design is the definition of design fires in the form of heat-release-time
curves specially adapted to the building in question and the relevant fire scenarios. Subsequently, the
effects of a design fire on a building and its load bearing structure are evaluated using simulation models,
depending on the complexity of the building with zone or CFD-models. The temperatures calculated in
these analyses are the basis of the simplified and advanced calculation methods of the Eurocodes.
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In Germany the fire safety design of large railway structures like tunnels and stations can rely on
special pre-defined design fires that were developed by the German railway services on the basis of
Eurocode 1-1-2 [1] and the specific geometric properties and fire loads of typical train cars.
Design fires for buildings like airplane hangars are not standardized in Germany and have to be
derived for the special case. Similar to the design fires for train cars, the special geometric properties (like
width and height of airplanes) are taken into account.

3 PROJECT EXAMPLE: TRAIN STATION “OSTKREUZ” IN BERLIN
3.1 Description of the Construction
The building in consideration is a crossing station in the city of Berlin, where the S-Bahn and long
distance train lines intersect on two levels (see figure 1). The platform and the tracks supports of the
upper level are made from steel girder grids supporting a concrete slab. The girders are single span beams
carried by solid supports and supporting walls. The width of the superstructure is approx. 70 m and has
almost the dimension of a tunnel. It spans the lower part of the station that is divided into several
segments. Here the passenger waiting areas for the long distance trains are located.
A burning train located directly below the superstructure carrier represents the worst case fire
scenario. The main task for the fire safety design of the superstructure was to prove that the steel parts of
the structure withstand the effects of a fire long enough without loss of load carrying capacity and to
devoid fire protection measures such as covering or coating.

Figure 1. Crossing station in Berlin with overlapping platforms (Source: Deutsche Bahn)

The heat generation on the platform level was to be simulated using a CFD simulation on the basis of
a fire scenario of a train on fire. The calculated temperatures were used as input variable for the thermal
analysis simulating the warming of the supporting structure.
In a subsequent mechanical analysis the structural behaviour was calculated taking into account the
warming of the structure and the resulting thermal strain and stresses. The thermal and mechanical
analysis, conducted with the help of ANSYS, is based on the advanced calculating procedures of
Eurocode 1 Part 1-2 [1] and Eurocode 3 Part 1-2 [2].
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3.2 Fire Scenarios and Design Fires
By means of a CFD simulation (computational fluid dynamics) the determination of temperature over
the period of the fire is calculated using the program FDS [3].
The simulation model includes the lower platform with the relevant surrounding components. The top
of the model area is formed by the superstructure of the rails and passenger bridges and consist of steel
carrier parts and concrete slabs. A typical train car with the corresponding geometric dimensions and fire
loads has been used as the source of the fire for the platform model. Fig. 2 shows the characteristics of the
heat release rate for the scheduled fire scenario.

Figure 2. Characteristics of the applied heat release rate [4]

From the evaluation of the individual results of the CFD simulation the maximum time-temperaturecurve was filtered out and used as a natural fire time-curve for the thermal analysis of the structure. In
Fig. 3 the relevant time-temperature-curve of the train fire is shown. This time-temperature curve has
been measured at the open carriage door one metre above the roof of the car.
Maximum fire temperature

Time [min]
Figure 3. Development of the maximum fire temperature
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The time period during which temperatures > 200 °C act on the structure, is approx. 25 minutes. At
the time of the maximum impact 950 ° C are reached for a short time. For comparison, the uniformtemperature-time-curve (UTTC) is also shown in Fig 3. It is clearly to be seen that the influence of the
fire room temperature due to the natural fire is much lower. The peak of the natural fire curve exceeds the
course of the UTTC briefly and reaches its maximum earlier than the standard fire curve, but for the
duration of the entire fire the UTTC is significantly greater than the relevant natural fire curve of
simulated train fire.
3.3 Model of the Construction
The structure of the station bridge consists of single-spanned elements from one supporting wall to
the other that form a support for the rails and the platform. Since the single-spanned girder grids are not
mutually coupled and thus have no static interactions, they can be considered individually in terms of the
thermal loads. The girder grid with the largest static load was chosen for the fire calculation and was
considered as relevant for the evaluation of the fire resistance for the entire station structure. Fig. 4 shows
the three-dimensional structural model of a girder grid which is 28 m long and 17 m wide. The
longitudinal beams consist of hollow box sections with an average height of 1.50 m. The cross members
between the side rails are made up of HEA profiles. Their arrangement is interrupted in the middle of the
grid, because here the staircases of the platform are situated. The concrete slab that is designed as a
composite panel is located on the girder grid. The thickness of the slab is very low, so the static effect
could be neglected and is therefore not included in the model for the mechanical analysis.

Figure 4. Three-dimensional model of the steel girder grid of the platform level

The fire scenario of the train is situated on the lower platform below the girder and is orientated
parallel to the cross members. In this way the direct impact of the fire occurs only on one side of the
girder grid and heats only certain parts of the structure. Since the floor plan of the girder grid is
trapezoidal, the beam section with the long cross-carrier dimensions was used for the calculation (in the
image from the left upper section of the grate to the stair hole of the slab).
3.4 Thermal Analysis
The thermal analysis was performed with the FE program ANSYS. Fig. 5 shows the temperaturetime-curve in the cross-section of a cross beam.
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Time [min]
Figure 5. Temperature-time-curve of a selected cross section

The component temperatures measured were applied as thermal loads to the elements of the 3D
model. It was assumed that the temperatures over the height of the beams are uniform, so that equal
values for bottom, rib and upper flanges could be used.
3.5 Mechanical Analysis
The mechanical analysis examined the load bearing and deformation behaviour of the construction.
The temperatures acting on the structure over the duration of the fire, as well as the mechanical loads and
the non-linear temperature-dependent material properties were taken into account.
For the description of the failure state of a loaded structure, it is necessary to define failure criteria.
Steel and reinforced concrete construction parts, consisting of ductile materials, do not generally fail by a
brittle fracture. The failure of these components is introduced by a rapid growth of deformations. During
an international research project in Cardington, where the load behaviour of steel composite structures
was investigated in 1: 1 scale, a failure criterion of a maximum deflection of ucrit = l / 20 was defined [6].
In fire tests conducted according to [5] on statically determined storage components stressed wholly
or mainly by bending, failure is defined by the so-called Ryan Robertson criterion of the permissible
deflection speed. Ryan and Robertson noted in [7] after numerous fire tests on members of steel and
reinforced concrete construction subjected to bending that after reaching the critical speed of deflection,
failure occurs by sudden growth of the deflections.
Δf / Δt = l² / (9000 · h)
with:

Δf
Δt
l
h

(1)

Deflection interval [cm] during a time interval of 1 min,
Time interval of 1 min,
Effective span of the element [cm],
Static height of the element [cm].

The two aforementioned failure criteria were used in assessing the fire resistance of the construction
of the train station. When one of the two criteria is reached, it is assumed that the integrity of the loadbearing structure is exhausted.
Fig. 6 shows the vertical deformation of the loaded cross member over the period of fire exposure. It
is clearly visible how the course of the deformations corresponds with the natural fire curve of the thermal
load (fig. 5). At the end of the fire, the influences of the temperatures on the load-bearing structure are
getting smaller and the deformations are reduced.
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Time [min]
Figure 6. Deformation of the cross-members during the time of the fire

The calculations showed that the failure criteria of the distortion were met over the entire period of
stress. In the early stages of the fire, great stress is applied on the structure by the heating of the steel
without decreasing its strength. As a result, the internal stresses rise, caused by the obstruction of the free
formability. When 300 °C are reached, the bending stiffness and strength of the steel begin to decrease so
that the resistance of the structural member is reduced and deformations increase subsequently.
The results of the simulation show that the girder grid made from unprotected steel resists a natural
train fire with temperatures above 900 °C and does not fail in the event of a fire. No fire protection
measures such as insulating surface protection for the steel are required.

4 PROJECT EXAMPLE: AIRCRAFT HANGAR
4.1 Description of the Construction
The hangar discussed here has the outer dimensions of 83.40 m width and 77.60 m depth and thus an
inner area of approximately 6,472 m². The hangar has a horizontally orientated roof, which is supported
by an external two truss girders on steel supports that are located on the outside. A secondary internal
load-bearing system is attached below the main load-bearing elements. The hangar has a medium interior
height of approximately 18.10 m, the height of the lower edge of the secondary load bearing structure is
15.25 m.
4.2 Safety Objectives
Alike to the train station, the main objective that has to be fulfilled by the fire safety design of the
construction was a sufficient structural safety in case of fire. As a basis of the analysis, the definition of a
design fire and fire scenarios is very important. The largest airplane that will be maintained in the hangar
case will be a Boing B747, which has a maximum height of approx. 10 m at the top of the cabin.
The results from CFD-Simulations should be used for the structural fire design of the steel structure
according to the simplified calculation procedures of Eurocode 3 (columns and roof structure). The
objective was to use the least possible amount of fire protection measures.
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4.3 Fire Scenarios
Various aircrafts are to be serviced in the hangar. To demonstrate the stability of the load bearing
structure of the roof, it is the worst case to assume that the fire occurs as high as possible in the building.
The following scenarios were used:
x
Scenario 1: fire in the cabin of a B747-400 with participation of part of the wings (plastics
and kerosene fire), fire surface 100 m², fires in a height of approx. 6 m.
x
Scenario 2: cabin fire in a B747-400 in the upper-deck (plastics) without participation of the
wings, fire area 50 m², fires in a height of approx. 8 m.
x
Scenario 3: local fire, for example larger car or a similar major technical device or storage
good, fire area 10 m², fires at a height of 4.0 m.
4.4 Design Fires
To ensure design fires on the safe side, the relevant input parameters must be adopted conservatively,
so that all relevant fire events are covered.
With regard to the course of the heat release rate, it is assumed that the fire does not extinguish after
the depletion of the fire load but will remain at the maximum rate of the heat release. For that reason, only
the nature of the fire load, but not the amount is significant the for the fire safety design.
The safety objectives in the building will be proven when a stationary state, i.e. a balance of the
energy supplied by the fire and the energy dissipated by the smoke and heat exhaust measures is reached.
In all fire scenarios extinguishing measures, for example, by the extinguishing system or the airport fire
brigade, are not considered to have a direct effect on the heat release rate. They are accounted for
conservatively by the partial factor γ fi,HRR according to [1].
Due to the fact that a fire develops higher temperatures if it burns with a high heat release rate
concentrated in a small area and on the other hand a higher smoke gas production occurs in a larger fire
area, the realistic fire areas mentioned above are chosen for the aircraft fire scenarios.
According to the literature such as the [7], area-specific heat release rates of between 150 kW/m² and
500 kW/m² are realistic. In individual cases also values over 600 kW/m² can occur especially in plastics
and lubricants. This adds up to the following design fires for the defined fire scenarios (partial safety
factors in accordance with [1]):
x
x
x

Scenario 1 (Fire in cabin + wing): q‘ = 600 kW/m²
Q‘max [kW] = 600 kW/m² * 100 m² * 1,075 = 64500 kW after approx. 930 s
Scenario 2 (Fire in upper-deck cabin): q‘=450 kW/m²
Q‘max [kW] = 450 kW/m² * 50 m² * 1,075 = 24187.5 kW after approx. 720 s
Scenario 3 (Local fire at support): q‘=500 kW/m²
Q‘max [kW] = 500 kW/m² * 10 m² * 1,075 = 5375 kW

The illustration in figure 6 shows an example for the curve progressions of the heat release over time.
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Figure 6. Time sequence of heat release rate (HRR) in the fire scenario 1 ("aircraft fire")

The specification of the source of a fire is required for fire simulations. The calculations are based on
a mixed load of fire, which consists of 33% wood, 33% polystyrene, and 33% polyurethane and thus is
based by 2/3 on plastics. Regarding the existing flammable substances in the hangar and airplanes this
could to be regarded as conservative.
The mean value of the heat of combustion of the fuel mixture was derived from the specific
parameters of the individual substances to be approximately 27 MJ/kg.
Due to the relation between the heat release q‘, the mass flow m‘ and the heat of combustion H (m‘ =
q‘/H) a higher heat of combustion leads to a lower mass flow in case a heat release rate was specified.
Thus this leads to a lower production of smoke gas, so that this value specified is considered to be
conservative.
The results of the fire simulations carried out have proven to be decisive for the roof structure.
Because of the height and the width of an aircrafts and their necessary distance to the steel columns of the
building, there was no relevant increase in temperature in their vicinity during the fire simulations. Since
no fire scenario could be ruled out, the effects of a localized fire event in the immediate vicinity of the
columns were analysed. The temperatures resulting from such a fire were calculated with a Plume-model
in accordance with Heskestad (see [1]) using a maximum heat release rate of 5 MW. To produce
temperatures on the safe side this fire was applied only from a ceiling height of 4 m upwards, up to this
level a flame temperature of 900 °C according to Heskestad was used.
4.5 Fire Safety Design
In a next step, a thermal analysis in 3-D was undertaken for the steel columns using the temperatures
evolving from the localized fire as thermal load. Here, segments of a height of 2 metres were assumed to
receive the same thermal load. It was taken into account that the components were protected by a
protective coating up to a height of 8 m.
In a next step, a thermal analysis in 3-D was undertaken for the steel columns using the temperatures
evolving from the localized fire as thermal load. Here, segments of a height of 2 metres were assumed to
receive the same thermal load. It was taken into account that the components were protected by a
protective coating up to a height of 8 m.
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A thermal analysis for the structure of the roof was not necessary, since the temperatures recorded in the
CFD simulation were only at about 400 °C. This temperature is well below the critical temperature of
steel, as a result a fire safety design was only required for the columns. This design was carried out using
the simplified calculation procedures on resistance level of Eurocodes 3 part 1-2. This was done in the
most unfavourable area of the components regarding the internal forces and thermal loads. A fire safety
design was not necessary for all stiffening components because they were protected from a critical
warming by protective coatings.

5 CONCLUSION
The application of computational design methods of the Euorcodes for complete or partial structures
can only be performed with powerful FEM programs that are able to depict and calculate the nonlinearities of material build-ups and design loads. The heat generation in the cross section of the
components is done by FEM programs as well. Usually a thermal analysis of two-dimensional models is
of sufficient accuracy due to the material properties of steel that lead to quick uniform temperatures.
Depending on the complexity of the analysed structures the simplified or general calculation methods
of the Eurocode. In the first case, the internal force in the fire case can be calculated using simple
standard software, in the latter case more complex 3-D mechanical analysis is required.
With the rapid development and the increasing capacity of the computer coupled analysis of 3-D
models will be possible in the future. Further research in these areas will extend the possibilities of the
design of constructions, reduce the cost of planning the implementation of a project, and shorten the time
for the realisation of buildings by the reduced structural fire protection at the same level of safety.
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Abstract. Breakage and fallout of glazing systems create openings in an enclosure that affect the fire
growth and the development of post flashover flames emerging outside of the openings. The behaviour of
glazing is the result of its thermally induced stress response to the heat fluxes from the fire in an
enclosure. The objective of this research is to carry out realistic experimental testing incorporating,
current glazing products & construction techniques. In recent times glazed façade layouts have evolved
into more adventurous shapes and layouts, which necessities the analysis of their performance as a result
of localized fires. It is also envisaged that other environmental conditions such as wind will be included
as a test parameter. These experimental tests will be cognisant of recent advances in glazing design and
manufacture which have seen a move away from traditional single or double glazed units toward a
higher specification unit with two or more glass panes held together by a special fire resisting resin.

1 INTRODUCTION
Having reviewed previous tall building fires, history has shown that fires in high rise buildings are
rare events, however when they do occur they generally have major consequences. It is known that many
of these fires spread from floor to floor due to weaknesses which exist in the external glazing facade. This
has become more prevalent as building design has evolved.
Data from previous scaled compartment glazing tests conducted at FireSERT on traditional single and
double glazed units [1] will be used for comparative purposes with results of modern glazed unit tests to
be carried out. This paper will also discuss Finite Element Analysis (F.E.A) validation exercises
completed on [1] using TNO Diana.
The second unique and useful resource available at FireSERT is temperature data obtained from the
window openings of the full scale office compartment test conducted by FireSERT [2]. This paper will
discuss some preliminary F.E.A. analysis exercises completed using the data from [2]
Phase 1 – Ulster Fire resistance experimental tests: Six different Pyroguard glazing specimens of
two different thicknesses (7.2 & 11.4mm) were tested following the ISO 834 fire curve. (Figure 1 &
Table 1) These tests act as benchmarking as to the expected initial behaviour of the glazing material when
subjected to the ISO 834.
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a

b

Table 1. Electric furnace test landmarks.

Test
1
2
3
4
5
6

Figure 1. Test 5. No fireside (a), fireside (b).

Specimen
7.2mm
11.4mm
7.2mm
7.2mm
11.4mm
11.4mm

1st
Crack
(secs)
305
324
305
482
240
256

1st
Crack
(⁰C)
463
469
403
480
410
366

Also completed was some F.E.A using TNO Diana as a comparison to the experimental findings. The
numerical model outputs displayed in Figures 2 and 3 are a representation of a sample tested in the
electric furnace. The maximum stresses generated within the numerical model where within the shaded
edges of glass both at the top and bottom of the model. These maximum stresses were generated at
approximately 243 seconds (Figure 4). These numerical model results show similarities with 5 of the 6
electric furnace tests’ first crack times from Table 1 above, especially Test No. 5. It is noted that this
model was completed for exploratory purposes.

Figure 2. Electric
furnace model
displacement at 243s

Figure 3. Electric furnace
model stresses at 243s

Figure 4. Electric furnace model stresses

Phase 2 -Finite Element Analysis - Ulster Scaled Compartment Tests: As set out above, a large
amount of previous research into the performance of glazing systems at elevated temperatures has been
conducted worldwide by people such as [3] and [4]. Another such program of research was that
conducted at FireSERT by [1]. This research entailed a number of experimental tests within a scaled
compartment. Variables within the tests included: fire size, fire location and glazing type (single and
double). The data accumulated during these tests has never before been utilized for the purposes of
numerical analysis. The single glazing model constructed within the TNO Dina software is a replica of
the single glazing glazed assembly tested by [1]. The temperature data applied to the numerical model is
that obtained from the numerous exposed and shaded thermocouples attached to the tested glazing
assembly. Temperature curves were applied to the exposed glass, the shaded glass, and the exposed
timber frame. The timber frame surrounding the model was constrained against movement during the
numerical analysis process.
The purpose of creating and running this numerical model is to establish whether the TNO Diana
software has the capability to represent accurately the behaviour of such glazed assemblies subject to the
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elevated temperatures of a real life fire scenario. Having run the model the outputs provided by the
software are quite extensive. The outputs of most interest to this research are the model temperature
profiles, stress contours and model deformations. The graphical illustration below (Figure 5) is a
comparison between the temperatures recorded at a specific location on the glazing during the experiment
and that same location in the numerical model. Therefore it can be seen from Figure 5, that the numerical
model is thermally calibrated with the experimental glazing temperature data. Figure 6 below is a
graphical illustration of the evolution of stresses within the exposed glass in the top glazed section of the
assembly. Also shown below in Figure 7 is an illustration of the model stress contours at the point of
critical stress in the overall glazing assembly (i.e. 2025 seconds).

Figure 5. Experiment & finite element thermal calibration

Figure 6. Model 1: Finite element pane 1 stress evolution

Figure 7. Model 1: Overall glazing stress contours at
point of failure (2025 sec)

Figure 8 is a graphical illustration of the temperature and maximum stress evolution of pane 1
together on a single graph for convenience purposes. Following this in Figure 9 are the model
deformations; most notable are the curvatures experienced within the numerical model at the time of
critical stress (i.e. 2025 seconds).

a
Figure 8. Model 1: Finite element temperature &
maximum stress evolution

b

Figure 9. Model 1: deformation/ curvature at point of
failure (2025 sec) incl. timber frame(a) no timber frame(b)

45

Michael Quinn, Ali Nadjai and Faris Ali

As an assessment and validation exercise, variables of the above model (model 1) were also produced
using the Diana software. The top glazed panel from model 1 was tested as a standalone item (model 2).
The same temperature curves were applied to both the exposed glass and timber frame and the shaded
glazing areas of model 2 as per model 1 previously. This model's timber frame was constrained against
movement in a similar manner to model 1. This model was initiated in an effort to determine the
variability in performance from model 1 above given the absence of the remainder of the glazed assembly
around the top panel in this case. (Figure 10).

Figure 10. Model 2:
Top panel model

Figure 11. Model 2: Glazing stress
contours at point of failure (1967 sec)

Figure 12. Model 2: Finite element stress
evolution

Shown above in Figure 11 is an illustration of the model stress contours at the point of critical stress
in the model. (i.e. 1967 seconds). Figure 12 is a graphical illustration of the evolution of stresses within
the exposed glass in the model. Figure 13 is a graphical illustration of the temperature and maximum
stress evolution within the model on a single graph for convenience purposes. Following this in Figures
14 are the model deformations; most notable are the curvatures experienced within the numerical model
at the time of critical stress (i.e. 1967 seconds).

a

Figure 13. Model 2: Finite element temperature &
maximum stress evolution

b

Figure 14. Model 2: deformation/ curvature at point of
failure (1967 sec) - incl. timber frame (a) no timber
frame (b)

The next model produced (model 3) differed from models 1 & 2 above. In the previous model (model
2) the timber frame and the shaded glazing (which had a temperature curve applied to it) within the frame
played a part in the model. However in model 3 both were removed with only the exposed glass being
present. The edges of the model (now the exposed glass) were constrained against movement in the same
way as the previous models. This model was initiated in an effort to determine the variability in
performance from model 2 above, given the absence of the shaded area of glass and timber frame in this
case.
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Figure 15. Model 3:
Top panel model

Figure 16. Model 3: Glazing stress
contours at point of failure (1808 sec)

Figure 17. Model 3: Finite element
temperature & maximum stress evolution

Figure 18. Model 3: Finite element stress evolution

Figure 19. Model 3: deformation/
curvature at point of failure (1808 sec)

In the same way as the previous model results outlined above. The pictures and graphical illustrations
above; Figures 15-19 give an understanding of the variable stress distributions in each model as time
passes. Figure 20 and Table 2 summarise the numerical analysis outcomes further. It is clear from the
table that the maximum stresses where generated in model 3. The evolution of stresses in this model are
such, due to the fact that the model consisted solely of heated glass which was constrained against
movement on the four perimeter edges. Although the constraint mechanism around each of the 3 models
was consistent, models 1 & 2 also contained sections of cooler glass and heated timber, which surrounded
the exposed areas of glass. These surrounding elements and the fact that they would have allowed greater
movement and expansion of the exposed glass has an undoubted effect on the respective models overall
performance.
Table 2. Finite element landmarks

Model
1-Assembly
2-Top Panel
(incl. shading)
3-Top Panel
(no shading)
Figure 20. Finite element landmarks
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Time
(secs)
2025

Temp
(K)
534

Temp
(ͼC)
261

Stress
(N/m2)
3.05E+08

1967

562

289

3.38E+08

1808

595

322

4.71E+08
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Phase 3: Finite Element Analysis – Ulster Full Scale Office Compartment Test: As set out above,
an innovative fire safety research project was conducted by [2]. This project entailed the completion of a
full scale office compartment fire test (Figure 21). During the evolution of the burn, a large amount of
data was recorded. The data which is of particular interest to the area of glazing performance in fire are
the temperatures recorded by the thermocouples which were strategically placed in the window openings
of the office compartment. In all there were three thermocouples placed within the window opening (top,
middle, and bottom). Figure 22 is a graphical illustration of the window opening thermocouple readings
mentioned above.

Figure 21. Window opening thermocouples.

Figure 22. Window opening thermocouple recordings

Figure 21 also provides an illustration of the severity of the actual full scale office fire as it evolves.
Of particular interest is the flame lapping through the window opening to external. These temperature
recordings are of enormous value as they provide actual temperature data from window openings in a full
size office compartment fire scenario. This data has been used in some preliminary finite element analysis
exercises to date, and will continue to form an integral part of the research project as it progresses. Figure
23 is a graphical illustration of the thermal calibration of the numerical model with the fire test window
opening thermocouple recordings. Figure 24 is the results output for the model glass surface temperatures
at 23 minutes, which was the time of glazing failure within the numerical model.

Figure 23. Numerical model thermal calibration.

Figure 24. Glass surface temperature distribution @ 23 mins.

Figures 25 and 26 give an indication of the temperatures on the exposed and unexposed sides of the
glass panel and also the temperatures present in the shaded rim of the glazing panel at each of 4 the stress
landmarks to follow as set in Figures 27 to 30 and Figures 31 to 34.
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Figure 25. Numeriacal model temperature evolution incl. stress
landmarks.

Figure 26. Edge temperature
distribution.

The first model stresses to be viewed are those of the above mentioned model when it was positioned
in an absolute vertical position. Figures 27 illustrates the evolution of stresses on the numerical model
from the: a: 10th, b: 15th, c: 20th until glazing failure in the d: 23rd minute.

a

b

c

d

Figure 27. Stress contours 10, 15, 20 & 23 minutes.

The next model stresses to be viewed are those of the above mentioned model when it was positioned
at an angle of 15° off the vertical, to represent an inclined glazed panel. Figures 28 illustrates the
evolution of stresses on the numerical model from the: a: 10th, b: 15th, c: 20th until glazing failure in the
d: 23rd minute.
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a

b

c

d

Figure 28. Stress contours 10,15, 20 & 23 minutes.

It is clear that there is little difference in the stress patterns in Figures 28 above for this model at 15°
off the vertical, when compared against the absolute vertical model in Figures 27. The evolution of
stresses for each scenario is set out in Figure 31. Also set out in Figures 29-30 are displacement output
pictures for each scenario (vertical & inclined). Figure 32 is a graphical illustration of displacement
evolution for each scenario.

Figure 29. Vertical displacement curvature (23mins).

Figure 30. Inclined displacement curvature (23mins).

Figure 31. Stress evolution varaiability.

Figure 32. Displacement evolution varaiability.
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It is clear that for failure of the inclined glazing model to occur similar thermal stresses were required
as to that of the vertical model. As this numerical study evolves further, the effects of inclination angle
and resultant gravity forces will be examined in depth.
To summarise the above numerical simulation outputs, as expected the maximum stresses were
generated in the areas of the glazing panel which were subjected to the most excessive temperatures.
Particular attention is also drawn in this scenario, as before, to the effect the presence of a shaded
perimeter of glass has on the overall performance of the glazing panel at elevated temperatures. It can be
seen from a review of the stress result outputs that the area of contact between the heated glass and the
shaded rim is of particular importance and will require further more detailed research, both
experimentally and numerically as part of this research project. The importance and impact of
gravitational forces on the inclined numerical model cannot be ignored and will be monitored fully in
future inclined glazing numerical models.
As with the numerical modelling undertaken using the experimental test data from [1], the numerical
modelling discussed above using the data from the full scale office compartment fire test by [2] is
preliminary and will be advanced upon as time progresses throughout the time span of this research
project.
Phase 4: Localized fire tests on inclined glazed facades: An important factor to be considered in
materials testing is the effect of localized fire and thermal radiation. This is particularly relevant with
inclined glazed facades, which are becoming more popular with building designers; hence the need to
investigate the effect variable inclination angle has on glazing performance under fire conditions.
As shown above a preliminary numerical analysis exercise has been conducted using the data from
[2] on an inclined glazed panel at 15° off the vertical. The results of this numerical exercise where then
compared with an identical glazed panel positioned vertically.
The next step in this research project will be to carry out experimental testing on inclined glazing
panels, using realistic fire loading and replicating environmental conditions which may be expected in a
real life fire scenario.
In these tests 3, Pyroguard 30 minute integrity only glazing specimens of 7.2mm thickness and
overall dimensions of 1m (w) x 1.5m (h) will be tested. Test recordings taken will include thermocouple,
strain gauge and Gordon gauge heat flux readings.
It is noted that inclined fire tests have been conducted previously on other building elements and
materials by [5]. Also the properties of fire plumes from window openings to building facades have been
previously studied by [6].
Following completion of these experiments a detailed numerical parametric analysis exercise will be
completed using the TNO Diana F.E.A. software. Similar numerical case studies such as this were
previously conducted by [7]. The data and facilities available at FireSERT will assist in advancing the
knowledge which exists on inclined glazing façade performance in fire conditions.

2 CONCLUSION
1Upon review of both the fire resistance experimental tests and the preliminary numerical
analysis exercises conducted, (Phase 1) it is clear that the maximum stresses are generated at the
shaded edge of the glazing samples.
2The numerical analysis exercise which followed using the test set up and recorded data from [1]
(Phase 2) again uncovered this phenomenon of edge stress generation.
3Upon review of the numerical analysis models; 1, 2 and 3 of Phase 2, some interesting results
were uncovered:

All three models experience the creation of off-plane curvature during the numerical
analysis process. (Figures 9, 14 & 19)

The presence of both the timber frame and shaded perimeter of glass in models 1 and 2
result in the creation of a curvature at the edges of both models (Figures 7 & 11). This
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curvature is not present in model 3 (Figure 16), due to the absence of a timber frame
and shaded perimeter in this model.

The most severe stresses were generated in model 3, mainly due to complete model
exposure to the heating process, and the total resistance to movement which existed in
this model due to the absence of any shaded glass or timber frame.
4The data recorded in the full scale office compartment fire test conducted at Ulster [2] has only
been used minimally to date but shall form an integral element of this research as it gives an
indication of actual temperatures to be expected in a real office fire scenario.
5The preliminary numerical analysis exercises conducted using [2] - Phase 3, demonstrate
similar tendencies as before with regard to the location maximum stresses.
6The importance and impact of gravitational forces on the inclined numerical model in Phase 3
cannot be ignored and will be monitored fully in future inclined glazing numerical models.
7The inclined glazing facade tests to be carried out in due course will ultimately form the core of
the research project and assist in advancing the knowledge which currently exists on inclined glazing
façade performance under fire conditions.
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Abstract. This paper presents the results of an experimental investigation on the behaviour of
compressed cold formed steel elements at high temperatures. The objectives of the work were to gain an
insight into the mechanical behaviour of these elements at high temperatures considering the influence of
the restraining to thermal elongation and to provide some experimental results for detailed numerical
studies. Three types of cross-sections, C, I and 2R and two types of end-supports, semi-rigid and pinended, were investigated. A load level of 30% of the design value of buckling load at ambient
temperature was applied during the tests. From this experimental investigation it has been observed that
the influence of the thermal restraining was different for each type of cross-section. The behaviour of the
columns at high temperatures was not significantly affected by the geometric imperfections and columns
nominally identical showed a similar deformed shape and ultimate strength.

1 INTRODUCTION
Cold formed steel members are increasingly being used as load bearing members. However, fire
performance of cold formed steel structures is not well understood. Recent research works have been
carried out in order to establish simplified design methods for cold-formed steel members at high
temperatures, based on the design methods of EN1993 - 1.3 [1] or EN1993 - 1.2 [2]. However, until
today no consensus has been reached about the use of these design methods. According to [3] the low
number of experimental results available in the literature does not permit to use the EN1993 - 1.3 or
EN1993 - 1.2 procedures for designing cold formed steel elements at high temperatures. Nowadays tests
are conducted in order to better understand the structural behaviour of these elements in fire and provide
experimental data.
In the present work was investigated the behaviour of compressed cold-formed steel elements at high
temperatures considering the influence of the restraining to thermal elongation. It is known that when a
steel column is subjected to fire the restraining forces will increase due to the restraining thermal
elongation provided by the building surrounding structure [4]. Thus, in order to better understand the
structural behaviour of cold formed steel columns at high temperatures as well as to predict the
restraining forces generated in these elements, it is important to consider the restraining to the thermal
elongation.
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2 EXERIMENTAL STUDY
2.1 Test Set-up
Figure 1 shows the general layout of a test system used to investigate the fire resistance of building
columns erected at University of Coimbra, Portugal. This test system was composed by a 3D restraining
frame (1) which allows simulating three levels of axial restraining of the surrounding structure. Using this
steel frame was possible to study the influence of the restraining to thermal elongation on the behaviour
of the building columns subjected to fire.

(3) – Control of the
load application

(6) – Device for
measuring
restraining forces

(1) – 3D restraining frame
(2) – Hydraulic jack
(3) – Load cell
(4) – 2D reaction frame
(5) – Furnace
(6) – Restraining forces special device
Figure 1. Test Set-up.

The restraining system was composed by four columns, two upper beams and two lower beams which
were arranged in an orthogonal system. The connection between the beams and columns were done by
screws at the bottom and threaded rods at the top which allows transmitting a serviceability applied by a
hydraulic jack (2) to the testing columns. A load cell (3) positioned between the top flange of the upper
beam of the 2D restraining frame (1) and the hydraulic jack controlled the load that was being applied.
The hydraulic jack was fixed to an external 2D reaction frame (4).
A special device (6) was designed to measure the restraining forces in the test columns (figure 2 (a)
and (b)). This device comprised a hollow high-strength steel cylinder, which was rigidly connected to the
upper beams of the restraining system. In this hollow high-strength steel cylinder entered a massive steel
cylinder which was connected on the top of the test column. The lateral surface of this massive cylinder
was Teflon (PTFE) lined in order to reduce the friction between the hollow and massive cylinders. Inside
the hollow steel cylinder was located a load cell for measuring the restraining forces. The compression of
this load cell was done by the massive cylinder due to the thermal elongation of the column in test.

Load cell

(b)

(a)

(c)

Figure 2 – (a) Scheme of the device for measuring the restraining forces (b) Fabrication of the device (C) column’s pinended support
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The thermal action was imposed by a modular electric furnace (5) composed by two modules of 1m
and another of 0.5m high. The modules were superimposed one another forming a chamber of 1.5x1.5m
x 2.5m around the test specimen. The heating curve tried to follow the ISO834 fire curve.
The temperature inside the furnace was measured with plate thermometers. The temperatures in the
specimen were registered with type K thermocouples on four sections distributed along the height of the
test column allowing not only knowing the distribution of temperatures on the cross-section but also in
column’s height (figure 3).
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Figure 3. Thermocouples distribution in the column’s cross-sections
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To measure the column longitudinal displacements and end rotations seven displacement transducers
were used, three at the top and four at the bottom. The transducers were arranged orthogonally allowing
not only measuring the axial displacements but also the end rotations of the columns ends.
Six cable displacement transducers were placed along the height of the columns for measuring the
lateral deflection, three in the direction of the minor axis and three in the direction of the major axis
(Figure 4).
2.2 Test specimens and test programme
A total of eighteen transient fire tests were performed on 3m tall columns with C, I and 2R sections
(Figure 5). The basic sections used to form the I and 2R section were lipped and unlipped channels,
150x43x15x1.5 and 153x43x1.5, respectively. Nine tests on semi-rigid and nine on pin-ended columns
were carried out. Figure 6 shows the screw distribution used to compose the I and 2R sections.
15
43

1.5

150
y

y

x

1.5

43
x

x

x

y

y

x

2R

y

C

x

I

y

153

Figure 5. Cross sections (dimensions in mm)
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50

S5
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Figure 6. Screw distribution (dimensions in mm)

The steel grade was the S280 GD+ with minimum yield strength of 280 N/mm2.
Table 1 present the test plan of the fire tests on the compressed cold-formed steel elements.
All the tests were carried out for an axial restraining of the restraining frame of 7kN/mm and a load
level of 30% of the design value of the buckling load of the columns at room temperature determined
according to EN 1993 -1.3 [1].
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Table 1 – Test specimens

Cross-section type
End-supports
Number of tests
Global slenderness
Initial Load (kN)

(C)
(I)
(2R)
Semi-rigid and pin-ended
3 / parameter combination
96
77
50
10
38
60

2.3 Test procedure
The test specimen was first placed at the supports in the centre of the 3D restraining frame. Then the
serviceability load was applied to the column. During the load application the threaded rods that
connected the upper beams to the columns of the 3D restraining frame were totally free allowing with
this the total transfer of the applied load to the test column. When the desired value of the serviceability
load was reached the nuts of the threaded rods were tightened to provide the restraining to thermal
elongation of the column in test. After this the furnace was finally switched on and the heating started.
As the temperature increasing the restraining forces on the test columns start increasing up to a
maximum due to the restraining to thermal elongation after which started decreasing due to the
degradation of the mechanical properties of the steel. The test was finished when the restraining forces
reach again the value of initial applied load.
Figure 7 shows an illustrative scheme of the test system with the specimen mounted on the centre of
the 3D restraining frame.

S4

S3

S2

S1

Figure 7. Scheme of the test system with the specimen

3 RESULTS
3.1 Furnace Temperatures
In all fire tests the set point heating curve of the furnace was regulated to the ISO 834 fire curve.
However, as shown in figure 8, it was difficult to reproduce this curve in the early stages of the test due
to lack of power of the electric furnace used. Only after 6 minutes of test the furnace temperature
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followed quite well the ISO 834 fire curve. A uniformity of temperatures in the three modules of the
furnace was registered (Figure 8).

500 mm

Module - 2

1000 mm

1000 mm

TM-500
Module - 500

TM-2

TM-1
Module - 1

Figure 8. Temperature in the furnace

3.2 Thermal behavior of the specimens
From figure 9, it can be observed that the temperature distribution on the boundary of the crosssection was approximately uniform during the major part of the time for tested columns. In general, for
the C and I cross-sections the temperatures of the flanges and the web were very close and for 2R crosssection the difference among the temperatures of the points located on the boundary was also small. For
the 2R cross-sections the temperature on inside thermocouples was smaller than the temperatures on the
outside thermocouples. This is justified by the fact that the 2R is a closed cross-section not subjected to
gas convection and protected against the furnace radiation.

Test I-1

Test C-1

Test 2R-1
Figure 9. Temperature vs time for the section S2
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(a)

(b)

(c)
Figure 10. Temperature distribution along the length
(a) test C-1, (b) test I-1 and (c) test 2R-1

The temperature distribution on column’s height was not uniform and a thermal gradient was
observed (figure 10). The maximum temperature was registered at column’s mid-height and this may
have influenced the failure mode of the columns.

Figure 11. Restraining forces in function of steel temperature for S2 and S3 cross-sections (test 2R-2) – semi-rigid end
joints
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In Figure 11, it can be observed for a 2R test column, with semi-rigid end joints, that whichever was
the chosen section to calculate the average temperature there may be slight differences on the
temperatures corresponding to the maximum restraining forces and the instant when the restraining forces
reach again the value of the initial applied load (critical temperature). For the case of the test column 2R2, selecting the cross-sections S2 or S3, a difference of about 40°C was registered.
3.3 Structural behavior of the specimens
The development of the axial restraining forces in function of the temperature, for each type of crosssection tested, is shown in figure 12. For the C cross-section the restraining forces increased up to 3.21
times while for I and 2R cross-sections increased up to 1.58 and 1.26 times the initial applied load,
respectively. These results are for semi-rigid end joint columns.
Qualitatively the buckling behaviour of the columns at high temperatures also showed differences.
According to figure 12 after losing stability, the restraining forces for the C sections decreased rapidly
with the temperature. On the other hand, for I and 2R section, the rate of decreasing of the restraining
forces with the temperature was smoother. This suggests that columns with I and 2R cross-sections did
not lose their bearing capacity immediately after reaching the maximum restraining forces and the failure
temperature is greater than the buckling temperature.
However, quantitatively the post-critical behaviour at high temperatures of the investigated elements
was not so significant. Both the numerical differences between the failure temperature (critical
temperature) and buckling temperature and between the instant of time corresponding to the failure and
buckling temperatures were short (figure 13).
S3

7

8

9

9

C

8

S3

7

I
10
S3

9

12

2R

Figure 12. Restraining forces in function of the mean steel temperature of column’s cross-section 3 – tests C1, I2 and
2R2 – semi-rigid end joints
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Figure 13. Differences between buckling and failure temperature for column´s cross-section 3 – tests C1, I2 and 2R2 –
semi-rigid end joints

3. 4 Failure Modes
Figure 14 shows an I - cross-section column after test. It can be observed the global and local
buckling especially on the flanges of the column at mid height cross-section.

Figure 14. I - cross-section column inside the furnace after test

(a)

(b)

(c)

Figure 15. Failure mode of the test columns: (a) C (b) I and (c) 2R cross-sections
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In figure 15 is presented the deformed shape of the specimens after test. It should be highlighted that
this deformed shape was only observed after test. Due to the characteristics of the test system and mainly
of the furnace it was impossible to register / photograph the failure mode of the specimens when the
buckling started.
Since the elevated temperature failure mode involved local and global buckling by flexural bending,
it is difficult to asseverate what was the predominant failure mode for each test. However, it does appear
that for the lipped channels, the final shapes of the specimen indicate local buckling as predominant. For
I and 2R sections, it does appear that global mode was predominant and the local crush at the middle was
consequence of the bending of the column. During the tests, for the lipped channels tests was heard an
abrupt noise indicating the failure whereas for I and 2R tests it does not happen.

5 CONCLUSIONS
This paper presented the results of an experimental investigation into the behaviour of compressed
cold-formed steel elements under high temperatures. A total of 12 fire resistance tests were carried out.
From the experimental results the following conclusions may be drawn:
- The results indicate that the behaviour of the columns at high temperatures was not significantly
affected by the geometric imperfections.
- Furthermore, indicate that the testing device was suitable for determining the buckling loads of the
columns. Identical columns showed similar deformed shapes and buckling loads.
- For the heating conditions of the tests, totally engulfment of the columns, the results indicate that
the failure temperature should be determined on sections near column’s mid-height. From the test results
the temperature distribution along the height showed the maximum near this part of the columns.
- The influence of the restraining to the thermal elongation on the development of the restraining
forces was less for I and 2R than for C cross-sections.
- The results indicate that the critical temperature can be considered as the failure temperature.
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Abstract. This paper presents a study on the fire behaviour of H steel columns embedded on walls with
restrained thermal elongation. Based on a set of experimental tests on H steel columns, a finite element
model was developed, taking into account the interaction of the column with the walls. It was possible,
with this study, to observe and understand the typical behaviour of steel beam-columns with huge thermal
gradients within the cross-section. In the scope of this work, the failure of the columns was observed to
occur by bending, due to the thermal bowing phenomenon, instead of buckling.

1 INTRODUCTION
The behaviour of building steel columns in contact with walls, in fire situation, is considerably
different from the one observed in isolated steel columns [1, 2, 3]. The different temperatures attained in
the flanges of the steel cross-section, lead to different thermal stresses and strains in the heated and
unheated sides, and a bending moment is generated, causing a bow deflected shape towards the hot side,
and then to the cold side. This leads to a shift of the effective centroid of the section and an inversion of
bending moments. For the purpose of studying this behaviour of steel columns, a special experimental
set-up was constructed in the University of Coimbra, and a set of full-scale tests was carried out. These
tests were used to calibrate a numerical model, used in a parametric study, which is presented in this
study.

2 EXPERIMENTAL TESTS
The system comprises a restraining frame (figure 1) with the function of simulating the surrounding
structure to the columns under test. HEA 160 and HEA200 steel columns, isolated and embedded on
walls were tested experimentally. The columns on this system can be tested under a load that tried to
simulate the applied load on the columns in real situations. The stiffness of the surrounding structure was
obtained with different beams of the restraining frame.

65

António M. Correia, João P. Rodrigues and Paulo Vila Real

a)

columns embedded on walls
b) bare columns
Figure 1. Experimental Set-up

Figure 2 and 3 describe the cases studied. The specimens were made of HEA160 and HEA200
profiles, 3m height, with end steel plates of dimensions 450mm x 450mm x 30mm, all of steel grade
S355.
450

S1

S1

thw1 thw 2 thw 3 S2
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thw16 th w17 thw18

S4
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100
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200 200200

a)

b
wall
b)
column
Figure 2. Scheme of the specimens embedded on walls

The reference “Exx” indicates the tests carried out on columns embedded in walls while the reference
“Iyy” indicates the tests carried out on isolated steel columns.
Walls with a thickness nearly the same or smaller than the columns width were considered. The walls
thicknesses were chosen according to the commercial dimensions of the bricks.
Two different orientations of the steel profile in relation to the wall surface were considered: web
parallel and perpendicular to the walls surface. The reason for this choice is that a different behaviour was
expected, since in the two cases, bending occurred around minor or major axis of the cross sections.
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Figure 3. Experimental studied cases and location of thermocouples.

3 NUMERICAL SIMULATIONS
3.1 Numerical model
A thorough numerical modelling of the experimental tests (figure 4), considering a geometrical and
material non-linear analysis, with imperfections was carried out. The target parameters of this study were
the slenderness of the columns, the load level (50 and 70% of the buckling load at ambient temperature,
according to EN1993-1-1(2005) [4]), the stiffness of the surrounding structure (two values) and the
thickness of the building walls for the case of columns embedded on walls. Both in the experimental tests
and in the numerical simulations of the steel columns embedded on walls, the thermal action was
considered following the ISO 834 standard curve, and acting only on one side of the specimens.
Moreover, two orientations of the cross-section were tested (with the web perpendicular to the wall and
parallel to the wall surface leading to thermal gradients along the web or along the flanges).
The results of these simulations, allowed the assessment of the restraining forces developed during
the tests, and the assessment of the thermal gradients observed in the cross-sections.
Table 1 presents the plan of the numerical simulations.
Table 1. Plan of the numerical models.
Test

E03
E04
E05
E06
E08
E09
E10
E11
I16

I20

Thickness
of the
walls

P0 (kN)
LL 70%

P0 (kN)
Ȝz-z
LL 50% (minor axis)

Steel
profile

Orientation in
relation to the
wall surface

HEA 200
HEA 200
HEA 160
HEA 160
HEA 200
HEA 200
HEA 160
HEA 160
HEA 160
HEA 200

parallel
perpendicular
parallel
perpendicular
parallel
perpendicular
parallel
perpendicular
no walls

180
180
140
140
140
140
100
100
-

1088
1088
704
704
1088
1088
704
704
704

777
777
503
503
777
777
503
503
503

no walls

-

1088

777

Relevant axis
/ Slenderness

42.2
42.2
52.8
52.8
42.2
42.2
52.8
52.8
52.8

25.4
25.4
32.0
32.0
25.4
25.4
32.0
32.0
32.0

zz / 42.2
yy / 25.4
zz / 52.8
yy / 32.0
zz / 42.2
yy / 25.4
zz / 52.8
yy / 32.0
zz / 52.8

42.2

25.4

zz / 42.2

The values of the slenderness Ȝ were determined using the following formula:
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λ=

Lo
I
A

(1)

in which I is the second moment of area of the steel cross-section, A is the area of the cross-section, and
L0 is the buckling length of the columns, calculated by:
L0 = 0.7 × L

(2)

in which L is the real length of the column, which is 3m for all tests.
The last column of table 1 indicates the relevant axis, around which buckling of the columns occurs.
Considering that the walls prevent the buckling of the column in its plane, the relevant buckling axis
when the profile is oriented with the web perpendicular to the wall is y-y, while when the web is parallel
to the wall is z-z.
A numerical model was built with solid elements from the ABAQUS library of finite elements
(Figure 4). The elements chosen for the columns were the C3D20RT while for the rest of the surrounding
structure were the C3D8RT. The C3D8RT is an 8-node while the C3D20RT is a 20 node linear finite
element with reduced integration, an hourglass control solid element and a first-order (linear)
interpolation. These elements have one integration point, three degrees-of-freedom per node
corresponding to translations and six stress components in each element output.
The finite element mesh was generated automatically by the ABAQUS program and the side of the
finite elements was 30 mm in the specimen, walls and upper beams of the restraining frame and 100mm
in the columns of the restraining frame.

Figure 4. Three-dimensional model and finite element mesh for the restraining frame and specimen

The thermal and mechanical properties at high temperatures of the concrete were defined according to
EN1993-1-2(2005) [5]. For the bricks the properties were not considered varying with temperature due to
a lack of data available in the literature. Values used in the software Ozone, from the University of Liège,
were adopted.
The thermal action was applied following the standard ISO 834. For the radiation and convection, a
sensitivity analysis was performed. The adopted values were the ones which provided a better correlation
with the experimental results, in the calibration of the model. On the un-exposed side, a convection
coefficient of 4 Wm2/ºC and emissivity coefficients of 0.7 for the concrete and 0.8 for the steel, and on
the exposed side a convection coefficient of 25 Wm2/ºC and an emissivity of 0.7 were used for both
materials.
The numerical simulations were performed using a coupled-temperature displacement type of
analysis, in which thermal and structural calculations are performed at the same time.
Interactions between different parts of the model were in most cases “tie-constraint” of type masterslave, except between the upper beams and peripheral columns, in which a several step procedure was
adopted to apply directly the applied load to the specimen.
Geometrical imperfections were considered as initial eccentricities in two orthogonal directions.
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3 ANALYSIS
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3.1 Temperatures
From figure 5 it may be observed the great thermal gradient within the steel profiles in the case of the
column perpendicular to the walls (E11) and in the case of the web parallel to the walls (E10)
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a) with the web perpendicular to the wall (Test E11)
b) with the web parallel to the wall (Test E10)
Figure 5. Thermal gradients in columns embedded on walls

Tables 2 and 3 depict in a more detailed way the temperatures attained in the several parts of the steel
profiles, for the same cases. Temperatures in the exposed flange or half-flanges were purposefully plotted
for instants of time at which they experimented temperatures of 100ºC intervals.
Table 2. Temperatures on test E11
t(min)

Exposed
flange

0.0
1.8
3.2
4.5
5.9
7.6
10
14.6
24

20
100
200
300
400
500
600
700
793

Table 3. Temperatures in test E10

Web

Unexposed
flange

Mean steel
temperature

t(min)

Exposed
half-flange

Web

Unexposed
half-flange

Mean steel
temperature

20
49
87
127
170
220
280
362
465

20
20
20
20
21
23
28
42
84

20
57.5
105
152
200
252
306
369
445

0
2.25
4.16
6.1
8.3
11.1
15.5
16.3

20
100
200
300
400
500
600
614

20
80
159
244
329
417
513
526

20
37
72
119
174
245
333
347

20
71.8
141.9
218.4
297.8
383.9
478.5
492.2

3.2 Von Misses stresses
In figure 6, the failure mechanism of a steel column embedded on walls is presented. The behaviour
of this column, with a thermal gradient in the direction of the web is known as “thermal bowing”. In the
beginning of the fire, since the left flange is hotter, it will undergo greater thermal expansion, leading the
column to bend towards the side of the fire. Due to the fact that the ends of the column are restrained, a
bending moment is generated. With the increase of the temperatures, the Young’s modulus and the yield
stress will reduce, and the effective centroid will move towards the cold side. This will create an
additional bending moment, which is opposite to the thermal moment, and will cause the column to bend
to the opposite side, i.e., the cold side of the column. In figure 6 b), the Von Mises stresses are depicted at
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the inversion instant (t=3.8 min), and in figure 6 c), the formation of three plastic hinges is observed on
bottom, top and mid-height of the column, although only a small extent of the column is hot (figure 6 c).

a) Column after test
b)VMS at instant t=3.8min c)VMS at instant t=24min d) NT at instant t=24min
Figure 6. Evolution of the Von Misses stresses (VMS) and nodal temperatures (NT) in a steel column embedded on
walls, with the web perpendicular to the wall (Test E11)

T(ºC)

Figures 7, 8 and 9, depict the evolution of temperatures (in ºC) and axial stresses (in Pa), in three
sections (bottom, mid-height and top) along the height of the column in test E11. It may be observed the
inversion in the axial stresses at time 3.8 minutes. Yield stress (355 Mpa) was reached in the three
sections, at time 24 minutes.
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0
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Figure 7. Temperatures and axial strains on the base section of a column embedded on walls subjected to fire (Test
E11)
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Figure 8. Temperatures and axial strains at mid-height, 1.5m from the base of a column embedded on walls subjected
to fire (Test E11)

In figure 9, full plastification of the web and the cold flange is observed, despite of the very low
temperatures attained in the section.
It was possible to observe the inversion of axial stresses, in some sections from compression to
tension, and sudden variation in the axial stresses, in sections with very low temperatures.
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Figure 9. Temperatures and axial strains at the top section of a column embedded on walls subjected to fire (Test E11)

4 STRUCTURAL ANALYSIS
For the assessment of the structural behaviour of a steel column in contact with walls, two approaches
are applicable: either considering a reduced cross-section in the heated part of the profile or considering
plastic stress diagrams, with the yield stress reduced with temperature dependent coefficients defined in
EN 1993-1-2 (2005).
4.1 Reduced cross-section
4.1.1 Column with the web perpendicular to the walls
In this case, the real behaviour of the column may be calculated considering a reduced area of the
heated flange, using the reduction factors of the effective yield strength relative to yield strength at 20ºC,
as a function of the temperature of the exposed flange. The yield stress is uniform along this area (figure
10).

1.00 x b

0.78 x b

400ºC

0.47 x b

500ºC

0.11 x b

0.23 x b

600ºC

700ºC

800ºC

Figure 10. Analysis of the plastic resistance of a steel column embedded on walls, for the case of the web
perpendicular to the walls (thermal gradient along the web).

4.1.2 Column with the web parallel to the walls

400ºC

500ºC

600ºC

0.11 x b/2

0.23 x b/2

0.47 x b/2

0.78 x b/2

1.00 x b/2

700ºC

800ºC

Figure 11. Analysis of the plastic resistance of a steel column embedded on walls, for the case of the web parallel to
the walls (thermal gradient along the flanges)
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For this case, an hybrid cross-section is now to be considered for the analysis, using the same
reduction factors, applied to the half-flanges exposed to fire (figure 11).
Table 4. Reduction factors of the effective yield strength relative to yield strength at 20ºC, as a function of the
temperature (EN 1993-1-2-2005)

Temperature (ºC)
ky,ș

20-400
1

500
0.78

600
0.47

700
0.23

800
0.11

900
0.06

1000
0.04

4.2 Reduced yield stress
4.2.1 Column with the web perpendicular to the walls
In this case, a reduction of the yield stress is applied in the heated flange. In figure 12 a) pure
compression is depicted, and in figure 12 b) pure bending occurs, depending on the position of the plastic
neutral axis (x is the distance of the plastic neutral axis to the geometric centroid).
b
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ky .fy

ky .fy

a)
b)
Figure 12. Stress diagrams for non-uniformly heated steel columns, in case of a column with the web perpendicular to
the walls (thermal gradient along the web)

4.2.2 Column with the web parallel to the walls
In this case, the reduction of the yield stress is applied to the heated half-flange. Likewise, in figure
13 a) M/Mpl=0 and N/Npl is maximum, and in figure 13 b) N/Npl=0 and M/Mpl is maximum. The position
of the plastic neutral axis (for the situation depicted in figure 13 b) is calculated under the condition that
resultant compression equals resultant of tension in the hybrid cross-section.
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b)
Figure 13. Stress diagrams for non-uniformly heated steel columns, in case of a column with the web parallel to the
walls (thermal gradient along the flange)
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5 PARAMETRIC STUDY
In the scope of this research, a parametric study was performed, to assess the influence of the
thickness of the walls, the load level and the stiffness of the surrounding structure.
5.1 Influence of the thickness of the walls
In figure 14 a) and b), the behaviour of eight tests is presented, for the cases of the web perpendicular
and parallel to the wall, respectively. The evolution of the axial force, related to the initial applied load,
allow the definition of the critical time, which is considered as the time, from the beginning of the fire, at
which the axial force, after increasing and reaching a peak, decreases and equals the initial load, i.e.,
P/P0=1.
In these graphs, the thick lines stand for thick walls, and the thin lines stand for thin walls.
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0.94
0
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30
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Test E11

5
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Test E05

15

20

25
30
Test E08
Test E10

a) Web perpendicular to the wall
b) Web parallel to the wall
Figure 14. Evolution of axial forces for the columns embedded on walls, with a load level of 70%

It is observed in both graphs, that the thicker walls provide greater fire resistances. In case of the web
perpendicular to the walls, the difference is greater than with the web parallel to the walls. The peak is
also greater for the thin walls, especially in the case of the web perpendicular to the wall. Moreover, it is
observed that the failure of the columns is more gentle in this case, than with the web parallel to the walls,
in which failure is more abrupt.
5.2 Influence of the Load level
The load level is also expected to play an important role in the fire resistance of these columns. In
figure 15, load levels of 70% and 50% of the buckling load at ambient temperature are analysed for tests
E05, E08, E10 and E11. Continuous lines stand for load level 70% and dashed lines stand for load level
50%.
1.15

E05-LL70

P/P0

1.10

E08-LL70
E10-LL70
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1.00
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E08-LL50
E10-LL50
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0
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15

20

25

30

t (min)

E11-LL50

Figure 15. Evolution of axial forces for the columns embedded on walls, for different load levels, 70% and 50% of
the design buckling load at room temperature

It was concluded that the dashed lines seem to have been stretched to the right side, for all tested
cases meaning that for the load level 50%, the fire resistance is greater.

73

António M. Correia, João P. Rodrigues and Paulo Vila Real

5.3 Influence of the stiffness of the surrounding structure
The influence of the stiffness of the surrounding structure is depicted in figure 16. Two values of the
stiffness of the surrounding structure were considered (7kN/mm obtained with upper beams in the
restraining frame made of HEA200, and 13kN/mm when these beams were HEB300). Only two tests
were considered (E05 and E10), and the results show that the higher stiffness of the structure, the greater
the fire resistance.
1.25
1.20

E05-stiff 7

P/P0

1.15

E10-stiff 7

1.10
1.05

E05-stiff 13

1.00
0.95

t (min)

0.90

E10-stiff 13

0
5
10
15
20
25
30
35
40
Figure 16. Evolution of axial forces for the columns embedded on walls, for different values of the stiffness of the
surrounding structure

This may be explained by the fact that associated with the axial stiffness, is a rotational stiffness,
which plays a favourable role in the fire resistance of the columns.

6 CONCLUSIONS
The main conclusions of this research concern the failure mechanism of steel columns embedded on
walls, under great thermal gradients. In all cases, columns in contact with walls presented lower
temperatures and higher fire resistances than bare steel columns.
The load level, the thickness of the walls and the stiffness of the adjacent structure have proved to
have great influence on the critical temperatures and times.
It was possible to analyze the stress-strain state of several sections of these columns, in fire.
Two approaches of considering future designing procedures for these columns were presented: either
considering plastic stress diagrams, with the yield stress reduced with temperature dependent coefficients
defined in EN 1993-1-2 (2005), or considering a reduced cross-section in the heated part of the crosssection. The aim of this study is to provide data to sustain future axial force – bending moment interaction
diagrams on the fire behaviour of this type of columns.
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Abstract. The growing popularity of the use of Cellular steel Beams in composite floors comes at the
same time as an increasing attention to the fire safety engineering design. In fire, the temperature
distribution across a composite member is non-uniform, since the web and bottom flange have thin crosssections and a greater exposed perimeter than the top flange. The deterioration of the material
properties of the web will therefore become an important effect on the overall performance of the
member in the event of fire. Fire resistance and protection of Cellular-Beams has been very controversial
concerning their behaviour in elevated temperatures, the fire protection material and the required
thickness. This paper describes an experimental and numerical study at elevated temperatures on the
behaviour of unprotected and protected Cellular steel Beams having different size of openings.

1 INTRODUCTION
Cellular Beams give architectural flexibility of open large spaces forming compartments as it is
possible to achieve long spans. This structural element is currently being widely used in multi-storey
buildings, commercial and industrial buildings, warehouses and portal frames, in the UK and Europe.
There are structural steel Beams that are deeper than normal roller sections, having openings into their
web. They are produced by modern automated fabrication processes and can be competitive for the
construction of both floor and roof systems. The openings in the web can be of various shapes such as
rectangular, castellated, circular, and elongated [1-3].
The openings in the web allow the passage of technical installations, as cables, pipes and ducts. The
increased section depth results in added strength without additional material, leading to reduce the total
weight of steel work.
Their widespread use of Cellular Beams has prompted several investigations concerning their
structural behaviour. In fire, the degradation of strength and stiffness of unprotected steel sections
exposed to elevated temperatures can result to early structural collapse. The fire resistance of Cellular
Beams has been very controversial in the recent years, considering the fire protection material and the
required thickness.
The most common fire protection material used for Cellular Beams is the intumescent coatings,
giving the advantage of allowing the passage of technical services as it can be applied without blocking
the holes in the web. Intumescent coating are applied on steel structural elements at the specific thickness
necessary to protect the structural element, minimising the wastage and hence cost. They can be applied
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in the fabricator’s shop or on the completed structure on the construction site. In addition, ensures that
the steel work is fully fire protected throughout the construction phase [4].
Intumescent coatings contain a mixture of chemical ingredient, reactive in fire conditions producing
an insulating layer of carbonaceous char. They can be swelling to between 5 and 50 times their original
applied thickness, so that 1mmfilm can produce up to 5cm of char [5]. The car contains air vacuoles in a
carbon based matrix, which effectively surrounds and insulated the steel substrate from the rapid
temperature increase that will occur to an unprotected steel section [5].
The use of intumescent coating extends the loadbearing capacity of the steel structure. The stability of
a building, having intumescent coating protected steel structural elements, in case of fire depends on the
thickness of the coating, the depth and insulation properties of the char produced of it [5-6].

2 EXPERIMENTAL TEST PROGRAMME
The experimental work is a continuation of the research fire test programme funded by the EPSRC
and conducted at the University of Ulster, FireSERT Laboratory [1, 2].
The tests carried out on six full-scale composite Cellular Beams, protected and unprotected, of 4.5
meters span length. The Cellular Beams were fabricated from standard hot-rolled steel sections, subjected
to one or two point loading, using three different geometries [1-3].
2.1 Specimen Details
The following types of Beams have been tested:
a) Beam 1: An asymmetric composite Cellular Beam, having large web opening, was
produced on the basis of UB 356x171x57 as a top tee section and of UB610x305x179 as a
bottom tee section having finished depth of 555x171/305ACBx118kg/m (figure 1). The
diameter of cells was 375mm at 600mm centres.
b) Beam 2: A symmetrical composite Cellular Beam, having two large web openings, was
produced on the basis of UB 457x191x74, having a finished depth of 550x191CB74 kg/m
(figure1). The cells diameter was 335mm at 600mm centres.
c) Beam 3: Am asymmetrical composite Cellular Beam, having multiple circular web
openings, was produced on the basis of UB 356x171x57 as a top tee section and of UB
457x191x74 as a bottom tee section having finished depth of 555x171/191ACBx 65.5 kg/m
(figure 1). The cells diameter was 375mm at 600mm centres.
The Cellular Beams were S355 steel grade. In all six tests was used a 150mm thick x 1100mm wide
concrete slab, of normal weight concrete, grade 35N/mm2. The reinforcement consisted of welded wire
mesh A142 of 460N/mm2 yield strength. The interaction between slab and Beam was ensured in all
specimens with shear connectors of 19mm diameter studs at height 95mm. They have been equally
distributed in one row with a distance of 150mm over the Beam length. The steel deck was Multideck 50
–V2 of strength 350N/mm2, having 0.9mm thickness. Concrete compressive strength was determined at
different stages of time: after 2 weeks, 28 days and during the testing days fiving an average of 35N/mm2
using a compressive strength calibrated machine at the University of Ulster. The geometry data of
Cellular Beams are presented in Table 1.
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Figure 1: Cellular Beams geometry
Table 1: Cellular Beam Geometry Data

Geometry
Span (mm)
Top flange:
width
/thickness
Top tee depth
(mm)
Bottom
flange: width/
thickness
Bottom tee
depth(mm)
Web
thickness:
top/bottom
(mm)
Overall depth
(mm)
Cell
diameter(mm)
Cell Spacing

Beam1
4500

Beam 2
4500

Beam 3
4500

172/13

190/14.5

172/13

255

275

255

307/23.6

190/14.5

190/14.5

300

275

300

8/14

9/9

8/9

555

550

555

375
600

335
600

375
600

2.2 Mechanical and Thermal Loading
Beam 1 was tested under two-points loading and the other 2 Beams were tested under one point
loading; both ends of the Beams were simply-supported. The Beams were designed at ambient
temperature in order to determine the failure load. The loading was considered nearly equal to 30% of the
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ultimate load found from the pre-design at cold conditions and by taken into account the previous tests
conducted at University of Ulster as reference [1].
In order to evaluate the deflection limit for the protected Cellular Beams the applied loading in
protected and unprotected composite Cellular Beam tests were kept the same. The applied load for Beam
1 was 200kN and 150kN for Beam 2 and Beam 3.
The six fire tests, protected and unprotected composite Cellular Beams were conducted in the furnace
of FireSERT facilities, of university of Ulster. The fire load was represented by the standard ISO 834 fire
curve. Exposed to fire was the lower side of the composite slab and the steel section.
2.3 Temperature Distribution and Deflection
Temperatures distribution on the composite Cellular Beams were recorded by 33 thermocouples
disposed at various location along the Cellular Beam in different zone (figure 2) and by 10 thermocouples
disposed along the composite slab. Deflections and axial displacements were recorded using 5 Linear
Differential Transducers LVDT’s, placed in different location on the unexposed concrete slab.

Figure 2: Thermocouples locations

3 EXPERIMENTAL RESULTS
The maximum recorded temperatures on the protected composite Cellular Beams were in the bottom
web of the steel sections. At time 66 minutes when the furnace test stopped the maximum temperatures
were 787°C, 837°C, 798°C for Beam 1, Beam 2 and Beam 3 respectively. The results of the temperatures
distribution through the steel sections are presented in Figure 3 and Figure 4. On Figure 4 is also
presented a comparison of the temperatures distribution of the protected and unprotected Beam 3. The
protected composite Cellular Beams failed in longer time than the unprotected and the recorded
deflection at failure time was less than the unprotected.
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Figure 3: Temperatures distribution of Cellular Beams 1 and 2

Figure 4: Temperatures distributions of Cellular Beam 3 (left), comparison protected and unprotected Beam 3
(right)

Figure 5 shows pictures taken after the test on Cellular Beam 2 after the furnace test showing the
carbonaceous char and the deflection of the Beam web.

Figure 5: Protected Cellular Beam 2 after the test
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4 NUMERICAL ANALYSIS
Eurocode 3, EN 1993-1-2, provides an equation for calculating the temperature increase Δθa,t of a
protected steel member, in the case of uniform temperature distribution in a cross-section [7].

'T a ,t
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[

O p ,t d p
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u

Ap § 1
u¨
V ¨© 1  )

·
¸¸ u T t  T a ,t 't ]  [ e) 10  1 'T t ]
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In equation 1, θt is the gas temperature, θa,t is the steel temperature, Ap/V is the section factor of the
protected steel section, dp fire protection material thickness, ca, ρa, the specific heat and density of steel,
cp, ρp specific heat and density of the protection material and λp,t the effective thermal conductivity of the
fire protection material at time t.
Intumescent coating is a thermal reactive material; consequently, its effective thermal conductivity
does not have a fixed relationship with temperature. Thus, the fire exposure of intumescent coating is
important [8]. In the paper of X.H et al [9] the effective thermal conductivity of intumescent coating was
computed using the inverse solution of equation 1 and experimental data from a test series of ten
specimens[8-9]. This approach is being taken from DD ENV1331-4:2002 [10].
The steel temperatures of protected steel section exposed to ISO 834 curve were calculated using
equation 2. The thermal effective conductivity was taken as computed in papers X.H et al [9] and R.P.K
et al [8]. The material properties of the intumescent coating are presented in Table 2.
During the tests conducted, in the University of Ulster, on the three protected composite Cellular
Beams, it was observed that the thickness of the thin film of the applied intumescent coating was
changing with the exposed temperature. This is the characteristic of intumescent coatings, forming a thick
char surrounding and insulating the steel Cellular Beam from fire. Based on these observations the fire
protection thickness and thermal properties materials were calibrated for to be used in the calculations of
the steel temperatures using equation 1.
Table 2: Intumescent coating properties

Fire Protection

Density Specific Heat
J/kgK
kg/m3
Intuscement Coating 1300
1000
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Figure 6: EC3 and experimental steel section temperatures of protected Cellular Beam 3

From Figure 6 it can be concluded that the calculated protected steel section temperatures, Eurocode
3, is in a relative good agreement with the experimental results. The Eurocode 3 calculations gives the
top and bottom web of protected Cellular Beam2 to have the higher temperatures, 723°C at 60 minutes of
fire exposure, than the other section parts. Although, the experimental results shows that the bottom web
has the higher temperature, 798°C at 60 minutes exposure. The reason for this difference is the geometry
of the Cellular Beam 2.

5 FINITE ELEMENT MODELING
The composite slab and Cellular Beam sections were modelled, in the finite element software Diana,
using solid-brick elements and heating elements in order to add a temperature depended mesh on the
structural mesh. The steel deck, and the reinforcement mesh, within the concrete were included to the
model. For more accurately models with the fire tests the Beams were split into different areas.
The composite Cellular Beam 2, with two elongated web openings, fire load was represented by
different time/temperature curves according to the average thermocouple reading recorded in the
protected furnace tests for the bottom flange, bottom web, top web, top flange, the bottom layer of steel
decking and concrete slab.
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Figure 7: Experimental protected steel temperatures with FEM results

Figure 8: Deflection of Beam 2 compared with protected and unprotected test results

As demonstrated on the above Figure 7 the temperatures distribution given by the finite element
model is in a good agreement with the experimental results for the protected composite Cellular Beam 2.
In Figure 8 are showed the deflection results from the finite element analysis software Diana, the
experimental results for the protected and unprotected composite Cellular Beam 2. The protected Cellular
Beams deformation is less crucial than the unprotected. Also, the results from the finite element model
give a relative good estimation of the experimental results for the protected Cellular Beam 2. However,
with further calibrations finite element models can achieve better results.

5 CONCLUSIONS
Intumescent coatings are the most effective fire protection material for steel Cellular Beams. The
experimental results of the furnace tests of unprotected and protected composite Cellular Beams have
demonstrated that the recorded temperatures on the protected steel sections are less than the unprotected
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steel sections. Also, the deformation of the protected composite Cellular Beams is less crucial than the
unprotected.
Further investigation on the behaviour of protected composite Cellular Beams having longer span,
different geometry and different web openings could be proceed using finite element software. Although,
several factors used for the finite element analysis should be calibrated for better results.
The simplified analysis presented in Figure 6 will be used in the finite element model and compare
with the experimental as next step forward.
The failure mechanism in the protected composite Cellular Beam 2 is Vierendeel bending combined
with web post buckling as shown in Figure 5.
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Abstract. In order to reveal material behaviour of high strength structural steel S690 both in fire and
after fire, an experimental research has been carried out. The elastic modulus, yield strength and
ultimate strength of S690 in fire and after fire were presented herein. The comparison with current
European, American, British and Australian design standards of steel structures showed that the
material behaviour of high strength steel S690 in fire was different from that of mild steels, and the
current leading design standards were not applicable to high strength steel S690. This paper highlights
the necessity of employing unique elevated-temperature and post-fire material behaviour of high strength
steel S690 to conduct safe fire-resistance design and accurate evaluation after fire for steel structures
with S690. Moreover, the residual material behaviour of high strength steel S690 after fire was found
promising for its reuse, and some recommendations were proposed for its reuse after fire.

1 INTRODUCTION
Compared to mild steel, high strength steel offers higher performance in tensile stress, yield stress,
bending, weld ability and corrosion resistance. In Europe the cost of building a structure usually depends
more on fabrication, transportation and erection than on the price of raw material. In the construction of
steel structures high strength steel allows less material to be used, which reduces the volume of weld
metals and correspondingly the time of welding. Further, less material has to be transported and the
lighter weight simplifies the erection of structures. In some structural applications the light weight plays
an important role, because the payload can be increased or the running expense can be decreased, such as
cranes and vehicles. What is more, an increasing international concern on environment protection results
in more attention on saving energy and raw materials. Hence the practical application of high strength
steel in constructions has received some attention and is gaining more and more popularity due to its costeffective and environmental-friendly benefits. At present in some significant structures and landmark
constructions high strength steels have been employed, such as New York Freedom Tower, Beijing Bird’s
Nest Olympic Stadium and French cable-stayed road-bridge Millau Viaduct.
Due to numerous unpredictable fire hazards happen almost every day all over the world, structural
fire safety is currently one of the critical considerations in the design of high-rise buildings which are
usually made of steel. As a basis of evaluating fire performance of steel structures, the material behaviour
of steels in fire is significant. Since 911 World Trade Centre Tragedy, the material behaviour of steels has
been paid more attention and investigated, however the previous researches mainly focused on mild
steels. For high strength steels, the elevated-temperature material behaviour of S460 and BISPLATE 80
has been reported in literature; no quantitative research result has been found for high strength steel S690
in fire. Therefore there is a need in investigating the material behaviour of S690 at elevated temperatures
to fill in the research blank.
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Provided collapse does not occur when a steel structure is exposed to fire, the steel members begin to
cool once the fire starts to decay and the atmosphere temperature begins to decrease. Residual forces and
deformations redevelop in steel structures during the cooling phase and after cooling down, which might
be more dangerous conditions than in fire. Whether the steel structures once exposed to fire should be
removed, repaired or reused directly, a reliable evaluation is needed. However, as an critical basis of
evaluating the performance of steel structures after fire, the material behaviour of steels after fire is not
well documented in literature, neither mild steels nor high strength steels. In current leading design
standards, only British standard BS5950 [1] has some assumptions for the reuse of mild steels (S235,
S275 and S355) after fire, but not for high strength steels.
In order to keep pace with the application of high strength steel S690 in practice, an experimental
investigation on material behaviour of HSS S690 in fire and after fire has been conducted. This paper
presents the experimental results, including the deterioration of elastic modulus, yield strength, ultimate
strength of S690 at various fire temperatures and the residual material properties after cooling down from
various fire temperatures. For the tests in fire, both steady state tensile tests and transient state tensile tests
were conducted and compared. For the tests after fire, tensile tests were undertaken on specimens at
ambient temperature after cooling down from fire temperatures up to 1000 °C. The deterioration of
material behaviour of S690 in fire is represented by reduction factor while the residual factor is
representative of the residual material behaviour of S690 after fire. The obtained reduction factors of
material behaviour of S690 in fire were compared with the recommendations of current European,
American, Australian and British design standards. Based on the residual factors of material behaviour of
S690 after fire obtained herein, some recommendations were proposed for the reuse of steel members
made of HSS S690 after being exposed to fire. Further, some specific predictive equations based on
experimental results were developed to evaluate the material behaviour of HSS S690 in fire and after fire.

2 EXPERIMENATL STUDY
2.1 Test material and specimen
Table 1. Chemical composition of HSS S690QL material (%).

C
0.160
N
0.0026

Si
0.210
Nb
0.025

Mn
0.850
Ni
0.050

P
0.012
Ti
0.006

S
0.001
V
0

Cr
0.350
Al-g
0.093

Cu
0.030
B-g
0.0024

Mo
0.200
Zr
0

Thermocouples

(a) test coupons

(b) dimensions

Figure 1. Tensile test coupon and dimensions.

All test specimens were cut from a S690QL steel sheet with a nominal thickness of 5mm. S690QL is
a high strength structural steel produced in compliance with EN 10025-6 [2]. The material is heat-treated
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using the quenched and tempered process and has good bending and welding properties. S690QL is the
grade designation abbreviation of this steel, where S means structural steel, 690 is its minimum yield
strength, Q means quenching and tempering, and L means low notch toughness testing temperature. The
chemical composition of the tested high strength steel S690 was shown in Table 1. The shapes and
dimensions of the specimens were prepared in accordance with EN 10002-5 [3] and ASTM standard E2109 [4], as shown in Figure 1.
2.2 Test set-up
The tensile tests in fire were conducted using a Gleeble 3800 System, which is a fully integrated
digital closed loop control thermal and mechanical testing system, as shown in Figure 2. The direct
resistance heating system of the Gleeble 3800 can heat specimens or can hold steady-state equilibrium
temperatures. Gleeble 3800 has a digital control system, which provides all the signals necessary to
control thermal and mechanical test variables simultaneously through the digital closed-loop thermal and
mechanical servo systems. In this study, 3 pairs of thermocouples provided signals for accurate feedback
control of specimen temperatures, see Figure 1. The air temperature inside the furnace was obtained by
Gleeble 3800 System. The Gleeble 3800 mechanical system is an integrated hydraulic servo system
capable of exerting as much as 10 tons in tension. A non-contact laser extensometer was used to measure
the strain of the specimens. The experimental process was controlled by some predefined programming
options using QuikSim Software. All the data obtained from the tests were recorded by a computer and
could be monitored during testing. To obtain the post-fire material behaviour, the heating of the
specimens were conducted in a temperature-controllable electrical furnace, as shown in Figure 3, after
cooling down the tensile tests were conducted on specimens at ambient temperature using the Gleeble
3800 System.

Figure 2. Gleeble 3800 system.

Figure 3. Temperature-controllable furnace.

2.3 Test method and procedure
To assess the material behaviour of steels under fire conditions, the commonly used method is to
conduct tensile tests either in steady state or transient state. In order to compare the difference between
these two methods on high strength steel, both steady state test method and transient state test method
were conducted to study the material behaviour in fire. For the residual material behaviour after fire only
steady state test method was employed.
2.3.1 Steady state test in fire
In steady state test, the specimen was heated up to a specified temperature then loaded until it failed
while maintaining the same temperature. The heating rate used herein was 50°C/min, and the preselected
temperatures were 100°C, 200°C, 300°C, 400°C, 500°C, 550°C, 600°C and 700°C. After reaching the
preselected temperature, approximately 10mins was required for the temperature to stabilize, to ensure a
uniform temperature within the central part of the specimen. And then tensile load was applied to the

87

Xuhong Qiang, Frans S.K. Bijlaard and Henk Kolstein

specimen until failure. In the steady state tests, strain-control was employed. The strain rate used herein
was 0.005/min, which satisfied the requirement of ASTM Standard E21-09 [4]. In order to compare the
elevated temperature effect on material behaviour of S690, tensile tests were conducted at ambient
temperature as well.
2.3.2 Transient state test in fire
In transient state tests, the specimen was under some constant tensile load while the temperature rose
until failure occurred. The used tensile stress levels were preselected; they were 100, 200, 250, 300, 400,
500, 600, 650, 700, 800, 850 and 900MPa. The heating rate in all transient state tests was 10°C/min. The
total strain and temperature of the specimen during the whole test procedure were recorded. The thermal
elongation of specimen were subtracted from the total strain, and then the strains of specimen at various
temperatures could be obtained. Under some constant stress level the strain-temperature curves obtained
from transient-state tests can be transferred to stress-strain curves at various elevated temperatures, by the
method which Maljaars et al. [5] and Outinen [6] used in their previous researches.
2.3.3 Post-fire tensile test
In the temperature-controllable furnace the specimens were heated from ambient temperature to a preselected temperature under heating rate of 10°C/min. 13 elevated temperatures were selected in this study,
i.e. 100°C, 200°C, 300°C, 400°C, 500°C, 600°C, 650°C, 700°C, 750°C, 800°C, 850°C, 900°C and
1000°C. After reaching each pre-selected elevated temperature, approximately 10mins holding time was
required for the uniform temperature achieved in the whole specimen. And then the specimens were
cooled to ambient temperature, after which tensile tests were applied to them at ambient temperature in
the Gleeble 3800 System. All the tensile tests were conducted at ambient temperature until failure, and
the air temperature inside the rig was obtained by Gleeble 3800 System. In the tensile tests, strain-control
was used and the strain rate used herein was 0.005/min, which satisfied the requirement of ASTM
Standard E21-09 [4].

3

EXPERIMENTAL RESULTS AND DISCUSSIONS

3.1 Elastic modulus
Under fire condition the elastic modulus of steel is determined from the stress-strain curve at the
corresponding temperature, based on the tangent modulus of the initial elastic linear curve. Similarly, the
elastic modulus of post-fire steel is also obtained from the stress-strain curve of steel after cooling down
from certain elevated temperature. The deterioration of elastic modulus at elevated temperatures is
represented by reduction factor at corresponding temperature; while the post-fire material properties of
steel are representative by residual factors. Reduction factor of elastic modulus is determined from the
ratio of elastic modulus at some elevated temperature Eș to that at ambient temperature E20; residual
factor is calculated as the ratio of the elastic modulus after cooling down from some elevated temperature
E3ș to that at ambient temperature without being exposed to fire E20. In European, American, British and
Australian design standards, reduction factors are recommended for fire-resistance design and evaluation
of steel structures because of their simplicity. Therefore the reduction factors of elastic modulus Eș /E20
for S690 at various fire temperatures and the residual factors of elastic modulus E3ș /E20 after fire were
obtained and presented in Figure 4. The recommendations of some current leading design were included
for comparison. In Figure 4 the residual factor of S690 after fire was indicated, the others were reduction
factors.
It can be seen that for the prediction of elastic modulus of S690, the current European design standard
EC3 [7] and American design standard AISC [8] are generally conservative, and the prediction of
Australian design standard AS 4100 [9] is non-conservative.
In addition it can be seen when S690 is cooled down after exposed to elevated temperatures below
600°C, it can regain more than 90% of its elastic modulus. But beyond 600°C, there is a considerable
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elastic modulus reduction / residual factor

degradation of its post-fire elastic modulus. It is interesting to note that even being exposed to fire
temperatures up to 1000°C, HSS S690 can regain at least 60% of its nominal elastic modulus.
1.0

0.8

0.6

steady state S690
transient state S690
residual factor S690
EC3
AISC
AS4100

0.4

0.2

0.0

0

200

400

600

800

1000

1200

fire temperature (°C)
Figure 4. Reduction and residual factors of elastic modulus in fire and after fire.

3.2 Yield strength
In current design standards for steel structures, the reduction factors of yield strength recommended
by EC3 are based on the strain level of 2.0%, and in BS 5950 different reduction factors are given based
on three strain levels 0.5%, 1.5% and 2.0%. The yield strength at elevated temperatures studied herein
was defined based on the total strain of 2.0%, to agree with the normally used method in literature and
current leading design standards. The reduction factors of yield strength in fire were calculated by the
ratio of yield strength at elevated temperatures fyș to that at ambient temperature fy20. Similarly, the yield
strength residual factors after fire were calculated as the ratio of yield strength after cooling down from
elevated temperatures fyPș to that at ambient temperature fy20. The yield strength reduction factors and
residual factors of HSS S690 obtained from this experimental study were presented in Figure 5, where the
recommendations of current leading design standards were shown for comparison. In addition the yield
strength reduction factors of mild steels (i.e. S235 and S355) and S420M reported by Makelainen et al.
were also included as reference. In Figure 5, the residual factor of S690 after fire was indicated in legend,
the others were reduction factors.
It is confirmed that the recommendations of EC3 [7], BS 5950 [1] and AISC [8] are very accurate for
the yield strength reduction factors of mild steels S235 and S355, however not the case for S420M and
S690. When used to predict the yield strength reduction factor of HSS S690, the recommendations of
EC3 [7], AISC [8] and BS5950 [1] are non-conservative, AS 4100 [9] is conservative from 400°C to
550°C but not the case for other temperatures, while ASCE [10] is conservative from 300°C to 550°C but
not the case for other temperatures. Therefore it is proved that none of the current leading design
standards is applicable to predict the yield strength reduction factors of HSS S690 in fire.
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yield strength reduction/residual factor

It is interesting to note when S690 is cooled down after exposed to elevated temperatures below
600°C, it can regain almost 100% of its nominal yield strength. But beyond 600°C, there is a considerable
degradation of its post-fire yield strength. This is positive for the reuse of high strength steel structures or
components after fire. For safe consideration, a conservative suggestion is recommended to use 90% of
its nominal yield strength for post-fire S690 if it is exposed to fire temperatures below 600eC. Therefore
if structural members made of HSS S690 are exposed to fire temperature below 600eC and their
distortions remain within the tolerances for straightness and shape, they are reusable after fire.
In addition, it is worthwhile to mention that the residual yield strength of HSS S690 after fire is
different from that of mild steels. In British design standard BS 5950 [1], it recommends that for S235
and S275 at least 90% of the mechanical strength is regained irrespective of the temperatures attained
(even after heating to above 1000eC); for S355 it can be assumed that at least 75% of the strength is
regained on cooling from temperatures above 600eC. Hence, it is apparent that the residual yield
strength of structural steels after fire is dependent on steel grade.
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BS5950
AISC
ASCE
AS4100

0.8

0.6

steady state S690
transient state S690
Makelainen S420M
Makelainen S355
Makelainen S235
residual factor S690

0.4

0.2

0.0

0

200

400

600

800

1000

1200

fire temperature(°C)
Figure 5. Reduction and residual factors of yield strength in fire and after fire.

3.3 Ultimate strength
The ultimate strength reduction factors were calculated based on the ratio of ultimate strength at a
particular elevated temperature fXș to that at ambient temperature fu20. Similarly, the residual factors of
ultimate strengths after fire were calculated as the ratio of ultimate strength after cooling down from
elevated temperature fX3ș to that at ambient temperature fu20. The ultimate strengths reduction factors of
HSS S690 at elevated temperatures and residual factors after fire obtained herein were compared with the
recommendations of American design standard AISC [8], and the available research result for BISPLATE
80 from Chen et al. [11] was also included as reference, as shown in Figure 6. The ultimate strength
residual factor of S690 after fire was indicated in legend, the others were reduction factors.
The reduction factors of ultimate strength for S690 are below the recommendations of AISC [8]. In
AISC the recommendations for ultimate strength reduction factors obtained mainly from mild steels are
uniform for all steel grades, which are proved not safe for evaluating HSS S690 under fire condition.
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ultimate strength reduction/residual factor

Similar to elastic modulus and yield strength, it can be seen when S690 is cooled down after exposed
to elevated temperatures below 600°C, it can regain much more than 90% of its nominal ultimate
strength. But beyond 600°C, there is a considerable degradation of its post-fire residual ultimate strength.
For safe consideration, a conservative suggestion is recommended to use 90% of the nominal ultimate
strength for HSS S690 after fire if it is exposed to fire temperatures below 600eC.
It is interesting to note that, similar to yield strength, the residual ultimate strength of HSS S690 after
fire is different from that of mild steels. It means the residual ultimate strength of structural steels after
fire is also dependent on steel grade.
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transient state S690
Chen et al. BISPLATE 80
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residual factor S690
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1000
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fire temperature(°C )
Figure 6. Reduction and residual factors of ultimate strength in fire and after fire.

4

PREDICTIVE EQUATIONS

As discussed above, the material behaviour of high strength steel S690 in fire and after fire is
different from that of mild steels. Therefore some specific predictive equations were introduced herein to
assess the deteriorations of material behaviour of HSS S690 in fire and after fire, in order to offer
accurate choice for structural engineers to conduct safe fire-resistance design and accurate post-fire
evaluation of steel structures with S690. As fire temperature was the main reason causing the
deterioration of material properties of steel, the equations were developed as a function of the elevated
temperature ș, which specimens have been exposed to.
4.1 Material behaviour of S690 in fire
The predictive equations proposed for presenting the deteriorations of material behaviour of HSS
S690 in fire agree well with the experimental results, more details can be found in another research paper
[12], here only the predictive equations were introduced.
4.1.1 Elastic modulus

20 d T d 200,

ET
E 20

5.986 u 10 T  6.058 u 10 T  0.9903
6

2

4
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ET

200  T d 700,

1.709 u 10 T  9.914 u 10 T  4.991 u 10 T  0.8226
9

E 20

7

3

4

2

(1b)

4.1.2 Yield strength
Since the deviations between yield strength reduction factors of S690 under steady state fire condition
and that under transient state fire condition were not small, two sets of equations were developed to
predict the deterioration of yield strength of S690 exposed to fire. Equations 2 were proposed to evaluate
the yield strength reduction factors of S690 under steady state fire condition, while Equations 3 were
worked out to describe the yield strength reduction factors of S690 under transient state fire condition.
20 d T d 300,

f yT

f yT

300  T d 700,

20 d T d 450,

6.038 u 10 T  0.9906
5

f y 20

7.355 u 10 T  1.31 u 10 T  5.185 u 10 T  0.4003

(2b)

9.492 u 10 T  6.776 u 10 T  1.785 u 10 T  1.036

(3a)

6.126 u 10 T  1.077 u 10 T  5.999 u 10 T  10.02

(3b)

9

f y 20
f yT

f yT

450  T d 700,

3

9

f y 20

(2a)

3

2

6

3

8

f y 20

5

4

3

3

2

2

2

4.1.3 Ultimate strength
20 d T d 700,

f uT

1.959 u 10 T  3.024 u 10 T  1.232 u 10 T  1.757 u 10 T  1.033
11

f u 20

8

4

5

3

2

3

(4)

4.2 Material behaviour of S690 after fire
The predictive equations proposed for evaluating the residual material behaviour of HSS S690 after
fire were shown below. Good agreements between the predictive equations and experimental results were
proved exist previously [13].
4.2.1 Elastic modulus
20 d T d 600,

E PT
E 20

600  T d 1000 

E PT
E 20

1.52 u 10 T  2.70 u 10 T  3.35 u 10 T  1
10

8

3

2

5

6.27 u 10 T  1.38 u 10 T  8.95 u 10 T  0.806
9

3

5

2
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4.2.2 Yield strength

20 d T  650,

650 d T d 

f yPT
f y 20

f yPT
f y 20

1.0 

(T  20)

1.584

(6a)

9957T

1.80 u 10 T  4.03 u 10 T  2.74 u 10 T  4.711
8

5

3

2

2

(6b)

4.2.3 Ultimate strength
20 d T d 600,

600  T d 1000 

5

f uPT
f u 20
f uPT
f u 20

(7a)

1.000

1.24 u 10 T  4.13 u 10 T  5.077 u 10 T  0.271T  52.21
10

4

7

3

4

2

(7b)

CONCLUSION

This paper presents an experimental study on the material behaviour of high strength steel S690 at
elevated temperatures and after being exposed to fire. The elastic modulus, yield strength and ultimate
strength of S690 at elevated temperatures up to 700°C were reported herein. The comparison of HSS
S690 with S420M and mild steels proved that the deterioration of material behaviour of structural steels
in fire was dependent on steel grades. Hence the recommendations of current leading design standards on
the material behaviour of steels in fire, which were mainly obtained from mild steels, are not applicable to
high strength structural steels. It is highlighted that some specific statements for material behaviour of
high strength structural steels in fire are necessary in the current leading design standards. Further, some
unique predictive equations were worked out based on the experimental results to describe the
deterioration of S690 in fire. Moreover, the residual elastic modulus, yield strength and ultimate strength
of S690 after cooling down from fire temperatures up to 1000°C were presented as well. The recovery
ability of mechanical properties of HSS S690 after cooling down from fire is promising. Its residual
material behaviour after fire is almost not affected until being exposed to fire temperatures beyond 600°C.
This is very positive for the reuse of steel structures or members made of HSS S690 after being exposed
to fire. For safe consideration, a conservative suggestion is recommended to use 90% of the nominal
material behaviour for HSS S690 after fire, if the fire temperature is below 600eC. To evaluate the
residual material behaviour of S690 after cooling down from fire temperatures beyond 600eC up to
1000 e C, some predictive equations were proposed to accurately determine elastic modulus, yield
strength and ultimate strength. The research results described herein can be used by structural engineers
to conduct safe fire-resistance design of steel structures with HSS S690 and accurate evaluation of high
strength steel structures after being exposed to fire, as well as supports other related research about fire
performance of steel structures with high strength steel S690.

93

Xuhong Qiang, Frans S.K. Bijlaard and Henk Kolstein

REFERENCES
[1]

Institution BS. BS 5950, Structural use of steelwork in building, Part 8: Code of practice for
fire resistant design, London, 1998.

[2]

CEN, European Standard EN 10025-6, Hot rolled products of structural steels - Part 6:
Technical delivery conditions for flat products of high yield strength structural steels in the
quenched and tempered condition, Brussels, 2009.

[3]

CEN, European Standard EN 10002-5, Metallic materials-Tensile testing-Part 5: Method of
testing at elevated temperature, Brussels, 1992.

[4]

ASTM, E21-09, Standard test methods for elevated temperature tension tests of metallic
materials, West Conshohocken, 2009.

[5]

Maljaars J., Twilt L., and Soetens F. , “Flexural buckling of fire exposed aluminium columns”
Fire Safety Journal, 44, 711–717, 2009.

[6]

Outinen, J., “Mechanical properties of structural steels at high temperatures and after cooling
down” , PhD thesis, Helsinki, Finland: Helsinki Univ. of Technology, 2007.

[7]

European Committee for Standardization (CEN), EN 1993-1-2, Eurocode 3 - Design of steel
structures Part 1-2: General rules - Structural fire design, Brussels, 2005.

[8]

American Institution of Steel Construction (AISC), Specification for structural steel buildings,
Chicago, 2005.

[9]

Australian Standards (AS) , AS 4100, Steel structures, Sydney, 1998.

[10]

American Society of Civil Engineering (ASCE), Structural fire protection, New York, 1992.

[11]

Chen J., Young B., and Uy B., “Behavior of high strength structural steel at elevated
temperatures”, J Struct Eng-ASCE, 132, 1948-1954, 2006.

[12]

Qiang, X., Bijlaard, F.S.K. and Kolstein, M.H., “Predictive equations for high strength
structural steel S690 exposed to fire” , Advances in Steel Concrete Composite and Hybird
Structures - Proceedings of the 10th International Conference, R. Liew (ed.), ASCCS,
Singapore (2- 4/07), 2012. (in press)

[13]

Qiang, X., Bijlaard, F.S.K. and Kolstein, M.H., “Post-fire mechanical properties of high
strength structural steels S460 and S690”, Engineering Structures, 35, 1-10, 2012.

94

7th International Conference on Structures in Fire
M. Fontana, A. Frangi, M. Knobloch (Eds.)
Zurich, Switzerland, June 6-8, 2012

CREEP BEHAVIOR OF ASTM A992 STEEL AT ELEVATED
TEMPERATURES
Jinwoo Lee*, Mohammed A. Morovat *, Michael D. Engelhardt * and Eric M. Taleff**
* Ferguson Structural Engineering Laboratory, Department of Civil, Architectural and Environmental
Engineering, University of Texas at Austin
e-mails: jinwoo@utexas.edu, morovatma@mail.utexas.edu, mde@mail.utexas.edu
** Department of Mechanical Engineering, University of Texas at Austin
e-mail: taleff@mail.utexas.edu
Keywords: Creep, Fire, ASTM A992 Steel, Elevated Temperatures, Material Creep Model.
Abstract. This paper presents highlights of an extensive testing program recently completed to evaluate
the creep response of ASTM A992 steel under a wide range of temperatures and stress levels. Creep tests
were performed in which the steel was subjected to constant temperature and engineering stress, with the
response measured in terms of engineering strain versus time. Temperatures from 400 °C to 1000 °C
were considered in the creep tests. Applied stresses were fractions of the yield and tensile strengths
obtained from tension tests at the specific temperature. Test results are then compared against existing
material creep models for structural steel. The experimental results clearly indicate that material creep is
significant within the time, temperature, and stress regimes expected in a building fire and demonstrate
the need for a more reliable creep model for steel for structural-fire engineering analysis.

1 INTRODUCTION
Predicting the response of steel structures to fire requires information on the mechanical properties of
steel at elevated temperature, including creep behavior. An accurate knowledge of time-dependent
mechanical properties of steel at high temperatures is an integral part of predicting the response of steel
members subjected to fire, especially those elements whose behavior is controlled by buckling failure
modes [1].
A comprehensive review of the literature on high-temperature mechanical behavior of structural steel
reveals that there is very little experimental creep data on structural steels used in building construction
for the temperature and stress regimes of interest in structural-fire engineering applications. Furthermore,
there appears to be virtually no data for ASTM A992 steel, the most common grade of structural steel
used in the US building construction practice. The specified minimum yield and tensile strength of A992
steel is 50 ksi and 65 ksi, respectively.
This paper presents some results of an extensive testing program on the phenomenon of hightemperature creep of ASTM A992 steel. The experimental creep data is then compared to several models
for predicting creep, to assess the accuracy and limitations of creep models.

2 CREEP OF STEEL AT ELEVATED TEMPERATURES
2.1 Creep phenomenon
The term creep refers to time-dependent strain response of materials, or more generally to time- and
rate-dependent stress-strain response. At normal temperatures, the stress-strain response of steel shows
only a very mild dependence on loading rate and virtually no dependence on time, for typical loading
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rates seen in buildings. Therefore, creep effects are normally neglected in the analysis and design of steel
structures at normal temperatures. However, as temperature increases, steel exhibits increasingly
significant creep effects. Creep tests on materials are commonly conducted by subjecting the material to
constant stress and temperature, and then measuring strain as a function of time. A typical creep curve is
often divided into the three phases of primary, secondary and tertiary creep. In the primary stage, the
curve is nonlinear and typically exhibits a decreasing creep strain rate with increase in time. In the
secondary stage, the creep strain rate is almost constant, and this stage is often referred to as steady-state
creep. In the tertiary stage, the creep strain rate increases with time. For steel, the shape of the curve, the
magnitude of the creep strain, and the time scale are highly dependent on temperature and stress level.
2.2 Literature on high-temperature creep
The creep behavior of steel at elevated temperatures has been studied and reported by several
researchers [2, 3, 4, 5, 6, 7, 8, 9, 10]. One of the simplest and most widely used creep models is the
Norton-Bailey model, also known as the creep power law [2, 3]. Although the Norton-Bailey law is
capable of modeling primary creep, it can define the steady-state or secondary stage of creep more
accurately. One of the widely used creep models in structural-fire applications proposed by Fields and
Fields [6] incorporates a power law and represents creep strain, εc, in the form of a Norton-Bailey
equation as follows:
ε c  at

b

σc

(1)

In this equation, t is time and σ is stress. The parameters a, b and c are temperature-dependent material
properties. Fields and Fields [6] derived equations for these temperature-dependent material properties
for ASTM A36 steel. The model developed by Fields and Fields [6] is capable of predicting creep in the
temperature range of 350 °C to 600 °C and for creep strains up to 6-percent. The validity of this creep
model will be discussed in more detail in the following sections of this paper.
Another creep model commonly used for structural-fire engineering applications is the one developed
by Harmathy [5]. Harmathy appears to be one of the first investigators who attempted to develop a creep
formula for structural steels subjected to fire exposure. Harmathy [5] proposed a creep model based on
experiments on several structural and prestressing steels including ASTM A36. His model attempts to
predict creep strains in both the primary and secondary stages of creep. The model proposed by
Harmathy represents creep strain, εc, for steel as follows:
ε c  (3Zε c2 )


1

1
3θ 3

 Zθ

when

dσ
 0 and θ   t te
0
dt

 Qc

RT dt
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In this equation, θ is the temperature-compensated time in Dorn’s creep theory [4], Z is the slope of the
secondary part of the creep curve, also known as the Zener-Hollomon parameter [8], and εc₀ is the
intercept obtained by extending the straight-line section (secondary part) of the εc(θ) curve to the εc axis.
The parameters εc₀, and Z are stress-dependent material parameters.
Although models developed by Fields and Fields [6] and Harmathy [5] are referenced by many
investigators in the field of structural-fire engineering, their predictions of creep strain for some applied
stress levels and temperatures are quite different. This difference in creep predictions will be discussed in
the following sections.
The last creep model considered in this paper is the one developed by Batsoulas [7]. The significant
feature of this creep model, shown in Equation 3, is that it can describe the primary, secondary and
tertiary stages of the creep curve.
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In this equation, t is time and σ is stress. The parameters a,  and K are temperature-dependent material
properties.

3 EXPERIMENTAL CREEP OF ASTM A992 STEEL AT HIGH TEMPERATURES
3.1 Equipment and specimens
An extensive series of creep tests were conducted on tension coupons made of samples of ASTM
A992 steel. A 22 kips (100 kN) capacity MTS 810 test frame with water cooled wedges was used to
conduct the tests. The heating system consisted of an electric furnace, the furnace temperature controller,
and the data acquisition system for recording and monitoring coupon temperatures.
An MTS Model 653 furnace (Figure 1) was used as the heating device. The furnace generates heat
using electrical coils, and is separated into upper, middle and lower heating zones that can be individually
controlled using an MTS Model 409.83 temperature controller. Three thermocouples are located inside
the furnace to measure the furnace air temperature.

Figure 1. High-temperature testing device and thermocouples on coupon prior to testing

Coupon temperatures were monitored and controlled using a separate data recording system as shown
in Figure 2. Three K-type thermocouple wires were used to measure the surface temperature of the
specimen at different locations along the gauge length of the coupon. The researchers found that
considerable experience was required in the control of the three zones of the furnace in order achieve
uniform temperature along the gage length of the coupon, and in order to achieve the target temperature
of the steel. However, using temperature control strategies developed through experience, it was possible
to keep temperature differences between the actual temperature of a specimen and a target temperature
within ±3 °C for temperatures below 1000 °C.

(a) Schematic diagram of heating system

(b) General view of the experimental set-up

Figure 2. Test set-up consisting of the test machine and heating system.
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An MTS Model 632.54E-11 air-cooled high-temperature extensometer with 1-in. gauge length (with
limit strain of -5 to +10%) was used to measure strain. In order to capture the entire stress-strain
relationship, throughout the course of the tests, the 1-in. gauge-length extensometer was reset when it
approached the 10% limit. The resetting procedure is described in detail in Lee [11].
All specimens were cut from the flanges of a single W4×13section made from ASTM A992 structural
steel. The dimensions of the specimens are shown in Figure 3. The cross sectional area of each coupon
was approximately 0.17 in2. The coupons were prepared so that their longitudinal dimension was along
the rolling direction of the wide flange member. The result of a chemical analysis of the steel used in this
research is presented in Table 1.

Figure 3. Dimensions of the coupon specimens.
Table 1. Chemical Composition of the Tested Specimens (Weight %).

Coupon

C

Mn

Cu

Si

Cr

Ni

Mo

S

Nb

P

Sn

Flanges

0.08

0.91

0.24

0.23

0.10

0.09

0.026

0.025

0.014

0.011

0.01

3.2 Testing procedure
All tests were steady-state temperature tests, in which the specimens were heated up to a specified
temperature and then loaded while maintaining the same temperature. During the initial heating process,
the load was maintained at zero to allow free expansion of the specimen.
Two types of tests were conducted as part of this research. The first type of test was a tension test in
which the specimen was heated to the target temperature under no load, and then loaded to failure. These
tests were conducted under displacement control, in which a crosshead displacement rate was maintained
at a constant value of 0.01 in./min throughout a test. Tension tests were conducted at 20°C, and then at
temperatures of 100 to 1000 °C, in increments of 100 °C. The purpose of the tension tests was to
establish the basic stress-strain curves for the material at various temperatures, and to establish values of
yield strength and ultimate tensile strength at each temperature. Results for selected temperatures are
listed in Table 2. The yield strength values reported in this table are based on a 0.2-percent strain offset
definition.
Table 2. Yield and tensile strengths of ASTM A992 steel

Temp (°C)

20

400

500

600

700

800

900

1000

Yield Strength (ksi)

51.8

35.4

29.0

18.8

9.0

5.3

4.5

2.8

Tensile Strength (ksi)

68.3

60.0

39.0

18.9

9.7

6.1

5.3

3.3

The second type of test conducted in this research, and the main objective of the experimental
program, was the creep test. For these tests, the coupons were heated to the target temperature under no
load. Load was then applied to the coupon, and held at a constant level, usually for a period of two hours.
The initial application of the load, from zero to the target value was done rapidly, typically in less than 2
seconds, to minimize the influence of creep in the initial loading process. Creep tests were conducted at
temperatures of 400 to 1000 °C, in increments of 100 °C. The application of a constant load resulted in
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the application of a constant engineering stress (load divided by initial cross-sectional area). Note that the
term “stress” as used in this paper refers to engineering stress. For each temperature, creep tests were run
at four levels of constant load, in order to achieve constant stress levels that corresponded to 50, 75, and
90 percent of the yield strength and 90 percent of the tensile strength of the material at the specified
temperature, as reported in Table 2. For example at 500 °C, the measured yield and tensile strength were
29.0 ksi and 39.0 ksi, respectively (Table 2). Thus, the corresponding stress levels used for the creep tests
were 14.5 ksi, 21.7 ksi, 26.1 ksi, and 35.1 ksi, corresponding approximately to 50, 75, and 90 percent of
29.0 ksi and 90 percent of 39.0 ksi.
3.3 Tensile creep curves
Selected results of creep tests are shown in Figures 4 through 10 for materials from the flanges of the
W4×13 section. Figure 11 shows a photo of the coupons after testing. The full data are reported in Lee
[11]. These figures show the measured strain versus time response the coupons of ASTM A992 steel
while being exposed to specified constant stresses and temperatures. The strain plotted in these figures
includes the strain measured while increasing the load from zero to the target values, and the strain
measured while at constant load. Thus, the curves include both instantaneous strain and creep strain. At
higher temperatures, say at about 600 °C and above, the instantaneous strain during initial load
application was very small compared to the subsequent creep strain.
As can be observed from these figures, at low to moderate stress levels, creep becomes significant at
about 500 °C while at high stress, the creep strains are large even at 400 °C. Interestingly, curves at
temperatures above 700 °C corresponding to moderate and high level of stresses indicate that the steel
material almost immediately enters the tertiary stage of creep, with a rapid increase in creep strain over a
short time interval. Moreover, as can be seen in Figures 8 and 9, at moderate stress levels, the coupon
actually fractured in the time frame of less than 2 hours, a phenomenon known as stress rupture or creep
rupture.
The data plotted in Figures 4 through 10 suggest that creep strains can be quite significant for
temperatures, stress levels, and time durations that might be expected in a typical building fire. For
example, at a steel temperature of 700 °C and a stress level under10 ksi, creep strains on the order of 2percent are achieved in less than 45 minutes. This suggests that ignoring creep may lead to highly
inaccurate predictions of structural response for some classes of structure-fire problems.

Figure 4. Creep curves at 400 °C.

Figure 5. Creep curves at 500 °C.
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Figure 6. Creep curves at 600 °C.

Figure 7. Creep curves at 700 °C.

Figure 8. Creep curves at 800 °C.

Figure 9. Creep curves at 900 °C.

Figure 10. Creep curves at 1000 °C.

Figure 11. Coupons after creep testing

4 ANALYTICAL CREEP OF ASTM A992 STEEL AT HIGH TEMPERATURES
As part of this research investigation, an attempt was made to develop a model that could predict
strain versus time for ASTM A992 steel for various stresses and temperatures. The model, which was fit
to the experimental data, is shown in Table 3 and presented in Figure 12. The model includes both an
initial instantaneous strain term, which is independent of time, and a time dependent creep strain term.
The initial strain term includes both time-independent elastic and plastic strains. The creep strain term is
written in the form of a double power law. This form of the creep strain permits capturing all three stages
of creep: primary, secondary and tertiary.
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Table 3. Suggested creep model.

Stage

Time Range

Initial

t = t0

Creep

t0 < t ≤ tr,t3

Suggested Creep Model (400°C ≤ T ≤ 1000°C)

Figure 12. Suggested creep model for ASTM A992 steel.

The parameters in the suggested creep model obtained through the process of curve fitting to the
creep test results of ASTM A992 steel are summarized in Table 4. It should be noted that these
parameters are functions of both stress and temperature.
Table 4. Parameters used in the suggested creep model

Temp. (°C)
400

500

600

700

800

σ (ksi)
0.50Fy
17.7
0.75Fy
26.6
0.90Fy
31.9
0.90Fu
54.0
0.50Fy
14.5
0.75Fy
21.7
0.90Fy
26.0
0.90Fu
35.3
0.50Fy
8.4
0.75Fy
12.6
0.90Fy
15.1
0.90Fu
17.0
0.50Fy
4.5
0.75Fy
6.8
0.90Fy
8.1
0.90Fu
8.7
0.50Fy
2.7
0.75Fy
4.0
0.90Fy
4.8
0.90Fu
5.5

t3(min)
120
120
120
120
120
120
120
120
120
120
120
120
120
120
120
120
120
120
120
84

A1
1.00E-04
7.50E-04
1.25E-03
1.25E-02
5.00E-05
2.50E-04
1.00E-03
2.00E-03
4.00E-05
3.00E-04
4.00E-04
5.00E-04
1.50E-04
2.00E-04
3.00E-04
4.00E-04
1.50E-04
6.00E-04
8.00E-04
8.00E-04
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n1
0.050
0.045
0.040
0.052
0.310
0.120
0.120
0.300
0.440
0.230
0.355
0.544
0.525
0.665
0.880
0.950
0.770
0.800
1.000
1.170

A2
1.00E-07
3.00E-08
3.00E-08
3.00E-08
2.00E-07
2.00E-07
2.00E-11
2.00E-11

n2
2.100
2.310
2.720
3.000
1.980
2.520
4.720
5.200
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900

1000

0.50Fy
0.75Fy
0.90Fy
0.90Fu
0.50Fy
0.75Fy
0.90Fy
0.90Fu

2.3
3.4
4.1
4.8
1.5
2.2
2.6
2.9

120
120
118
53
120
120
120
120

2.00E-04
5.00E-04
1.00E-03
1.50E-03
3.00E-04
6.00E-04
2.00E-03
2.00E-03

0.865
0.890
0.920
1.100
0.830
0.950
0.860
0.980

2.00E-07
2.00E-07
2.00E-18
2.00E-18
2.00E-07
2.00E-07
2.00E-08
2.00E-08

1.770
2.250
8.100
9.630
1.880
2.280
3.050
3.230

5 EVALUATION OF MATERIAL CREEP MODELS
In this section, the experimental creep results along with the suggested creep model are compared
against the creep material models by Fields and Fields [6], by Harmathy [5] and by Batsoulas [7]. The
creep material models by Fields and Fields and by Harmathy were developed for ASTM A36 steel
(specified Fy = 36 ksi). It appears that the Batsoulas model was also developed for steels similar to ASTM
A36. Since the material under consideration here, ASTM A992, has a larger strength than ASTM A36,
the application of these models to A992 steel is unclear. However, in an attempt to provide a basis for
comparison, the models by Fields and Fields, by Harmathy, and by Batsoulas were modified to account
for the strength difference between A36 and A992. The primary modification made was that the stress
value used in the models was modified by the ratio of 36/50. Thus, for example, if the applied stress in a
test on A992 steel was 30 ksi, the stress value used in the A36 creep models was entered as 30 ksi x
(36/50) = 21.6 ksi. Further, it should be noted that the computed model predictions all included both the
instantaneous strain and the creep strain for all models except Harmathy. A full description of how the
models by Fields and Fields, by Harmathy, and by Batsoulas were interpreted and modified for
comparison with this experimental creep data is described in Lee [11].
Predictions from material creep models are compared with experimental results in Figures 13 through
18. Several observations can be made from these figures. First, it can be observed that the suggested
model (Tables 3 and 4) matches the experiments quite well. This, of course, is no surprise since the
model parameters were fit to match the experimental data. More importantly, however, the form of the
suggested model can capture all three stages of creep quite well. For example, at lower temperatures and
stress levels, the strain versus time response is dominated by primary and secondary creep. However, at
higher temperatures, the response is dominated by tertiary creep, even for short time periods. The form of
the suggested model can reasonably capture this wide range of creep responses. The specific parameters
of the model (Table 4) were chosen to fit this data, and it is unclear how well these parameters would
predict creep for other steels, even other samples of A992 with somewhat different values of yield stress.
Nonetheless, if the proper parameters can be determined through testing, the form of the suggested model
is quite versatile is modeling the full range of creep behavior.
It can also be observed that the predictions by Fields and Fields, by Harmathy, and by Batsoulas do
not in general agree with the test results, and in some cases, are grossly different. Most of these
discrepancies likely reside in the limitations in the scope of such creep models. As noted above, these
models were developed for a lower strength steel (A36), and so their application to A992, even with the
adjustments described above, is unclear. Further, the models were intended for specific temperatures and
strains. For example, the Fields and Fields models were based on experiments that were conducted in the
temperature range of 350 °C to 650 °C. Further, the maximum creep strain reached during the
experiments was about 6%. Therefore, caution should be observed in extrapolating strain values for
temperatures above 650 °C and for strain values higher than 6%. It should also be added that the creep
models by Fields and Fields [6] and by Harmathy [5] are suitable for predicting creep strains in the
primary and secondary stages of creep. As a result they can not capture tertiary creep behaviors observed
at temperatures above 700 °C. All in all, observations like these clearly show the need for more reliable
creep models for structural steel at elevated temperatures.
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Figure 13. Creep model comparison at 400 °C.

Figure 14. Creep model comparison at 500 °C.

Figure 15. Creep model comparison at 600 °C.

Figure 16. Creep model comparison at 700 °C.

Figure 17. Creep model comparison at 800 °C.

Figure 18. Creep model comparison at 1000 °C.

5 CONCLUSIONS
This paper has presented representative results of on-going research on the time-dependent or creep
behavior of structural steel. Creep behavior has been presented as strain-time curves at constant stresses
and temperatures for ASTM A992 structural steel. A material creep model was suggested for A992 steel
based on these tests. The suggested material creep model, as well as models reported in the literature, was
compared with the experimental creep data.
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Several conclusions can be made from this work. First, the test data shows creep strains can be quite
significant for temperatures, stress levels, and time durations representative of building structures
exposed to fire. This suggests that ignoring creep may lead to highly inaccurate predictions of structural
response for some classes of structure-fire problems. Secondly, existing creep models may provide poor
predictions when compared to experimental data. Interpretation of creep models is difficult, and it is
unclear how far they can be interpolated or extrapolated beyond the specific steels, temperature ranges
and stress levels for which the model parameters were fit to experimental data. Thus, the fundamental
conclusion of the authors is that the ability to accurately model creep in structural-fire engineering
problems, at present, is quite poor. Considering the potential importance of creep in structural-fire
engineering analysis, considerable work is needed to develop more robust and accurate creep models for
steel.
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Abstract. Fire resistance has become an important part in structural design due to the ever increasing
loss of properties and lives every year. Conventionally the fire rating of load bearing Light gauge Steel
Frame (LSF) walls is determined using standard fire tests based on the time-temperature curve given in
ISO 834 [1]. Full scale fire testing based on this standard time-temperature curve originated from the
application of wood burning furnaces in the early 1900s and it is questionable whether it truly represents
the fuel loads in modern buildings. Hence a detailed fire research study into the performance of LSF
walls was undertaken using real design fires based on Eurocode parametric curves [2] and Barnett’s
‘BFD’ curves [3]. This paper presents the development of these real fire curves and the results of full
scale experimental study into the structural and fire behaviour of load bearing LSF stud wall systems.

1 INTRODUCTION
In recent times, LSF stud wall systems are extensively used in residential, industrial and commercial
buildings as primary load bearing components. Although they have been used widely, their behaviour in
real fires is not fully understood, especially in relation to fire resistance. The fire resistance of LSF stud
walls has been traditionally determined using the standard fire tests specified in ISO 834 [1]. Fire
Resistance Rating (FRR) should be sufficient in a fire event, for safe evacuation, fire service intervention
and for rescue activities. Recent researches [4-6] have shown that the actual FRR of building elements
exposed to real building fires is significantly less than that obtained from standard fire tests. Based on a
series of Cardington fire tests, Lennon and Moore [4] suggested that the standard fire exposure would
severely underestimate the severity of the fire in terms of maximum temperature and duration. Jones [5]
has also shown that the actual fire resistance of building elements exposed to real building fires can be
significantly less than the FRR obtained from exposing them to standard time-temperature curve [1].
Fire testing of LSF wall systems is generally based on the standard time-temperature curve given in
ISO 834 [1], which originated based on wood burning. In reality, modern residential and commercial
buildings also incorporate synthetic foams, fabrics and thermoplastic materials. Bwalya et al.’s [7] recent
fire load survey of Canadian residential dwellings showed that although the cellulosic material takes up
the highest contribution, plastics occupy 13 to 39% by weight and contribute 20 to 48% to the fuel load.
This shows a significant contribution from synthetic plastic materials to the fire loads in residential
dwellings. During a fire, these thermoplastic materials melt and flow to the floor and burn faster with
higher heat release rates resulting in more severe fires than standard fires. Therefore building structural
elements may not ensure safe evacuation, or offer the required life safety for occupants and fire rescuers.
The experimental time-temperature curve should cover most of the potential fires in buildings.
However, the present standard time-temperature curve [1] may not meet this requirement. This was
shown by many researchers [4-6] using compartment tests, where the maximum temperature of a natural
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fire exceeded the standard ISO curve within a short period of time from ignition. Also the shape of the
curve strongly relates to the behaviour of an element during a fire. The natural building fire has a decay
phase, whereas the ISO curve [1] rises continuously. This may be conservative for long duration, average
temperature rise fires, but not for short duration, very hot fires. Also there is some concern nowadays
about the importance of the behaviour of structural elements in the decay (cooling) phase of a building
fire. Guo and Bailey [8] showed that significant structural damage can occur during the cooling phase.
Standard fire tests will give good comparative results for building systems tested under identical
conditions, and also valuable basic data, but do not provide accurate FRR for buildings which have a high
fire severity. In a real fire, the growth, fully developed burning and decay phases depend on aspects such
as the total fuel load present in the room, fuel type and configuration, ventilation openings and thermal
properties of compartment lining materials. To overcome the current limitations in fire resistance of LSF
walls, a research project is currently under way at the Queensland University of Technology (QUT). The
main objective of this project is to undertake both experimental and numerical studies of LSF stud wall
systems to develop a better understanding of the behaviour of these wall panels under realistic fire
conditions. This paper presents the details of the development of realistic fire curves based on Eurocode
parametric curves [2] and Barnett’s ‘BFD’ curves [3] and the results of full scale fire tests of five LSF
stud wall systems. The test variables included fire scenario, LSF wall panels and load ratio.

2 NON-STANDARD DESIGN FIRES
Fire behaviour prediction models representing the behaviour of a fire are of two types; pre-flashover
and post-flashover models. The post-flashover fire scenario models are important in the analysis and
design of the building fire safety systems whereas the pre-flashover fires mainly focus on the life safety of
building occupants, especially the toxic gas production and fire spread. Several equations and computer
models have been developed by researchers [3,9,10,15,16] to simulate the post-flashover timetemperature profiles. These fire profiles can be either probabilistic or deterministic models. The
probabilistic models are based on previously captured compartment and real fire events while
deterministic models utilise scientific principles to predict the fire behaviour with time. The fire profiles
were obtained and validated for different types of fuels and ventilation conditions. Also most of the fire
profile equations have limitations in-built within them and their range of application is limited and needs
extensive calculations to derive a suitable time-temperature profile. For computer models more reliable
and detailed measurement data from large-scale fire tests are needed for validation. Hence it is very
difficult to envisage the time-temperature profile of a compartment fire. Also it is clear that a predefined
standard fire curve in [1] to suit the real building fires is unrealistic and the design fires have to be
determined based on the fuel load, ventilation openings and thermal properties of wall lining materials in
a compartment. Therefore in order to investigate the structural and thermal behaviour of LSF wall panels
under real building fire conditions, the time-temperature profiles recommended in Eurocode 1 Part 1-2 [2]
known as the parametric curve and Barnett’s ‘BFD’ [3] curve were selected.
Eurocode parametric curve allows a time-temperature relationship to be developed for a combination
of the above mentioned parameters. The rate of temperature rise and peak temperatures in the Eurocode
parametric curves are well above those in the ISO fire curve [1] in most situations for the same time
period. But the decay rates are linear and very fast, leading to shorter fire durations. Pope and Bailey [11]
also states that Eurocode parametric curve under-predicts the temperatures in the decay phase and the
linear time-temperature relationship in the decay phase is not acceptable. Barnett [3] on the other hand
states that the parametric curves are unrealistic as they do not take the shape of a fully developed fire, and
recommends that the ‘BFD’ curve is much closer to the real fire time-temperature distribution. Barnett’s
‘BFD’ [3] curve uses a single log-normal equation to represent both the growth and decay phases of a fire
and has been developed using curve fitting to a wide range of experimental test results (142 natural fire
tests with a range of fuels and different enclosure materials). The ‘BFD Curve’ is a good replacement for
the standard time-temperature curve as it takes the shape of the natural fire curve and fits the results of
actual fire tests closer than other methods. It requires only three factors; the maximum gas temperature,
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the time at which it occurred and a shape constant. Hence in order to study the structural and thermal
behaviour of LSF walls under natural decay phase of a fire, Barnett’s ‘BFD’ curve is also considered.

3 DEVELOPMENT OF REAL BUILDING DESIGN FIRES
As mentioned earlier, design fires are determined based on three parameters, namely; fuel load,
ventilation openings and thermal properties of wall lining materials. Of these the fuel load density values
depend on geographic locations, type of building and room use. Many varying values have been
recommended by researchers and in codes of practice. It is uncertain which mean value and the percentile
are to be selected in determining the time-temperature fire curve representing a more realistic fire
scenario for residential buildings. Hence this question was raised with many academics, researchers and
experts in the field of fire engineering, whose common recommendations and suggestion are to select a
realistic value from the available literature that is justifiable to the present building environment than
using a value obtained 20 years ago. Also there is no definitive value for a type of building and the fuel
load density value alone does not provide a realistic time-temperature curve. Instead parameters such as
composition of fuel load and heat release rates are also important in obtaining a more accurate curve
together with ventilation opening sizes and thermal properties of wall lining materials. However for
design purposes it is obvious to select the worst case fire scenario, which reflects the actual fire growth in
a modern building. Therefore an average value of 780 MJ/m2 was selected from Eurocode 1 Part 1-2 [2],
which is very close to the Bwalya et al.’s [7] recent survey results (807 MJ/m2) obtained for Canadian
residential buildings. As recommended by most researchers, an 80th percentile value of 948 MJ/m2 was
selected for design purposes. Hence the design variable fuel load density based on floor area for
residential building is 1138 MJ/m2, taking in to account the combustion (m = 0.8), fire activation risks for
compartment area ( G1 = 1.5) and type of occupancy ( G 2 = 1) given in Eurocode 1 Part 1.2 [2].
Design fuel load density in a room is primarily made up of both permanent and variable fuel loads.
Permanent fuel loads includes built-in combustible materials such as wall and floor finishes and other
permanently installed equipment. The National Fire Protection Association (NFPA) in its NFPA 557 [12]
has proposed a value of 130 MJ/m2 for permanent fuel load density in buildings with non-combustible
construction. Hence the design fuel load density for residential buildings is determined as 1268 MJ/m2.
The compartment boundary of enclosure materials for this research is chosen to be with light gauge
steel partitions lined with gypsum plasterboards and rock fibre insulations for walls and ceiling, and with
concrete floor slab to represent a typical single storey residential building. The thermal inertia (b) for the
compartment enclosure materials was calculated using Equation 1 as given in Eurocode 1 Part 1.2 [2].

b

UcO

> J / m 2 s1 / 2 K ]

(1)

Properties of 16 mm thick Firestop(R) Gypsum plasterboard at ambient (20oC) temperature (Firestop(R)
manufactured by Boral Plasterboards, Australia) are: Density (U) – 729 kg/m3, Specific heat (c) – 950
J/kgK and Thermal conductivity (O) - 0.25 W/mK. These values were recommended by Keerthan and
Mahendran [13] based on their experimental and numerical studies of gypsum plasterboards, which led to
a value (b) of 416 J/m2s1/2K. The values of ‘b’ for rock fibre insulation and concrete floor are 145
J/m2s1/2K) [13] and (b = 1899 J/m2s1/2K) [14], respectively. To account for different fire scenarios, two
different fire compartments having light gauge steel frame walls and ceiling panels with and without rock
fibre insulations and concrete floor were selected in this research, where Compartment – A walls and
ceilings are lined with gypsum plasterboards and Compartment – B consists of rock fibre insulation
sandwiched between these two plasterboards. Based on the ‘b’ values above, the compartment thermal
inertia for enclosure surface with different layers of materials was calculated using the equations given in
Eurocode 1 Part 1.2 [2]. Table 1 shows the values used to develop the design real fire curves namely: fuel
load density (qf.d), ventilation factor (O) and thermal inertia (b) of the compartment. The compartment
geometry considered was based on the dimensions of 3600 (L) x 2400 (W) x 2400 (H) mm. Opening
factors 0.08 and 0.03 m1/2 were chosen to represent a rapid fire and a long-drawn-out fire for LSF walls.

107

Anthony D. Ariyanayagam and Mahen Mahendran

Using these parameters three Eurocode parametric curves [2] were developed as shown in Figure 1. Fire
curves EU1-(0.08) and EU2-(0.03) were considered to be the most appropriate curves as they represent a
rapid fire (EU1) and a prolonged fire (EU2), respectively. They also come within the acceptable fire
durations of about 60 minutes and 4 hours, respectively, for experimental purposes.
Table 1. Fire compartment characteristics

Design Parameters

Compartment - A

Opening factor - O (m1/2)

Compartment - B

0.08

0.03

0.03

2

1268

1268

1268

2 1/2

715

702

585

Design fuel load density - qf.d (MJ/m )
Compartment Thermal Inertia - b (J/m s K)
1400
1200

Temperature (oC)

1000
800
600
400
200
0

0

30

60

90

120

150

180

210

240

270

EU-1 (0.08) - Comp A

EU-2 (0.03) - Comp A

Time (mins.)
EU-2 (0.03) - Comp B
BFD-1 (0.08) - Comp A

BFD-2 (0.03) - Comp A

BFD-2 (0.03) - Comp B

Standard Curve - ISO

Figure 1. Real design fire time-temperature curves.

The ‘BFD’ curves [3] were also drawn for the same parameters as for the Eurocode parametric
curves. In comparison, the peak temperature values of Barnett’s [3] BFD curve are much less, but the
shape of the curve fits well with the natural fire curve. The ‘BFD’ curve [3] calculates the maximum
temperature from the equation recommended by Law [9] based on many experimental fires. This equation
may not incorporate the modern materials such as thermoplastics and synthetic foams. Therefore it was
decided to use the maximum temperature of the Eurocode parametric curve [2] for the ‘BFD’ curve. In
developing the ‘BFD’ curves for opening factors 0.03 and 0.08 m1/2, the time to reach the maximum
temperature (tm) was obtained from the Eurocode parametric curve equations as prescribed by the authors
of the ‘BFD’ curve [15]. The Eurocode parametric curve does not include the pre-flashover phase and the
time to reach the maximum temperature in Eurocode [2] (tmax) excludes the pre-flashover phase.
However, ‘BFD’ curve [3] is a natural fire curve, which incorporates both pre-flashover and postflashover phases. Hence the time to flashover point has to be added to tmax (Eurocode) to obtain tm (BFD).
The time to flashover was calculated based on Walton and Thomas’s [16] expression for the critical value
of heat release rate and fire growth rates specified in ISO 834 [1]. This way of modifying the original
‘BFD’ curves appears to be a reasonable solution to derive more realistic time-temperature curves for
design. The ‘modified BFD’ curves and the Eurocode parametric curves [2] are shown in Figure 1.

4 EXPERIMENTAL STUDIES
4.1 Test specimens
Test program consisted of fire tests of five LSF stud wall panels of 2100 mm width and 2400 mm
height (LSF1 to LSF5). The wall panels consisted of four cold-formed steel lipped channel sections (90 x
40 x 15 x 1.15 mm) spaced at 600 mm and tracks (top and bottom) made of channel sections (92 x 50 x
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1.15 mm). They were fabricated from 1.15 mm galvanized steel sheets with a minimum yield strength of
500 MPa. Test specimens LSF1 and LSF2 were lined with two layers of 16 mm thickness Firestop(R)
gypsum plasterboards on either side of the studs. The first (base) layer of plasterboard consist of three
pieces (150 x 2400, 1200 x 2400 and 750 x 2400 mm) to accommodate two vertical joints in Studs 1 and
3 (Figure 2). The second (face) layer where exists has two equal pieces (2100 x 1200 mm) fixed
horizontally. Test specimens LSF3 and LSF4 were lined with single layer of plasterboard (16 mm thick)
and LSF5 was built with 25 mm rock fibre insulation sandwiched between two 16 mm plasterboards on
both sides of the steel frame. Table 2 gives the details of the load bearing LSF stud wall test specimens.
Table 2. Details of test specimen configurations.

Test

LSF Wall Configuration

Fire Profile

Load Ratio

Insulation Type

LSF1

EU2-(0.03) - Comp A

0.2 (15 kN/Stud)

-

LSF2

BFD2-(0.03) - Comp A

0.2 (15 kN/Stud)

-

LSF3

EU1-(0.08) - Comp A

0.2 (15 kN/Stud)

-

LSF4

BFD1-(0.08) - Comp A

0.2 (15 kN/Stud)

-

LSF5

BFD2-(0.03) - Comp B

0.4 (30 kN/Stud)

Rock fibre

1200mm

150mm

Vertical
Plasterboard Joints
in Studs 1 & 3

750mm

Fire Side

Thermocouples

Ambient Side
Stud-1

Stud-2
600mm

Stud-3
600mm

Stud-4
600mm

Stud Spacing

Figure 2. Typical arrangement of thermocouples for LSF wall specimen.

D-Type self drilling 16 mm long flat head screws were used to fix the studs to top and bottom tracks.
Also D-Type self drilling 25 and 45 mm long bugle head screws were used to fix the first and second
layers of plasterboards. The first plasterboard was screwed at 200 mm spacing along the edge studs where
plasterboard joints exist and 300 mm spacing along the intermediate studs. S-Type 75 mm long bugle
head screws at 300 mm centres were used to fix the second plasterboard for the insulation sandwiched
wall panels. The plasterboard joints were sealed with two coats of plaster-based jointing compound and
50 mm wide paper type joint tape. Type-K cable thermocouples were used to measure the temperature
development in the wall specimens. The stud and plasterboard surface temperatures were measured at
three levels; 0.25H, 0.5H and 0.75H along the stud, where ‘H’ is the height of the wall panel of 2400 mm
(Figure 2). The thermocouple wires on the studs were connected to their hot and cold flanges and web.
4.2 Test set-up and procedure
Fire tests on LSF stud wall systems were conducted using the propane gas furnace. Four
thermocouples monitor the furnace temperatures in the fire chamber during the fire test. These
temperatures were used to control the fuel and air supply to the chamber to obtain the required timetemperature fire curve. The test specimen was placed in the loading frame, where the bottom track rested
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on the loading plates and the top track was clamped to the loading frame. The test specimen was placed to
align the centroids of the studs with those of the loading plates and hydraulic ramps. Each loading plate
was connected to individual hydraulic ramps and a single pump was used to apply the required axial load.
A pressure transducer was connected to the hydraulic pump to record the applied pressure (load).
An axial compression load of 15 kN was applied to each stud in Test Specimens LSF1 – LSF4 by the
hydraulic pump. The load was based on 0.2 times the ultimate capacity of each stud at ambient
temperature obtained by Kolarkar [17], ie. load ratio of 0.2. An axial load of 30 kN (load ratio = 0.4) was
applied to LSF5. These loads were applied at the room temperature and maintained during the fire test.
The axial shortening of each stud and the out-of-plane movements of the wall specimen at 600, 1200 and
1800 mm heights were measured using displacement transducers. During the fire test the temperatures
and displacements were recorded at 10 s intervals using a Labview data logger (Figure 3).

Loading
Frame

Wall Specimen

Thermocouple
wires

a. LSF wall during testing.

b. Lateral deflection away from the furnace.

Figure 3. Fire testing of LSF wall specimen.

4.3 Results and Discussions
The proposed real design fire curves in Figure 1 were achieved reasonably well (within 50ºC) in all
the tests as shown in Figures 4b, 5b and 6 except in Test LSF4 (within 100ºC). The structural failure of
studs occurred instead of insulation or integrity failure in all the tests except Test specimen LSF1 that did
not fail. In all the tests, the stud that had the vertical small strip of plasterboard (150 x 2400 mm) joint
(Stud 1) was subjected to more heat flow due to the opening up of joints, except in LSF2 Stud 2. In
specimen LSF2, a partial collapse of plasterboard attached to Studs 1 and 2 initiated the failure. Table 3
compares the failure times and critical stud temperatures when the Eurocode parametric and ‘BFD’
curves were used together with the results from the standard fire tests performed by Kolarkar [17] and
Gunalan [18].
Gunalan’s [18] numerical studies for different LSF wall configurations showed that the stud failure is
merely dependent on its hot flange temperature and not on its configuration. The effect of using different
type of insulations and arrangement is simply to delay the time to reach that critical hot flange
temperature in the LSF wall stud. These critical stud hot flange (HF) temperatures proposed by Gunalan
[18] are also given in Table 3. The failure times shown in Table 3 were based on the time when the oil
pressure in the hydraulic ramps could not be conserved, ie. the initial point of a rapid unloading phase
noticed in the data logger. The stud hot flange (HF) temperature at this failure time was recorded as the
critical HF temperature.
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Table 3. Failure times and critical stud hot flange (HF) temperatures.
LSF Configuration

Critical
Max. Stud
HF (oC)
481
645
663
561
630
550
527
523

Failure
Time

Fire Curve

LSF1*
EU2-(0.03)
LSF2
BFD2-(0.03)
Kolarkar [17]
ISO Curve
LSF3
EU1-(0.08)
Single layer of
LSF4
BFD1-(0.08)
Plasterboard
(LR=0.2)
Kolarkar [17]
ISO Curve
LSF5
BFD2-(0.03)
Composite panel
(LR=0.4)
Gunalan [18]
ISO Curve
Note: * No Failure ; HF – Hot Flange; LR – Load Ratio

139 mins
111 mins
28 mins
39 mins
53 mins
118 mins
134 mins

Double layers of
Plasterboard
(LR=0.2)

FEA Failure
HF Temp
(oC)[18]
626

611

510

4.3.1 Test specimens LSF1 and LSF2 – Double layers of gypsum plasterboard
Test specimen LSF 1 was exposed to the furnace heat for a period of 180 minutes and did not fail
under any failure criteria. Hence the furnace was turned off after 180 mints since the furnace temperature
was in the fire decay phase and the maximum stud temperature is below 500oC. During the test the
furnace temperature was nearly 75 to 100oC less than the target temperature profile of EU2-(0.03), which
is identical to standard fire in the fire growth period up to 105 minutes and then followed the specified
decay rate (see Figure 4b). The failure time of 111 minutes in the standard fire test (Table 3) indicates that
EU2 curve with the decay phase was less severe than the standard test. The stud hot flange temperature
reached 481oC at 140th minute during the decay phase. As seen in Figure 4b, it was gradually increasing
for 35 minutes even during the decay phase. Hence the studs could have failed during the decay period, if
they had reached the critical hot flange temperature. If the intended higher EU2-(0.03) curve shown in
Figure 1 was achieved, the stud failure might have occurred during the decay phase. Visual inspection of
the tested specimen revealed that the face layer plasterboards (Pb1) has severely calcinated and partially
collapsed in the middle. The second layer of plasterboards (Pb2) was partially calcinated but was intact
and offering protection to the studs. The central stud (Stud 2) displayed some local buckling waves in the
hot flange (HF) and web (W) near the top (0.5 H to 0.75 H). The ambient side plasterboards (Pb3 and
Pb4) were in fairly good condition.
1200
1100
1000

900
800

Temperature (oC)

Stud 1

700
600

500
400

300
200

Stud 2

100
0

a.Failure pattern - LSF2
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60

80

100

120

140

Time (mins.)

ISO Curve

Avg Furnace - ISO

Avg Furnace - EU2

S2 Top HF - ISO

S2 Top HF - EU2

S2 Mid HF - BFD2

160

180

Avg Furance - BFD2

b. Average furnace & stud hot flange temperatures – LSF1, LSF2 & ISO.
Figure 4. Test specimens LSF1 and LSF2
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Test specimen LSF2 was exposed to the Barnett’s ‘BFD’ curve for 139 minutes until it could no
longer maintain the applied load. The initial lateral deflection was towards the furnace and it reversed
after 120 min. After the test, the exposed plasterboard Pb1 had totally collapsed while a portion of Pb2
had also fallen off between Studs 1 and 2. The ambient side plasterboards were not calcinated although
they had cracked horizontally at the plasterboard (Pb4) joint due to bending away from the furnace at
failure (Figure 3b). In Studs 1 and 2 local buckling waves were observed near the mid-height of the wall.
Test specimen LSF2 failed when the hot flange temperature reached 645oC, which is similar to Kolarkar’s
[17] and Gunalan’s [18] temperatures (663oC) and (626oC). Kolarkar’s [17] test wall for standard fire
curve failed by flexural buckling about the minor axis due to plasterboard fall-off, whereas LSF2 failed
by flexural buckling about the major axis in Studs 1 and 2 with some local buckling (see Figure 4a).
4.3.2 Test specimens LSF3 and LSF4 – Single layer of gypsum plasterboard
Test specimen LSF3 structurally failed after 28 minutes of EU1-(0.08) fire curve exposure. Visual
inspection after the test showed that the exposed plasterboard (Pb1) strip over Stud 1 had fallen off. This
strip of plasterboard (150 x 2400 mm) was fixed only along one edge to Stud 1. The Stud 1 hot flange
time-temperatures profile also confirmed this, where rapid temperatures rise of nearly 250oC was
noticeable within a minute as shown in Figure 5b. Due to the fall-off of this plasterboard strip, Stud 1 lost
its lateral support and failed by minor axis flexural buckling as shown in Figure 5a. Local buckling waves
were also noticeable in the hot flange of Stud 2. The ambient side temperatures were well below the
insulation failure criteria temperature of 180oC and were seen to be partially calcinated.
Test specimen LSF4 exposed to the ‘BFD1-(0.08)’ curve failed after 39 minutes. Similar to LSF3, the
plasterboard strip attached to Stud 1 had fallen off, resulting in its minor axis flexural buckling.
1200
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Stud 1
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Temperature (oC)
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800
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400
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200
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0
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a. Failure pattern - LSF3.

ISO Curve

Avg Furnace - ISO

Avg Furnace - EU1

S4 Top HF - ISO

S1 Mid HF - EU1

S1 Mid HF - BFD1

Avg Furance - BFD1

b. Avg furnace & stud hot flange temperatures – LSF3, LSF4 & ISO.
Figure 5. Test specimens LSF3 and LSF4.

In all three tests, the failure occurred in the stud which had the vertical plasterboard strip (150 x 2400
mm) joint, and partial collapse of this plasterboard initiated the failure. This is clearly noticeable with a
rapid temperature rise in the stud hot flange (HF) temperatures. Kolarkar’s [17] standard fire test also
showed the same failure mode. Figure 5b shows the stud hot flange temperatures at failure together with
the average furnace temperature profiles. The stud failure temperature of LSF4 (630oC) under the ‘BFD’
curve differs from those for the Eurocode parametric (561oC) and standard curves (550oC) (see Table 3).
This is possibly due to the plasterboard fall-off at different temperatures resulting in a rapid temperature
rise in the studs and causing them to fail earlier than in the standard fire test (Table 3). A rapid
temperature rise can be seen in the stud hot flange under EU1 fire curve (see Figure 5b). In BFD1 and
ISO curves the stud temperature rise is gradual compared to EU1 fire test due to its rapid temperature rise
and higher temperatures than in other tests. This suggests that in BFD1 and ISO fire tests the plasterboard
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has partially collapsed, but a portion of the plasterboard was still intact and protected the stud further.
Also the temperature that initiated the plasterboard fall-off was different in each test. In BFD1 fire test it
was about 450oC, and for EU1 and ISO fire tests this temperature was about 550 and 600oC, respectively
(Figure 5b). These values were taken as the starting point of the rapid stud hot flange temperature rise in
Figure 5b. In the BFD1 fire test the furnace temperature was much higher than the standard curve and was
also maintained at higher temperatures than in the case of other two fire curves. This higher heat flow
might have caused the plasterboard to partially collapse at a lower temperature. This is because the
plasterboard calcinates and shrinks rapidly at high temperatures and rapid temperature rise situations.
Similar observation was made by Gerlich [19] where the plasterboard collapsed earlier during a severe
fire than during an ISO fire test [1]. Gunalan’s [18] FEA prediction of critical stud temperature (611oC)
was based on the presence of lateral (plasterboard) support throughout the test. Therefore due to the early
shrinkage and cracking of plasterboard, studs could fail by minor axis flexural buckling much earlier than
predicted by FEA. Hence it appears that the plasterboard fall-off time depends on the rate of temperature
rise, peak temperatures experienced and their duration.
4.3.3 Test specimen LSF5 – Composite panel (External Insulation)
Test specimen LSF5 failed structurally after 118 minutes exposure to the ‘BFD2-(0.03)’ curve. The
initial lateral deflection was towards the furnace, and near failure it started to reverse its direction away
from the furnace. The fire exposed plasterboard (Pb1) fell off after 100 minutes as seen in the temperature
profile in Figure 6a. Also after 118 minutes the second layer (Pb2) attached to Studs 1 and 2 must have
partially collapsed as seen in the stud hot flange temperature profile in Figure 6b. This has occurred
earlier than in the standard fire tests. This caused Studs 1 and 2 to fail by minor axis buckling as no lateral
restraints were available to prevent it. Hence this also indicates that the plasterboard fall-off depends on
the type of fire curve used in the tests. Further experimental and numerical studies are in progress to fully
investigate the behaviour of LSF wall panels under various realistic design fires.
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Figure 6. Experimental time-temperature profiles (F–Fire side, RF–Rock fibre & AS–Ambient side).

5 CONCLUSION
This paper has described an experimental study of the structural and thermal performances of load
bearing LSF wall panels under realistic design fires. This study has shown that the plasterboard fall-off
depends on the rate of temperature rise and the peak temperature during a fire test. This is important in
the use of single plasterboard lined walls where the plasterboard fall-off will expose the load bearing wall
studs and thus result in low fire resistance rating. Also it has been shown that the LSF wall studs could
fail during the decay period if the stud temperatures reach the critical failure temperature. Further
research is in progress to understand the behaviour of LSF wall panels under real design fires since the
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use of thermoplastics materials in modern buildings has increased the rate of temperature rise and peak
temperatures during a building fire than indicated by the standard fire curve.
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Abstract. This paper presents an investigation in the behaviour of extended end plate connections in fire.
A full scale fire test on this type of connection has been conducted including fire protection by
intumescent coating, ISO-fire-load and moments induced by weight loads. In addition to the experimental
investigation, a thermal finite element model for calculation of connection temperatures has been
developed taking into account the behaviour of the intumescent coating. From parametric studies with
this model, a simplified calculation method for prediction of component temperatures has been
developed. Finally, the results of thermal calculations have been used to investigate the mechanical
behaviour of the connection using two different methods. The first one represents an application of the
component method for elevated temperatures and the second one is a finite element simulation. The state
of work for both methods is presented.

1 INTRODUCTION
In recent years, a global approach in calculating the fire behaviour of buildings taking into account
the whole structure with nonlinear material performance and geometry has become suitable for practical
application. In this kind of simulation, structural members are not considered separately but interacting
with each other, as real connection behaviour can be taken into account using moment-rotationrelationships. As there are no regulations on how to determine these relationships in fire, a recent research
project deals with the development of moment-rotation-relationships for different connection dimensions
and different times in fire. The actual state of work of this project is presented in this paper.
The behaviour of connections in fire may be divided into its thermal and its mechanical behaviour.
The calculation of thermal behaviour of unprotected connections is relatively simple as there are already
normative regulations for material properties and interactions suitable in finite element simulations in the
Eurocode [1]. Even a simple temperature calculation method for unprotected connections is offered. An
investigation in the usability of these methods has been conducted by Anderson and Gillie in [2].
Temperatures in unprotected steel members increase rapidly. For this reason in most cases it is not
possible to reach 30 minutes of fire resistance, which in many cases is a minimum requirement. To
overcome this disadvantage of steel members and connections without fully embedding them into spray
applied plaster or encasing them with fire protection board, different solutions have been investigated in
the recent years. One opportunity is the partial embedding of connections into the concrete slab. Some
investigations are presented in [3].
Another increasingly popular possibility to protect steel structures from high temperatures, while
keeping their slim appearance, is the use of intumescent coatings. As numerical simulation methods for
this fire protection material are not well developed yet, it is difficult to predict temperatures of
connections protected by intumescent coatings. A first investigation in this topic with three tests on
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unloaded fin plate connections has been conducted by Wald et. al. in [4]. Dai et. al. described 14
composite connection tests in [5]. All specimens were unloaded and some were protected by an
intumescent coating. As both investigations were mainly focused on the question whether bolts may be
left unprotected, no numerical investigation of the connections temperature field was published.
After the thermal analysis of the connection, the mechanical response can be determined. Many
investigations have been conducted in the recent years. In this context, Dai et. al. published experimental
results of steel frames within different types of connections in [6]. As a full frame was tested, the
connected beam caused compression forces by thermal expansion and tensile forces by catenary action.
An experimental programme and preliminary numerical investigations on flush end plate connections
at different temperatures have been described by Haremza et. al. in [7]. Aim of the research project was
the simulation of failure of a column below a tested connection and thus the robustness of the whole
structure in fire. As the investigation aimed at open car parks, the steel structures were left unprotected as
common for those types of structures.
The probably most extensive investigation in connection behaviour in fire was conducted at the
University of Sheffield, where a large number of types of connections were tested. The test setup
consisted of a short part of a column fixed in a furnace and connected to a short part of a beam, loaded by
tensile and shear forces. Tests have been conducted for different constant temperatures and different
ratios of shear and tension. Test results for end plate connections have been published in [8]. Based on
those test results the authors have conducted finite element calculations published in [9].
As those investigations in the mechanical behaviour of connections are based on constantly elevated
temperatures or in some cases on transient temperature fields of unprotected steel structures exposed to
ISO 834 fire curve, there has been no investigation in the connection behaviour with realistic fire
protection yet. In this paper, an experimental test and numerical models of an end plate connection
between a steel beam and column including an intumescent coating for fire protection is presented.

2 FIRE TEST ON A CONNECTION PROTECTED BY INTUMESCENT COATING
2.1 Test setup and connection detail
The test setup comprises a connection of two beams, consisting of IPE 330 sections, to an internal
HE 220 B column. The connection is realised by an end plate and six high strength bolts. The end plate of
15 mm thickness, 160 mm width and 420 mm height extends the top flange of the beam by 70 mm. The
connection detail is shown in Figure 1.
Column HE 220 B
Bolts M20 10.9
Extended end plate 420x160x15 mm
Beam IPE 330
Brace
Figure 1. Scheme of tested connection.

The connection and the members are protected by intumescent coating for the fire resistance class
R 30 to ensure a realistic fire protection. The measured average thickness of the painting is 1 mm. The
thermal load is defined to ISO 834 fire curve.
Table 1. Yield strength and tensile strength of components of tested connection.

Yield stress [MPa]
Tensile strength [MPa]

Beam
326
443

Column
336
465

116

End plate
314
447

Bolts
996
1107
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The steel sections for column and beams as well as the end plate and additional braces inside the
column are made of steel grade S235 steel. The bolts have been designed as M20 grade 10.9 high strength
bolts. As yield stress of steel members always differs from the normative minimum yield stress, material
properties of the components are determined by material tests. Results are shown in Table 1.
The test specimen is loaded by a constant bending moment of 38.1 kNm, leading to a load ratio of
µfi=0.5. The moment is realised by steel plates located on top of a load structure as depicted in Figure 2.
Load plates
Load structure

30°

Support beams

30°
Furnace walls

Test specimen
Base structure
Figure 2. Scheme of test setup.

As shown in Figure 2, the load structure is connected to the specimen beam ends to induce the
vertical loads. It is also connected to the top of the specimen column to keep the load structure in a
vertical direction. Parts of the load structure and the whole base structure are located inside the furnace.
To prevent them from failure, they are protected by thick layers of rockwool. The test setup is designed to
allow a connection rotation of 30°. During the test, gas and steel temperatures are measured by numerous
thermocouples. Deflections of the beams are determined by potentiometers and thickness of intumescent
coating is measured during the fire, using a furnace camera and small steel bars used as visual gauges.
2.2 Results of fire test
The temperatures of the connection are lower than expected and so the R 30 protected connection
reaches a fire resistance of 71 minutes. The specimen was recorded by a video camera during the test.
This is visualised by images at different times in Figure 3.
5 min

25 min

72 min

Figure 3. Tested connection during fire test.

As can be seen, the intumescent painting starts to inflate at exposed positions in the first 5 minutes.
After 10 minutes the reaction is finished in most positions and the intumescent coating nearly reaches its
full isolation capacity. As the colour of the full coating is black in this period, leading to a limited quality
of photographs, this is not displayed in Figure 3. Between 10 and 50 min of fire exposure the thickness
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increases only marginal. The colour of the coating skin changes
increases
chang s from
om black to white in this period. After
about 55 min the coating starts
start to fall off locally. After 72 minutes the connection has failed
failed.
Figure 4 illustrat
illustrates
es the connection after the intumescent coat
coating
ing foam iss removed from the specimen.
specimen
Obviously, the connection component ““lower
lower flange in compression
compression”” failed at the right connection.

Figure 44.. Tested connection before and after fire test.

Although the burners are
are shut down after failure
failure of the conn
connection
ection on the right side, the deflection of
the beam on
on the left side increase
increases significantly during the following 10 minutes. Afterwards the
deflection stops and failure does
does not occur.
occur This
his indicates
indicate the approaching collapse,
collapse, which can be
indicated as a combination of lower flange buckling and bending failure of the end plate.
As mentioned before the connection behaviour is measured by several techniques. The gas
temperature is measured by 8 thermocouples. All
ll measured gas temperature
temperatures follow approximatel
approximately
y the
ISO 834 fire curve
curve. The transient temperature field of the steel structure is measured by 21
thermocouples. The temperatures at five different locations are plotted in Figure
igure 5 versus time.
time
800

Temperature (°C)

700
600
500
400
300
200
100
0
0

10

20

30
40
Time (min)

50

60

70

Figure 5. Temperatures in components beam,
beam, end plate and bbolts
olts of the tested
tested connection.

The general shape of all temperature curves is bilinear. Until
The
Until a steel temperature of 200°C is reached,
the temperatures increas
increase rapidly.
rapidly. A
Afterwards
fterwards the temperatures rise slower as the intumescent coating is
activated. Ass shown in Figure
igure 5 as well,
well, temperatures are getting lower with less distance between
thermocouples and the connection.
connection. The reason for this might be found in the more compact shape of the
connection compared to the beam
beam. Between minutes 30 and 45 two of tthe
he thermocouple
thermocouples show
disproportional high temperatures with a peak up to 650°C in one case.
case. The reason has been found by
photographs, which show that the intumescent coating does inflate with delay at those positions.
positions.
In addition to the thermal results
results, the behaviour of the intumescent coating is investigated using visual
gauges in combination with the furnace camera. By measuring the length of the uncovered part of the
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gauge, it is possible to determine the coating thickness during the test. Results are depicted in Figure 6. It
can be seen that thickness of the intumescent coating starts to increase after 4 minutes. After 20 minutes
the coating is fully inflated leading to a thickness of about 30 mm.

Additional thickness of coating (mm)

35
30
25
20
15
10
5
0
0

10

20

30

40
50
Time (min)

60

70

80

90

Figure 6. Additional coating thickness at different positions during the test.

Finally, the displacement of the beam ends is measured during the test using potentiometers. As
depicted in Figure 7 deflections are rather low during the first 60 minutes of the test. Between 60 and 70
minutes the deflections increases exponentially, reaching a value of 100 mm at 70 minutes. During the
last 2 minutes of the test, deflections of beam 2 increase very fast. Failure is determined to 71 minutes and
39 seconds, when deflections reach the measuring limit of the potentiometers. The deflections of the
second beam are still increasing after the end of the test. After another ten minutes the deflections stop
due to the cooling of the connection.
800

End of test
1.5 m

Displacement (mm)

700

1.5 m

600
Beam 1

500

Beam 2

u1

400

u2

300
200

u1
u2

100
0
0

10

20

30

40
50
Time (min)

60

70

Figure 7. Displacement of beam ends during the test.

119

80

90

Peter Schaumann, Thomas Kirsch and Florian Timmen

3 CALCULATION OF CONNECTION TEMPERATURES
3.1 Setup and validation of thermal finite element simulation
Based on the test setup a thermal finite element model in Abaqus [10] is developed to determine the
transient temperature field of the connection. As Figure 8 depicts, two symmetry conditions are used in
the model. The geometry of the intumescent coating is modelled constantly with dimensions of the fully
inflated protection of 30 mm thickness. Differences between model and real geometry are considered in
the material properties.
Column (HE 200 B)
Endplate (420x160x15 mm)
Bolts (M20)
Beam (IPE 330)

Intumescent coating
Figure 8. Connection model in Abaqus [10] for thermal analysis (without (left) and with (right) intumescent coating).

Thermal material properties of structural steel and bolts are used according to Eurocode [1]. Thermal
interaction properties as εm=0.8 and αc=25 W/(m²K) are taken into account according to [11].
The coating is simulated using a material model developed by the authors and presented in [12] in
detail. The material model is based on proportion between gas pores and basic material (paint) inside the
coating that can be determined by the measured coating thickness versus time or temperature.
Superposing the behaviour of the gas inside the pores, which is approximated to the behaviour of air, and
the behaviour of the basic material (paint) in accordance with their proportion, the resulting behaviour of
the protection foam can be determined. Finally, the calculated behaviour, which consists mainly of
thermal conductivity and specific heat, has to be adapted for the coating geometry in the model, which is
determined as constant over time.
1000
Test
Simulation

ISO 834

Temperature (°C)

800
600
400
200
0
0

10

20

30
40
Time (min)

50

60

70

Figure 9. Measured and simulated temperature curves at several locations.

As Figure 9 illustrates for two positions, the calculated and the measured temperatures are correlating
very well. Generally the measured temperatures are a few degrees lower than the calculated. For the
further thermocouples, comparison between test and calculation lead to similar correlations.
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3.2 Parametric studies and simple calculation method for connection temperatures
Extensive parametric studies including more than 70 simulations are conducted using the validated
thermal finite element model. The conducted parametric studies imply different beam, column and bolt
sizes as well as different end plate dimensions. The parameters are based on typified connections for end
plate connections with extended end plates according to [13] as they are used in Germany. In [13]
optimised end plate and bolt sizes are defined for many beams. Thickness of the intumescent coating is
adapted to the minimum thickness for the connected beam to achieve the fire resistance of R30 or R60
according to the product information.
Using the parametric study the average temperatures for the structural components of the connection
according to [14], which includes “Column web in tension” (K3), “Column flange in bending” (K4),
“End plate in bending” (K5), “Beam web in compression” (K7) and “Bolts in tension” (K10), have been
calculated at different times (30, 60 and 90 min) during ISO fire.
It has been found that component temperatures depend on several parameters. Obviously, the coating
thickness has a main influence on the component temperatures. The coating thickness depends on the
achieved fire resistance class and also on the size of the beam. For this reason the component
temperatures depend on size and achieved fire resistance class of the beam. An additional factor which
influences the temperature of most components is the size of the connected column. For this reason the
section factor (A/V)col of the connected column has been defined as the third parameter. Finally, the
temperatures of some components are slightly influenced, if large bolts of size M24 or higher are used. It
has to be mentioned that end plate dimensions of connections according to [13] are optimised for different
bolt sizes. For this reason the end plate dimensions increase with increasing bolt sizes, leading to a
reduction of temperatures. Consequently, temperatures do not depend on bolt sizes directly, but indirectly
over adapted end plate sizes.
The simplified calculation method for temperature calculation of extended end plate connections
according to [13], which has been validated against parametric studies is described by the following
equation in combination with Table 2.

θ K , RC ,t = F1, K , RC ,t + F2, K , RC ⋅ hbeam + F3, K , RC ⋅ ( A / V )col
with:

hbeam:
(A/V)col:

( C)
o

(1)

Height of connected beam
Section factor of connected column ((A/V)col ≤ (A/V)beam)

(mm)
(m-1)

The results of the simplified calculation for the component “end plate” are shown in Figure 10 for
connections to an HE 220 B column. Temperatures calculated by Abaqus [10] and with the simplified
method correlate very well, while the simplified method is slightly conservative.
Table 2. Factors for simplified temperature calculation method.

Resistance class
of coating (RC)

R30

R60

Component
(K)
K3
K4, K5, K10
K4, K5, K10
K4, K5, K10
K7
K3
K4, K5, K10
K4, K5, K10
K4, K5, K10
K7

Bolt size

F1,K,RC,30

F1,K,RC,60

F1,K,RC,90

F2,K,RC

F3,K,RC

All
M16 / M20
M24
M27 / M30
All
All
M16 / M20
M24
M27 / M30
All

420
400
380
360
650
100
100
95
90
370

635
615
595
575
890
220
220
210
200
570

820
800
780
760
990
340
340
330
320
720

0.2
0.1
0.1
0.1
0
0.2
0.2
0.2
0.2
0

0.7
0.7
0.7
0.7
0
0.7
0.7
0.7
0.7
0
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End plate temperature (°C)

800

Simplified method, t=60min

700
M20

600

Simplified method, t=30min

M24

500

M27

400

Finite element calculations, t=30 min
Finite element calculations, t=60 min

300
200

300

400
Beam height (mm)

500

600

Figure 10. Temperatures of end plate versus beam height for HE 220 B column and R30 coating.

4 INVESTIGATIONS IN THE MECHANICAL CONNECTION BEHAVIOUR
4.1 Adaption of component method
A simplified calculation method for predicting the connection behaviour is the adaption of the
component method according to [14] for elevated temperatures. The adaption is performed by
determining the temperatures for any component at several times during fire exposure, using the thermal
finite element model validated against experimental data. Afterwards yield stress (structural steel
elements) or tensile strength (bolts), listed in Table 1, are reduced using reduction factors according to
[1]. In Figure 11 the load capacity of the different connection components during fire exposure is
depicted.
1000

Column web (K3)

Load capacity of component (kN)

900
Bolts (K10)

800

Column flange (K4)

700
600

Beam flange (K7)

500

End plate (K5)

400
300
200
100
Applied force
0
0

15

30

45
Time (min)

60

75

Figure 11. Load capacity of different connection components during fire.
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In addition, the applied load is depicted. This load is determined by dividing the applied moment by
distance between tensile (K3, K4, K5, K10) and compression (K7) components. As the applied moment is
constant during fire exposure, the resulting load of 119.3 kN is constant as well. As can be seen, the end
plate has been designed to be the failing component at ambient temperatures. The temperatures of all
components increase during the test and thus the load capacities decrease. At 63 minutes the load capacity
of the component “end plate” is decreasing below the applied load which would lead to a failure of this
component and thus connection failure. As described before the failure of the test specimen occurs after
71 minutes due to buckling of the lower flange in beam 2. So the calculated time of failure shows good
correlation with the measured time of failure.
The determined failing component (“end plate”) is not correct, compared to the experimental results.
However, the load capacities of components “beam flange” and “end plate” are very close and the end
plate is calculated to fail less than 5 min after the first component. Furthermore the second connection in
the test continued deflecting after the test indicating the approaching failure of end plate and beam flange.
For this reason the adapted component method is validated at least for the components “end plate”
and “beam flange” to foresee the failure time in fire with slightly conservative results.
4.2 Finite element simulation
The simplified method is not able to describe the connections moment-rotation-behaviour in fire and
cannot be validated for different geometries. Therefore an additional numerical analysis is prepared using
the finite element software Abaqus [10]. The model is based on nonlinear material properties that have
been tested and validated in [9], overcoming challenges as fractures and large strains.
Results of the present state of work are satisfying regarding end plate bending and global failure.
Bending of the end plate, which occurs in beam 2 in the test, is well reproduced by the numerical model.
In the numerical model failure occurs due to fracture of the bolts after 69 min. So there are significant
differences between simulated and test results. As a reason for this may be the missing buckling of the
lower flange for the reason of an ideal geometry, the finite element model is currently improved to be able
to take buckling into account.

5 CONCLUSIONS
In this paper, state of work of an ongoing research project on the fire behaviour of extended end plate
connections, protected by an intumescent coating, is described. Aim of the research is to determine the
moment-rotation-relationship of the connections at different times in fire.
For this reason, a full scale fire test on an extended end plate connection between two steel beams and
an internal steel column, both protected by an intumescent coating, has been conducted. The measured
data, including steel temperatures, coating thickness and deflections are described in detail.
Based on the test results a thermal finite element simulation, including new material properties for
intumescent coatings has been developed and validated. The numerical model is used to conduct
parametric studies on thermal behaviour of the connection with variable beam, column and connection
geometry. The study leads to a simplified method for calculation of component temperatures of extended
end plate connections protected by an intumescent coating.
Based on the results of the thermal investigations, two methods to investigate the mechanical
response of the connection are presented. First, the component method is adapted to fire situation and
validated against the experimental results. The adaption is able to determine the load capacity of
components and thus the moment capacity of the connection in fire. Additionally, a finite element model
of the mechanical behaviour in fire is presented briefly. As differences between finite element simulation
and test results are still substantial, the model will be optimised.
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Abstract. Splice connections within a beam which is rigidly connected to columns at its ends are
generally designed to be stronger than the connected beam sections, so that the resistance of the whole
beam in the fire limit state is calculated as for an undivided span, with three plastic hinges. In the case of
a fire, the critical load-carrying mechanism of the connection may change from bolt friction to bolt
bearing. Strength loss at elevated temperature is larger for the HSFG bolts than that of the steel plates or
the connected beams. In this study, a series of loaded fire tests, imitating the action of continuous beams
with internal splice connections, was carried out in order to obtain temperature distributions, deflection
behaviour, variations of thermal stress and the critical temperatures of the beams. It was also useful to
observe the deformation ductility of the components of the connection. FE simulations were also carried
out to rationalise the behaviour.

1 INTRODUCTION
Beam-to-beam connections with splice plates and high strength friction grip (HSFG) bolts have
become common for field connections of the central sections of beams in rigid steel frames which have
beam-to-column connections with full penetration welds. The beam splice connections are generally
designed to be stronger than the connected beams, so that the resistance of the beam, in either the
ambient-temperature Ultimate Limit State or the Fire Limit State, is calculated as for an undivided span
with three plastic hinges [1]. In the case of a fire, it is possible that the critical load-carrying function of
the bolts in the connection may change from friction to bearing. Therefore, the connection may have the
problem that strength loss at elevated temperature is larger for the HSFG bolts than for the steel plates or
the connected beams [1, 2]. However, this type of connection has high mass, and therefore high heat
capacity, so that the temperatures of the connection components may be lower than those of the connected
beams. Moreover, some experimental reports [3, 4] indicate that the rotational capacity of bolted
connections considerably improves at elevated temperature, because the deformation ductility of its
components increases. These are significant points where steel structures are designed for structural fire
resistance on the basis of plastic design principles. Research on common beam-column connections
(flush or flexible endplate, web cleat, fin plate etc) in fire is increasing, and some reports have studied the
influence of their structural behaviour on overall frame performance in fire. Most previous studies on
beam splice connections in fire have been limited to their performance in isolation. In this paper the
behaviour of full-strength beam splice connections in steel frames in fire is discussed on the basis of these
tests and FE simulations.
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2 TESTS AND FINITE ELEMENT SIMULATIONS
2.1 Test setup
Load-bearing fire tests, imitating the action of continuous beams with beam splice connections, were
carried out, and instrumented to obtain temperature distributions, deflections and variations of thermal
stress of the beams, and also to observe the deformation ductility of the components of the connection [5].
As shown in Table 1, the test parameters were the connection details, the (constant) load and the fire
protection. The standard specimen in these tests was Specimen 3. A fully-moment-resisting connection
was defined [6] as one whose bearing resistance was more than 1.15 times the plastic moment of the
beam. The constant load applied to the beam (except for Specimen 4) was near to the design permanent
load of the continuous beam. With fire protection of Type A (see Table 1), the thickness of insulation
material differs between loading point and the support point to prevent the shear failure at the section (see
Figure 5).
Figure 1 shows the experimental setup. The steel grade of the rolled I-beam and splice plates is
SN400B in accordance with JIS G-3136. The section of the I-beam is RH-350x175x7x11 (height: 350mm,
width: 175mm, web thickness: 7mm, flange thickness: 11mm, fillet radius: 14mm). Figure 2 shows the
detail of the moment-resisting beam-splice connections. The grade of the HSFG bolt is F10T, and the pretension of the high strength hexagon bolts, is in accordance with JIS B 1186 for friction grip joints. The
bolt shank diameter is 16 mm and bolt hole diameter is 17 mm. The thicknesses of the splice plates for the
flanges and web are 9 mm and 6 mm respectively. All lap joints are double shear. The fire protection
material is ceramic fibre blanket, with a fire resistance rating of about one hour for a thickness 12.5 mm.
The ALC board which forms the ceiling of the furnace is not structurally connected to the beam.
The tests were carried out in a loading frame and furnace for horizontal elements at General Building
Research Corporation of Japan. The temperature of the furnace was controlled to follow the ISO 834
standard fire [12]. The total length of the beam specimens was 7.0 m, and the distance between supports
was 4.2 m, with a heated length of 4.7 m. Lehigh mechanisms were used in order to prevent lateral
buckling of the beam. Constant loads were applied near to mid-span of the beam as two point loads, and
controlled loads were applied near the ends of the cantilevers in order to fix the beam against rotation at
its supports. The rotational fixity of the supported span of the beam was controlled from the difference of
the values between transducers Dh1 and Dh2 at the supports. During the tests, the initial setting of these
loads at the ends of the cantilevers before heating were mistakenly set at 1.25 times the theoretical value
for a beam with fixed ends. The initial slope at support was therefore not actually zero, but about 2.29x103
radians, and this initial value was kept during the fire tests.
Table 1. Test parameters.

Specimen
No.1
No.2

Connection type
Without connection
Semi-moment-resisting connection
jMu/Mp=0.73
(Flange: 4 bolts, Web: 4 bolts)

Constant load

122 [kN] x 2
(Mc+ Me)/2Mp=0.48

No.3
No.4

Full-moment-resisting connection
jMu/Mp=1.18
(Flange: 8 bolts, Web: 4 bolts)

61.0 [kN] x 2
(Mc+ Me)/2Mp= 0.24

Fire protection
Type A:
Ceramic fiber blanket,
Thickness: 12.5mm
(mid-span, connections, supports)
Thickness: 25mm
(between the loading point and
the connection)

Type B:
Ceramic fiber blanket,
Thickness: 12.5mm.
jMu: design resistance of the connection, Mp: design plastic moment resistance of the beam,
Mc: bending moment at the middle span, Me: bending moment at the supports.

No.5

122 [kN] x 2
(Mc+ Me)/2Mp= 0.48
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Figure 1. The test setup. (Unit: mm)
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Figure 2. Moment-resisting beam-splice connections. (left: Specimen 2, right: Specimens 3-5, Unit: mm)

2.2 FE Modelling
Geometrically non-linear finite element simulations were carried out using ABAQUS [7] with nonlinear material properties. Figure 3 shows the FE model, using the inherent symmetry of the test specimen
to model one half only. The part at the end of the beam is virtually rigid, and rotation here is fixed by
three roller supports. The I-beam, splice plates and bolts are created using solid elements. An explicit
dynamic analysis is carried out for the analysis of members with discontinuous parts. Interaction between
the plate surfaces at the bolted connections are defined as “hard contact” with the kinematic contact
method [7]. The frictional slip resistance between the splice plates and beam due to the tension in the
HSFG bolts is not taken into consideration in this simulation.
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Figure 3. FE model. (Specimens 3-5)

2.3 Stress-strain relationship of the materials for FE simulations
Figures 4(a) and 4(b) show the stress-strain relationships of the steel plates and bolts which were used
in FE simulations. The design strength of Grade SN400B is 235 N/mm2. The mechanical properties, in
terms of the 0.2% offset proof stress, the stress at 1% strain and the tensile strength, of SN400B at
elevated temperatures, are given by mean values from tensile test results of 23 samples at temperatures
ranging from ambient to 800°C [8]. Elastic modulus values at elevated temperatures are assumed to
accord with EC3 [2]. The stress-strain relationships of SN400B are given by a tetra-linear model, and the
strain at tensile strength is 15%. Strain hardening of the carbon steel decreases above 500°C. The design
tensile strength of an F10T bolt is 980 N/mm2. The mechanical properties of F10T-M16 bolts at elevated
temperatures are given from the results of tensile tests and lap joint tests [9] on specimen using the same
grade, diameter and factory of origin. The stress-strain relationships of F10T bolts are given by a tri-linear
model. Figures 4(a) and 4(b) indicate that the reduction factor is less for HSFG bolts than for normal
structural steel. The reduction factors for both the steel plate and bolts between 400°C and 800°C are
similar to the values given by EC3.
In the lap joint tests, the bolts in shear reached their maximum shear resistance at a displacement of
about a quarter of the diameter; the shear resistance then reduced linearly to zero for cases above 500°C
[9]. However, the post-peak-behaviour of bolts in shear is not taken into consideration in this simulation.
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Figure 4. Stress-strain relationships of the steel plates and bolts.
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2.4 Temperature of specimens covered with fire protection subjected to ISO 834 fire heating.
Steel temperature was measured with type K Cromel-Almel thermocouples which were arranged at
34 points on the surfaces of the beam and bolts. The measurement points on the beams were at mid-span
(6 points), connections (12 points, on bolt heads; see Figure 2), at the supports (12 points) and the highshear zone (4 points, only on the web) between the loading point and the connection where the thicker
insulation was installed to prevent shear failure of the beams, as shown in Figure 5. The input data on
steel temperatures for FE simulation was based on the test results. In this paper, examples from the results
of Tests 1 and 3 were described. Figure 6 shows a comparison of the temperature distributions at 60
minutes after ignition between Specimen 1 (without connection) and Specimen 3, with a fully-momentresisting connection. Although the fire protection and heating method were same in these tests, the
temperature at the connection position was higher for Test 1 than for Test 3, because moment-resisting
beam-splice connections have a relatively high heat capacity. The mean temperature at the connection
part of Specimen 3 (367°C at 60 minutes) was 70-80 % of that for Specimen 1 (504°C at 60 minutes). As
shown in Figures 7(a) and 7(b), the steel temperature was higher for the bottom flange than for the top
flange at mid-span and at the connection, and the difference of temperatures was about 150°C. The
temperature distribution was uniform between the bottom flange and the lower part of the web. As shown
in Figure 7(c), the temperature of the bottom flange at the support was lower than in other parts, because
the supports prevented heat flux to the bottom flange. In Test 1, heating was stopped at 81 minutes. The
temperature data after 81 minutes was calculated for FE simulation using the slope of the timetemperature curve at 81 minutes. This approach was also adopted for the other tests. In Test 3, heating
was stopped at 102 minutes. As shown in Figure 8, the time-temperature relationship of Test 3 was
similar to that for Test 1. However, in Test 3, steel temperatures were distinctly lower for the connection
than for the mid-span. While strength loss at elevated temperature was larger for HSFG bolts than for the
connected beams and plates, the bolt temperatures were lower than for the connected beams.

thickness t=12.5 mm

t=25 mm

t=12.5 mm

t=25 mm

t=12.5 mm

Figure 5. Type-A fire protection to prevent shear failure of the beam (Specimen 1-4).
(support)

(connection)

(middle span)

(a) No.1 specimen without connection.

(b) No.3 specimen with full-moment-resisting connection.
Figure 6. Comparison of temperature distributions at 60 minutes after ignition.
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Figure 7. Steel temperatures of No.1 specimen without connection.
(Legends: Top: top-flange, Web-U: upper part of web, Web-L: lower part of web, Bottom: bottom-flange)
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Figure 8. Steel temperatures of Specimen 3 with full-moment-resisting connection.

3 RESULTS AND DISCUSSIONS
3.1

Deflection at the mid-span of beams
Figure 9 shows deflections at mid-span of the beams, and comparison of the test results with results
calculated from FE analysis (legend “FEA”). Specimen 1, without connection (Test 1) lost load-bearing
capacity at 81 minutes, and the fire resistance time was the shortest of all the test results. In Test 1, not
only shear deformation at the connection but also torsion was observed. Torsion was not observed in the
other tests which included connections. The reason for this apparent anomaly is that in Specimen 1 the
temperature at the zone which was connected in the other tests was the highest (see Figures 6-8), and that
the overall torsional stiffness is lower for the beam without connections. The results from FEA 1 agree
with the result of Test 1, even though torsion was not taken into consideration in the FEA. Specimen 2,
with semi-moment-resisting connections (Test 2) lost its load-bearing capacity at 88 minutes, and the
bolts through its top flange failed. The ISO834 [12] fire resistance criterion of limiting beam deflection
was 126 mm, and the bolt failure occurred after the deflection had passed this value. As shown in Figure
9, a reduction of the deflection rate appears in both the test (70 mm) and FEA (80 mm) results for Test 2,
because at these points the bottom flanges at the connection came into contact, which increased the
flexural rigidity and strength of the connection. Specimen 3, with a fully-moment-resisting connection
had a fire resistance of 102 minutes, which was considerably longer than Specimen 1. In the case of
Test 3 the bolts did not fail, although there was some shear deformation of the bolts. The result of FEA 3
agrees with the result of Test 3. The fire resistance time of Test 4 was the longest, because the constant
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Deflection [mm]

load was half that of Test 3. The deflection given by FEA 4 was less than the Test 4 result after 100
minutes, when the mean temperature at the mid-span of the beam was above 700°C. Specimen 5, with
Type B fire protection (Test 5) lost its load-bearing capacity at 83 minutes, and shear deformation was
observed between the loading points and the inside of the connection. On the other hand, deformation at
the connection, for example deformation of the bolt in shear, was not developed in Test 5. The deflection
given by FEA 5 was greater than the Test 5 result after 75 minutes. During the early stages of the fire, up
to 60 minutes, deflections of all beams were comparatively low because of the rotational restraint at the
ends of the supported span, and the beam deflection was not affected by the connections. Momentresisting beam-splice connections (Tests 2, 3, 4) have sufficient load-carrying capacity up to large
deflections in fire.

200
175
150
125
100
75
50
25
0

test 1
test 2
test 3
test 4
test 5

0

15

30

FEA 1
FEA 2
FEA 3
FEA 4
FEA 5

45

60 75 90
Time [minute]

105 120 135 150

Figure 9. Deflection at the mid-span of beams.

3.2

Deformation of the beam with moment-resisting beam-splice connections
Figures 10 and 11 show an example of deformation of the beam with moment-resisting beam-splice
connections subjected to vertical load and fire heating. The beam deflects largely due to rotation at the
connections. Both figures show the compressive contact between the bottom flanges of the beams as
rotation of the connection developed, but the bolts do not fail because their ductility in shear increases at
high temperature. Figure 10 shows large shear deformation of a bolt at high temperature. Previous papers
[9-11] also reported that bolts in shear do not easily fail at large shear deformations above 500°C. Its
ductility at high temperature may improve the rotational capacity of the bolted connection. The figures
show diagonal tension adjacent to the connection and thus a “truss analogy” as a mechanism of shear
transfer. Therefore, the resistance near the connection may be related not only to bending resistance but
also to shear resistance. However it is considered that the failure mode was plastic collapse of the beam
and its connections due to bending moment, because rotation of the connections was very large. In Test 2,
for semi-moment-resisting connections, complete bending fracture at the connection was observed,
because web buckling due to diagonal compression was not observed and the bolts through the top flange
failed. FE simulations were approximately able to represent the global aspect of deformation of the
specimens with connections. Distributions of strain at the connection, given by FE simulation, were
similar to those of the test specimens. In Tests 3 and 4, for fully-moment-resisting connections,
deformations due to both bolts in shear and plate yielding were developed before plate bearing reached its
resistance, and bolts did not fail. In Test 2, however, the bolts did fail. These results were in agreement
with the test results.
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Figure 10. Deformation of Specimen 3, a connection and bottom-flange
bolt, after test.

Figure 11. Distribution of equivalent plastic strain in Specimen 3 at 108 minutes by FE simulation.
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Hogging moments at the ends of the beams
Figures 12 (a)-(c) show variation of hogging moment at the ends of the beams under the rotational
fixity at their ends. The hogging moments in the tests were measured by the load cells installed at the
ends of the specimens (see Figure 1). The hogging moment from FE simulation was given by the
reactions at the supports (see Figure 3). As shown in Figure 12 (a), the hogging moments at the ends of
the beam increase during the early stages of fire, up to about 40 minutes in these tests, because the
thermal expansions across the height of the beam (see Figure 6 and 7), which would normally cause much
of the deflection of the beam, are countered by the restraint to rotation at its ends which apply a hogging
moment. After this hogging moment has reached the resistance of the beam, it decreases due to reduction
of the steel’s resistance. The difference of the initial value between tests and FEA results was caused by
the mistake in the loading in the tests. The initial value for Specimen 1 from FEA agrees with the
theoretical value. In Tests 2 and 3, FE simulations using a frictionless model cannot demonstrate the
development of the hogging moment before the occurrence of slip between the splices and the connected
beams. However, the FE simulations can predict the bending moment distribution of the beam at the limit
state stage.
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Figure 12. Hogging moment at the ends of the beams
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3.4

Critical temperatures of steel beams with moment-resisting beam-splice connections
Table 2 shows critical temperature, fire resistance times and the collapse modes of the beams. The fire
resistance time from both test and FEA results was given using the ISO 834 criterion [12]. The critical
temperatures from test and FEA results were mean temperatures of the section at mid- span of the beam at
the fire resistance time. Failure modes were determined from the deformation of the specimens. On the
other hand, the critical temperatures of continuous steel beams can also be approximated on the basis of
the theory of simple plastic design [1, 2]. An approximation to the critical temperature of a simple plastic
collapse model was given by AIJ recommendation [1]. The resistance of a connection was calculated
using the strength of the bolts and the mean temperature at the connection. Both results by FEA and the
simple plastic collapse model approximately agree with test results.
Table 2. Critical temperatures, fire resistance times and collapse modes of the beams

Specimen
No.1
No.2
No.3
No.4
No.5

Test results
671°C, 81min., S-mode
706°C, 88min., M-mode
731°C, 102min., M-mode
822°C, 128min., M-mode
682°C, 83min., S-mode

FEA Results
690°C, 84min., S-mode
698°C, 85min., M-mode
746°C, 105min., M-mode
852°C, 136min., M-mode
661°C, 78min., S-mode

Simple plastic collapse model
671°C, S-mode
681°C, M-mode
731°C, M-mode
826°C, M-mode
619°C, S-mode

(M-mode: Plastic collapse of the beam and connections, S-mode: Shear failure of the beam.)

3.5

Influence of axial restraint to the beam
Rotational restraint at the ends of a beam increases the fire resistance time of the beam, whereas axial
restraint to a beam may decrease its fire resistance time, because its axial thermal stress is developed by
restraint to its thermal expansion, and can cause buckling of the beam. However, it was difficult to carry
out the testing, applying axial restraint to the beam. In the FE simulations, the influence of axial restraint
at the ends of the beams was capable of being considered by changing the boundary conditions at the end
of the model from roller support to pin support (see Figure 3).
As shown in Figures 13 (a)-(c), the FE simulations indicate that axial restraint to the beam increases
its deflection when exposed to fire heating. The influence was most noticeable in the case of semimoment-resisting connections. However, axial restraint to the beam does not affect its load-bearing
capacity at the final limit stage. Deflection at 60 minutes was less for the beam with fully-momentresisting connections than for the beam without connections in the presence of axial restraint, because the
development of deflection may be delayed by slip at the connection.
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Figure 13. Influence of axial restraint on deflection of the beam
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4 CONCLUSIONS
Moment-resisting beam-splice connections have sufficient load-carrying capacity up to large
deflections in fire. The ductility of bolts in shear increases considerably at high temperatures. FE analysis
can approximate well the deflection behaviour of a steel beam with splice connections. The analysis using
a frictionless model cannot demonstrate the development of hogging moment at the ends of a beam before
the occurrence of slip between the splice plates and the connected beams. However, the analysis can
predict the bending moment distribution of the beam at the limit state. The critical temperature of a steel
beam with beam-splice connections was well approximated by a simple plastic collapse model, assuming
plastic hinges at the connections. This means that the connections can reach their maximum resistance at
the limit state. The results of FE analysis also show these collapse modes. Axial restraint to the beam
increased its deflection when exposed to fire heating, and the deflection was larger for weak connections
than for fully-moment-resisting connections. However, the normal compression force in a beam due to
thermal stress disappears at the limit state, and its critical temperature does not depend on the axial
restraint.
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Abstract. This paper is concerned with the generation of a proposed model for moment-resisting beamsplice connections in the framework of a component-based method. The model is composed of an
assembly of extensional springs and rigid links, so that the spring components represent specific
contributions from the connection’s main zones of structural action. The temperature-dependent
properties of the equivalent component springs are governed by the weakest component, for any given
bolt row. The proposed model is validated, utilising the finite element software Vulcan, against results
from an experimental programme on spliced beams, conducted in Japan. The tests included two different
arrangements at the beam splices, which create partial-strength and full-strength connections. The model
is shown to be capable of simulating the connection behaviour, and gives close agreement with the tests,
thus demonstrating the applicability of this method for beam-splice connection. The research extends the
applicability of component modelling as an efficient computational tool to predict connection response in
fire.

1 INTRODUCTION
Steel moment-resisting framed buildings are assumed to develop their ductility through the
development of yielding in their beam-column connections. Many engineers believe that it is possible to
withstand large deformations without significant degradation in strength, and without the development of
instability and collapse. However, evidence of unforeseen connection failures in different types of hazard
(earthquake, blast and fire) has challenged this paradigm, raising questions about the adequacy of
moment-resisting connection design in building code provisions. Even before the destructive fires in the
WTC7 building, and following the Northridge and Kobe earthquakes, substantial effort was being made
to represent the realistic behaviour of such connections. The framing system type identified in these
catastrophic events is widely utilised in the USA and Japan, where it provides a popular solution for
buildings in highly seismic regions. This is known as a “column-tree” system [1], and needs to utilise its
beam-splices as major elements in design. The beam-splices act as ductile ‘fuses’, and limit the
magnitudes of the internal forces, including bending moments, which can be developed in the frame,
which makes them an ideal type of connection in both fire and earthquake scenarios. Depending on the
bending strength and rotational stiffness of these splices, the structural frame can behave either as ‘rigid’
or semi-rigid’. Semi-rigidity can be beneficial at high temperature, when redistribution of forces from
beams to other structural members is critical, influencing the survival time of the whole framing system.
This paper adopts the widely recognised component-based approach to characterise the moment-resisting
connection behaviour of beam-to-beam-splices in fire. This method is capable of capturing the key
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features of the overall connection interaction in a realistic manner, based on the underlying mechanics,
coupled with evidence from experimental data.
In extreme events, very high demands for local and global deformation are imposed on structural
elements, connections and details. Connections between members, in particular, are anticipated to be the
regions where the material is exposed to inelastic deformations, which consequently influence local
ductility requirements and frame performance. The beam-splices, as the key elements in column tree
systems, need to be designed appropriately in order not to compromise the strength of the beams. The
beam-splice connections most often used are either welded, field-bolted or a mixture of bolted and
welded elements. However, the advantages of using column-tree systems can be fully utilised using fully
bolted splices. Thus, this analysis concentrates on the bolted connections. Plate splices, shown in Figure
1, can be either single- or double-plated, the arrangement being repeated on each side of the joint. The use
of double plates in general reduces the number of bolts and shortens the lengths of plate splices. The web
splices normally employ double plates to stiffen the web out-of-plane and utilise the double-shear
capacity of the bolts. The design philosophy [2] for this type of connection is that the flange splices are
designed to resist most of the applied moment. The web splice carries transverse shear, distributed equally
between the bolts. Additionally, any axial force in the beam is divided equally between the flanges.
T

T

N

M

V

V

N

M

C

C
Figure 1. Forces in splice connection

Connections in general should possess the characteristics of both strength and ductility, which in this
context refers to the ability to articulate plastically at some stage of the loading cycle without failure, and
this is govern by the ductilities of their parts. The ductility of a joint reflects to the length of the yield
plateau in its moment-rotation response, which is provided mainly by its capacity for plate yielding and
bearing deformation at its bolt holes. Failure criteria are introduced for each individual component to
facilitate the simulation of its behaviour at different temperatures, including final fracture. The design
procedure classifies failure modes into ‘ductile’ and ‘brittle’, and attempts to ensure that ductile failure
modes will precede the brittle ones. In this study only the dominant failure modes (bearing of plates and
bolt shear) are considered on the basis of previous test results and researches [3,4].

2 MECHANICAL MODEL DEVELOPMENT
In developing the mechanical model of a connection, a comprehensive understanding of the general
behaviour of the connection is necessary. Evaluation of the key aspects can be described by assuming
their idealised load transfer mechanisms. For splice connections, the utilisation of friction grip bolts can
transfer force, initially through frictional resistance and subsequently through bearing stresses. It is
assumed in this research that the bolts are subjected to forces acting through their centroids. In the initial
stage of loading, the bolts, which are presumed to be installed centrally, do not carry any force. The load
is solely transferred by frictional resistance at the contact surfaces of the plates. When the load exceeds
the frictional resistance, large relative displacement occurs, and the bolt comes into contact with the bolt
hole edges. This displacement is caused by a finite slip, ranging from zero to two hole clearances. The
positions of the bolts in their respective holes during the assembly process define their slip ranges. The
bolts positioned furthest away from centre of rotation usually come into contact with the hole walls first,
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and are therefore described as the critical bolts. These then deform plastically, either by bolt shear or plate
bearing, and eventually fracture. Overall, the connection behaves elastically with increasing load until the
stress in either the bolt or the plates reaches the yield strength of the material. Beyond this stage, the
maximum resistance of the aggregate bolt-row characteristic is controlled by that of its weakest
component. Thus, the post-yield failure characteristic follows the dominant component. It should be noted
that the initial frictional resistance diminishes somewhat when slip occurs in a bolt row.
Commonly used beam-splice connections consist of splice plates, which are lapped across the two
connected beams and bolted to either side of the web and flanges. In a component model framework, the
active zones for splice connection cover the region where the two members are interconnected and where
the set of physical components mechanically fasten the connected elements, as shown in Figure 2.
Characterisation of these active zones is based on the force transfer across a bolted double-splice butt
joint between in-line connected members. Within each zone, several sources of deformation can be
identified, which are simple elemental parts (known as “components”) which in this case refer to the
frictional, bearing and shearing resistance of the connected plates and bolts. The characteristics of these
individual components are subsequently defined by nonlinear-force-deformation relationships, derived
from their mechanical behaviour.

Contact
elements

End distance
Figure 2. A bolted double-splice butt joint.

2.1 Plate bearing
As the applied force increases, the maximum concentration of stress develops in the vicinity of the
bolt hole. Consequently, local yielding of the plates at the hole edge allows for stress redistribution and
ultimately bearing failure to occur. The plate bearing characteristic tends to be stiff up to the initiation of
yield, beyond which there is a long plateau until the considerable plastic range is exceeded. Elongation of
the bolt hole is largely influenced by the ductility of the plate material and its geometry (thickness t and
end distance e2). Ultimate failure is controlled by the end distance of the plate, and treats both bearing and
tear-out as single limit state. This failure mode in a connection generally shows signs of distress through
permanent plastic deformation, but tends to be non-catastrophic in contrast to the more brittle shearing
failure. Based on a detailed investigation of a single-bolt lapped plate connection, Rex and Easterling [5]
concluded that the initial stiffness associated with a plate in bearing depends on three primary stiffness
values; bending (Kb), shearing (Kv) and bearing (Kbr). On the basis of a parametric study Sarraj [3]
distinguished two cases of bearing; small end distance and large end distance. The plate strength Fb,rd ,
formulated as in Table 1, represents the bearing component by normalised force-displacement
relationship using predefined curve-fit values.
2.2 Bolt shear
This criterion is adopted to simulate the effect when the critical shear cross section of a bolt becomes
fully plastic. When the equivalent plastic stress exceeds the true yield stress of the bolt, then the residual
cross section of the bolt is gradually deemed to fracture. Bolt shear is generally considered to be an
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undesirable failure mode, because it does not involve enough ductility to ensure a simultaneous plastic
distribution of the forces taken by the bolts [4], and can therefore allow progressive failure. It is assumed
here that the shear resistance decreases to zero at a displacement equal to the bolt diameter, db. The
‘down-hill’ part of the force-displacement curve is defined simply on the basis of the residual connected
bolt area. The temperature-dependent bolt shearing strength, Fv,Rd given in Table 1, is subsequently
applied to a modified Ramberg-Osgood [5] expression for bolt shear deformation.
Table 1. Design resistance for bearing and shearing

Failure modes

Plate Bearing

Load Resistance
Tension
Compression
For all sizes of bolt:
For bolts up to M20:
e2
e
u f u u db u t
Fb, rd
Fb, rd 0.92 u 2 u fu u db u t
db
db

Fv, rd

Bolt in shear

k f , v ,b u f u ,b u A

2.3 Friction
The friction component involves two mating surfaces, and the magnitude of its force depends on the
friction coefficients, the normal force and the number of friction surfaces [6]. A rational representation of
this characteristic is defined through the pre- and post-slip behaviour of connection. The initial stiffness
of the pre-slip region is determined fairly arbitrarily, approximately when the friction force reaching its
peak at 10% of the bolt-hole clearance. The friction resistance then persists as a plateau until the bolt
makes positive contact with bolt hole edge. This post-slip resistance subsequently degrades slowly with
movement until no frictional force remains on the connection. Since the friction force is controlled by the
normal force between the plate surfaces caused by bolt tension, and this is assumed to be generally based
on elastic bolt behaviour, the reduction of friction characteristics with temperature is assumed to depend
on the elastic modulus reduction factor.

3 PROPOSED COMPONENT-BASED MODEL
Application of the component-based method generally involves characterisation of the nonlinear
component ‘springs’, which are then assembled into two-noded connection elements. The nonlinear
structural analysis then iteratively establishes equilibrium subject to the internal compatibility within the
spring elements, coupled with the stiffness and deformations of individual components. Sarraj[3] first
developed a component-based model for fin-plate connections based on a numerical investigation of
single lap-joint connections. The lap-joint zone consists of three fundamental components placed in series
in each bolt row; the fin-plate in bearing, the bolt in shearing, and the beam web in bearing. These
component models include a friction spring in parallel with this basic spring assembly. Yu [4] verified the
component model against the results from experiments performed at the University of Sheffield, with the
modification of an additional spring at the location of the beam’s bottom flange. In this research, the basis
of Sarraj’s active components is adopted, with some modification for use with moment-resisting beamsplice connections. An idealised representation of the double-splice butt connection is shown in Figure
3(a). When the connection is loaded either in tension or compression, the contact achieved by closing the
gap activates one or other series of three components. The equivalent characteristic of the active series
follows the failure characteristics of its weakest individual component. To include the effect of material
weakening with increasing temperature, reduction factors based on EC3 [7] have been adopted. These
temperature-dependent characteristics have subsequently been incorporated into the nonlinear finite
element program Vulcan to assess realistic connection response within frame analysis.
The arrangement of a bolt row of the beam-splice connection is shown in Figure 3(b). Essentially, the
springs are in series, with stiffness klap,n representing a web bolt row with a single bolt either side of the
gap. The indices ‘lap’ refer to a single lap joint which consists of individual components of the plate in
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bearing and the bolt in shear. In parallel to the bolt springs, a friction spring is included with stiffness
kslip,n. The upper and lower beam flange springs, kbf, upper/lower account for positive compressive contact
between the beam flanges.
Cover-plate bearing
(Tension)

Beam Web bearing
(Tension)

Bolt
Shear

(a)

Cover-plate bearing Beam Web bearing
(Compression)
(Compression)

݈݇ܽ ǡ݊ ሺܸሻ ݈݇ܽ ǡ݊ ሺܸሻ

M
N

Friction (slip)

V

݅

(b)

݇ ݈݅ݏǡ݊

݇ ݈݅ݏǡ݊

ܾ݂݇ ǡ݈ݎ݁ݓ

Row n

M
݆

N

V

w
θ

u

0mm

Figure 3.Component-based model for (a) Butt splice joint (b) single bolt row.

4 IMPLEMENTATION IN Vulcan
The implementation of the joint element in Vulcan is modelled as an assembly of bolt rows which
each contain the basic component springs, with no physical length in between the rigid links. Referring to
the splice connection shown in Figure 1, each spring in Figure 4 represents the equivalent bolt row
assemblies at the positions of the beam flanges kbf, n and web kw, n, arranged in parallel. Prior to lower
beam flange contact, the connection is assumed to rotate and deform with the applied load at the centreline of the beam. After contact is established, bearing on the beam flange results in an increased stiffness
and capacity. The nonlinear bolt-row springs are subjected to axial and shear forces according to their
relative positions. In order to consider the complicated load-reversal at high temperatures, the force
transitions are applied using the Masing Rule [8] relative to positive contact between the bolt and plate.
The component method is formulated according to the principles of nonlinear stiffness analysis in
order to incorporate it in Vulcan. The nonlinear behaviour of each individual connection component is
resolved iteratively. The connection stiffness matrix kc’ relates the incremental forces ∆F to the
incremental displacements ∆u of the connection in an equation of the form:
'F

k 'u
c'

(1)

In Vulcan the nonlinear incremental stiffness matrix is a function of the internal forces and
displacements developed during a load step. An iteration scheme is employed which updates the stiffness
matrix continuously, using the previously calculated incremental displacements as a datum. The next
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incremental load or temperature is calculated if convergence is reached. Otherwise, the incremental
displacement is reduced until equilibrium is reached.

w

θ

u

ܾ݂݇ ǡͳ

݇ ݓǡͳ 

݈ܾ݂ͳ 

݇ ݓǡʹ 

݇ ݓǡ͵ 

݇ ݓǡͶ 

ܾ݂݇ ǡʹ

θ

݈ܾ݂ʹ 

0mm

Figure 4. Component based model arrangement in Vulcan. (Note that u1 is the relative mean displacement across the
whole connection).

5 EXPERIMENTAL SETUP
An experimental study [9], in which I-section steel beams incorporating high-strength bolted splice
joints were subjected to increasing temperatures, was investigated. The experiments had investigated both
the temperature distributions within the connected zones of the beams and the structural behaviour of the
moment-resisting connections at high temperatures. Four specimens using beam-splice connections with
varying details and loading were tested. However, only three tests with the more significant arrangements
are studied here, since the objective of this study is to understand the influence of fire on momentresisting connection response. Details of the selected specimens are given in Table 2.
Table 2. Test detailing for different arrangement.

Specimen

Connection type of moment
resisting connection

Number of HSFG bolts
Flange

Web
8

Constant
load Pc
(kN)

Fire
protection

121.9 kN

12.5mm
ceramic fibre
blanket.

61.0 kN

In region e, a
double layer
was applied.

Partial-strength
No. 2

Mu
Mp

0.73

4

No. 3

Full-strength

8

8

No. 4

Mu
Mp

8

8

1.18

A schematic setup of a test is given in Figure 5, showing half of the symmetric test setup. The span
between supports was 4.2m. The load Pc was applied mainly through two jacks near mid-span with the
loads given in Table 2. Two additional jacks Pe at the ends of the cantilevers (Position a) were used to
maintain zero rotation at the supports throughout the test. In order to control lateral buckling and twisting
of the beam during heating, a stabilising system was set up at the point of contraflexure (indicated at e).
The connection detail is shown in Figure 5(b). The distinction between the partial-strength (Test 2) and
full-strength (Test 3 and 4) connections is based on the number of bolts at the beam flanges.
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Pe
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40

Dh1
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D3

D2

60

290
40 40

60

40
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40

Dh2

a

60

c

b

d

260 60

e

f

60
40

400

1000

40 40

250 450

1150

40 40

10

2100

(b)

(a)
Figure 5. (a) One half of the symmetric test setup (b) Connection details.

5.1 Material properties
Details of the material properties and section of the structural member are given in Table 3. The yield
and ultimate stresses were measured from tensile coupon tests from the test specimens; nominal grades
were SN 400B for the beam and F10T for the bolts, according to the Japanese Industrial Standard (JIS).
The degradation of strength of the structural members was based on the reduction factors defined from
the experimental results depicted in Figures 6(a) for SN 400B and 6(b) for F10T. These are compared
with recommendations of EC3 [7]. It can be observed that the experimental reduction curve employed is
more pronounced in the early heating stage, whilst at higher temperatures it follows closely the EC3
curve.
Table 3. Section properties of structural members.

Beam

Sections

Dimensions(mm)

I-section steel beam

350 x 175 x 7x 11
170 x 175 x 9.0
170 x 70 x 9.0
260 x 170 x 6.0 *
290 x 175 x 9.0
290 x 70 x 9.0
260 x 170 x 6.0 *
16 x 60
16 x 55

Flange (Test 2)
Cover
Plates

Bolt

Web (Test 2)
Flange (Tests 3 & 4)
Web (Tests 3 & 4)
Flange
Web

Yield Stress,
fy (N/mm2)
308
393

Tensile strength,
fu (N/mm2)
446
456

Elongation
(%)
31
28

1043
1019

1083
1057

19
19

* Coupon tests were only performed on 9mm plate; assumed the same for 6mm plate.

5.2 Temperature distribution
The furnace fire curve, together with the effect of fire protection in some zones, resulted in a
differential temperature distribution along the beam. The thermal gradients across the beam depth,
however, were caused by the 100mm thick ALC (autoclaved lightweight concrete) panel, supported on
the upper flange, which caused about 160°C temperature difference between the bottom and top flanges at
60 minutes. To represent the shielding and heat-sink effects of a normal-weight concrete slab on the top
flange temperature in more realistic construction, a ceramic fibre blanket (130 kg/m3 at 12.5mm
thickness), with fire resistance rating of about 1 hour, was used to provide some insulation to the top
flange of the beam. This fire protection varied along the beam in the zones denoted as a to f in Figure 5.
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Figure 6. Strength reduction factors for a) SN 400B b) F10T steels.

6 COMPONENT MODEL VERIFICATION
The component model of the connection has been incorporated into Vulcan to represent the beam-tobeam test setup, with the real boundary conditions of the test. In the model, full rotational restraint is
provided at the support to simulate the constant zero rotation which is maintained during the tests. An
“axis of symmetry” boundary condition is applied at the right-hand end of the model (Position f), to
represent the mirror-image arrangement of the right-hand half of the beam arrangement. The three tests
conducted are examined here in terms of the deflection at mid-span, and the distribution of bending
moment at several main positions along the beam, with respect to temperature increase. The plotted
results are arranged in two columns in Figure 7, with the graphs in the left-hand column representing midspan deflection and the right-hand column the bending moment diagram. The temperature axis shows the
mean temperature in the section at the mid-span of the beam. In these graphs the dotted lines indicate the
test results while the full lines are the analytical results using the component models for the splice
connections.
6.1 Deflection at mid-span
In general, very reasonable agreement can be seen between the tests and the analytical models using
the component elements in terms of the mid-span deflection (Figure 7(a)). The component models
generally exhibit a similar loading pattern, with large deformation forming a plastic hinge, which
eventually fails in a ‘runaway’ stage. The bending moment is carried mainly by the flanges, and so the
number of bolts in each flange splice is a major influence on the connection strength. The term ‘failure’ in
this model can be defined as either the occurrence of beam failure by runaway, or the fracture of any
component the connection. In the early heating stage, the forces in the bolts are transferred mainly by
frictional resistance until the slip resistance is exceeded. In Test 2, a significant rotation caused a very
obvious bearing contact of lower beam flanges at a beam temperature of 713.5°C. In this test the failure
of the beam caused considerable shearing deformation of the bolts in the beam upper flange, followed by
large bearing deformation of the beam web’s tension zone. With increased numbers of bolts in the beam
flanges (Test 3), the failure of the beam was delayed slightly to the higher temperature of 725.5°C. After
positive contact between the lower beam flanges was made, at high rotation, they experienced a high
compressive force which subsequently generated higher bolt deformation in the upper beam flange due to
this lowering of the centre of rotation at the connection. The beam specimen in Test 4 failed at a critical
temperature of 818°C, at only half the loading of the standard test. This arrangement experienced a much
larger beam mid-span deflection because of the higher temperature, and the connection components were
more highly deformed.
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Figure 7. (a) Deflection at mid-span (b) Bending moment variation at different positions.

6.2 Moment distribution
The variation of bending moment at three different positions (support, joint and mid-span) along the
beam span is depicted in Figure 7(b) for each of the three tests. The fixed-end bending moment at the
support location (Position c) is directly compared with the test measurement. The analytical results at the
other positions provide a general view of the change of bending moment at the joint and mid-span during
the transient heating. The discrepancy shown between the analytical and test results for Tests 2 and 3 at
the support was due mainly to an error during the initial setting up of these experiments, which caused the
initial moment to be 25% larger than the theoretical value of 120.8kNm. This accounts for the difference
between the test results and component model. This also contributes to the small difference in deflection
at ambient temperature. During the tests, it was intended to keep the beam rotation at the support constant
at zero, using the loading jack Pe. However, it was later observed that this initial rotation had actually
been approximately 0.0023 radian, and this value was used throughout the fire tests. Essentially, hogging
moment is added across the span during heating in order to counteract thermal bowing caused by the
thermal gradient across the beam cross-section. As the thermal gradient reduces, this additional hogging
moment decreases.
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7 CONCLUSION
A practical model for beam-splice connections when analysing the global behaviour of frames in fire
has been developed, which has been shown to give good comparison with the experimental data from
three large-scale furnace tests. It is observed that the rotational behaviour and moment capacity of the
connection depend essentially on its detailing, particularly on the numbers of high-strength bolts used and
the frictional resistance which they generate. The partial-strength connection model of Test 2 managed to
achieve a fairly similar fire resistance, in terms of both temperature and time, to the full-strength Test 3.
The full-strength connection (Tests 3 and 4) is not the critical part of the beam at ambient temperature,
and plastic hinges should occur in the I-section instead. The use of high strength friction grip bolts
dominates the load path of the splice connection, by generating frictional resistance through the specified
tensions in the bolts. However, at high temperature, the contact pressures of the bolts are reduced, causing
a reduction of the friction resistance; it has been assumed here that the bolts remain in elastic tension, and
so the reduction of friction is controlled by the steel modulus reduction factor. This is clearly a
simplification of a combination of factors which affect the frictional resistance, but seems adequate.
When frictional resistance has sufficiently dissipated, the bolts begin to function as bearing bolts, and this
may allow the connection to become the critical part of the beam. The component-based model shows
that the way the frictional resistance degrades at elevated temperatures highly influences the overall
response of the splice connection, compared with its ambient-temperature performance. The componentbased methodology provides sufficient flexibility to allow realistic modelling of such interactions
between individual components within connections of this type.
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Abstract. This paper investigates the aging effect on reliability of steel columns protected by intumescent
coatings subjected to natural fires. Post-flashover fire is considered and time equivalent is adopted to
model the fire behavior. The maximum steel temperature in natural fire is calculated by a recently
developed formula. The thermal insulation property of intumescent coating is assessed by using the
concept of constant thermal resistance. Previous test data on aging effect on thermal insulation property
of intumescent coatings are used. Monte Carlo simulation method is used to calculate the fail probability
and reliability index. The study finds that aging has effect of decreasing the reliability index of steel
columns protected by intumescent coatings. That decrease effect increases with aging year increases. The
decrease is more serious for cases with high load ratio ȝ0 than for cases with low ȝ0. For the investigated
cases with low load ratio (ȝ0 0.3), the amount of the decrease of reliability index ǻȕ due to aging effect
is less than 0.2 (the corresponding increase in failure probability ǻPfail is less than 3 %; and for the
investigated cases with high load ratio (ȝ0>0.3), the maximum ǻȕ is about 0.24 (the corresponding
maximum ǻPfail is about 9 %). However, the ratio of failure probability change is large.

1 INTRODUCTION
Intumescent coatings, by their advantages like attractive appearance, potential for off-site application
and practically taking no space, are now the dominant passive fire protection materials used in industrial
and public steel buildings [1]. The coatings, which usually are composed of inorganic components
contained in a polymer matrix, are inert at low temperatures and will expand and degrade to provide a
charred layer of low conductivity materials at temperatures of approximately 280 to 350 oC [2]. The
charred layer, which acts as thermal barrier, will prevent heat transfer to underlying substrate. In practice,
when specifying coating fire protection for steel structure, it assumes that the coating is correctly applied
and its performance meets the fire protection needs without degradation over time. However, since the
organic components of intumescent coating, it should be expected that the fire protection function of
intumescent coating over time would not be as reliable as when freshly applied [3].
This paper presents a study on reliability of steel columns protected by intumescent coatings to
natural fires. State-of-the-art knowledge in current researches on structural fire engineering has been used
in our study. MCS is adopted for probabilistic analysis.
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2 DETERMINISTIC APPROACHES
2.1 Fire modeling
The behavior of a real fire is complex, which depends on many parameters such as sprinkler, fire load,
combustion, ventilation, compartment size and geometry, and thermal properties of compartment
boundaries [4]. So far, with increase in complexity, empirical correlations (e.g. nominal fire curves and
parameter fire curve [5]), zone models (e.g. one-zone models for post-flashover fires and two-zone
models for pre-flashover fires [6]), and sophisticated CFD models (e.g. Fire Dynamic Simulation [7])
have been developed to model the fire behavior. Also, stochastic models have been developed for
compartment fires [8].
In practice, the concept of equivalent fire severity, commonly referred as time equivalent, had been
developed to relate real fires with the simply standard fire. In our investigation, the formula
recommended by EC1 [4] is used for evaluating the equivalent fire severity. The formula is based on
maximum temperature method which defines the equivalent fire severity as the time of exposure to the
standard fire that would result in the same maximum temperature in a protected steel member as would
occur in a realistic fire, and is given in a simply form that

t eq

q f kb w f

(1)

where, teq is the equivalent standard fire duration time; qf is the floor fire load density; kb is the
conversion factor to account for the thermal properties of the enclosure; and wf is the ventilation factor,
for small compartments without horizontal vents
Av heq 1 / 2 A f
Af
(2)
)
wf (
O 1 / 2
At
At
At
where, Av, Af , At are the summed area of the vents, the floor area and the total enclosure area,
respectively; heq is the weighted average of vent heights on all walls; and O is opening factor.
2.2 Steel temperature calculation
The temperature of steel members exposed to fire is usually determined with a 1D condensed heat
transfer model [9, 10]. At present, various formulae are provided by fire codes in different countries for
calculating the temperature of insulated steel members in fire [9]. In deriving those formulae by different
technologies like separation of variables, laplace transform and green’s function approach, the standard
fire curve is always adopted to represent the fire environment [10]. The current formulae, which are
based on the standard fire, might give unacceptable results for calculation in natural fires [10]. Besides,
the current formulae are developed as “simplified” methods that their applications are limited to
situations where the properties of the insulation materials are or can be treated as constant or temperatureindependent [10]. The temperature of steel members in a fire can also be determined by advanced CFD
simulations [11], or by solving the heat balance equation for modified one zone compartment fire model
with considering the heat sink effect of steel members [12].
When evaluating the load capacity of a steel member in fire, the maximum temperature it reached is
the critical parameter being considered. In our investigation, the maximum temperature of insulated steel
members subjected to natural fires is calculated by using a recently developed simply closed-form
expression given by [13]
(3)
Ts max 0.0024'2  2.528'  0.96
where

q f kb w f

Ai / V 0.77
(4)
)
40
d i / Oi
here Ai/V is the section factor of the member, in which Ai is the appropriate area of the fire insulation
material per unit length, and V is the volume of the steel per unit length; di is the insulation thickness; and
Ȝi is the conductivity of the insulation.
'
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2.3 Buckling temperature of steel columns
In the past decades, many researchers had studied the robust behaviour of steel columns in fire
conditions experimentally and numerically [14-17]. Also, simple calculation approaches had been
developed for predicting the critical temperature of steel columns [18,19].
The simple model developed by Franssen et al. [18] is adopted by EC3 [20] for calculating the
buckling resistance of axially loaded steel column in fire, which is given by

N b ,T

F T Af yT

(5)

1

(6)

where

FT

MT  MT2  OT2

1
(1  DOT  OT2 )
2

MT
D
OT

235
f y 20

0.65

O20

(7)
(8)

k y ,T

Af yT

k E ,T

PE ,T

(9)

where, A is steel cross section area; fyT = kyT fy20 is high temperature yield strength, in which kyT is the
reduction factor for the yield strength of steel at the steel temperature T and fy20 is the yield strength of
steel at room temperature;

OT

and

O20

are non-dimensional slenderness ratio at high and room

temperatures, respectively; kET is the reduction factor for elastic modulus of steel at the steel temperature
T; PET is Euler buckling load at high temperature; and 0.65 in Eq. 8 is the severity factor at fire condition.
From Eq. 5, we can get the buckling temperature of steel column by solving

PT
N b ,T

1

(10)

where PT is the column service load at fire condition.
In EC3 [20], a closed-form equation has also been presented for calculating the buckling temperature
of steel column in fire, that

Tb

39.19In(

1
 1)  482
0.9674P 03.833

(11)

where ȝ0 = PT/Nb,0 is utilization factor, in which Nb,0 is the column buckling resistance at room
temperature. ȝ0 must not be taken less than 0.013.
2.4 Thermal resistance of intumescent coatings
Unlike the conventional fireproofing materials (e.g. concrete, gypsum, SFRMs) whose thermal
properties are temperature-dependent only, the performance of intumescent coatings under fire is
complex that they will behave differently according to the applied heating condition, coating thickness,
and protected structures [21]. As a result, the traditional standard test methods are not applicable to
measure the thermal properties of intumescent coatings [22].
In practice, effective thermal conductivity or equivalent thermal resistance is usually adopted to
characterize the thermal insulation property of intumescent coatings. Till now, many researchers had
developed procedures to estimate the effective thermal conductivity of intumescent coatings [22]. In DD
ENV13381-4:2002, the inverse equation of the EC3 [20] equation for calculating the temperature of
insulated steel members to fire is presented to extract the effective thermal conductivity of intumescent
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coatings. In our study, the simple approach proposed by [22] is adopted to assess the thermal insulation
property of intumescent coatings.
At present, little work has been conducted to investigate the effects of aging on thermal insulation
property of intumescent coatings subjected to fire. Wang et al. [3] reported some test data on this issue,
which will be adopted in our study.

3 PROBABILISTIC APPROACH
3.1 Parameter uncertainties
Characterization of parameter uncertainties is of fundamental importance in a probabilistic approach.
In modeling a post-flashover fire, the major source of parameter uncertainties is associated with the
prescription of fire load, vent, and thermal inertia of the compartment boundary. Based on fire load
surveys in different countries, several probabilistic models (e.g. Lognormal distribution [23, 24] and
Gumbel type I distribution [25]) had been derived to characterize the distribution of fire load densities. In
probabilistic codes, mean and COV of fire load density in different occupancies are given. For example,
in Eurocode [5], the fire load density in office building has a mean of 420 MJ/m2 and a COV of 0.3, and
in JCSS probabilistic model code [26], the fire load density in office building has a mean of 600 MJ/m2
and a COV of 0.3.
When calculating opening factor in deterministic approach, it is assumed that ordinary window glass
is immediately destroyed when fire breaks out. However, in many conditions it is possible that some of
the openings are partially or fully closed in fire conditions. In JCSS probabilistic model [26], a random
parameter ȗ is defined to consider the uncertainty of openings in fire conditions. The parameter is
described by a truncated lognormal distribution with a mean of 0.2 and a COV of 1. Correspondingly, the
effective opening factor in fire conditions is given by
(12)
Oeff O(1  ] )
In compartment fire modelling [4], when calculating heat transfer from fire environment to
compartment boundary, the semi-infinite solid assumption is adopted, or in other words the fire
temperature is assumed to be not affected by the thickness of the compartment boundary. Therefore, only
the uncertainty in evaluating thermal inertia of the compartment boundary is considered. In the following
studies, compartment boundaries are assumed to be constructed from normal weight concrete (NWC)
only. In [27], the thermal inertia of NWC is described by a normal distribution with a mean of 2014
Ws1/2/m2K and a COV of 0.09.
Intumescent coatings are reactive materials that they will swell under heating conditions. Li et al. [22]
proposed a simple procedure to assess the thermal insulation property of intumescent coatings by using
the concept of constant thermal resistance derived at a critical temperature of 550 oC. Due to different
chemical components and complex intumescing behavior, the thermal insulation property of different
type of intumescent coatings might be different significantly. As a result, although a number of studies on
intumescent coatings have been reported in literature, available data to characterized the thermal
insulation property of intumescent coatings is limited. In [28], the thermal conductivity of traditional fire
protection materials and the thickness of the protection are both described by lognormal distribution.
According to the definition of thermal resistance, which is the ratio of protection thickness to thermal
conductivity, from probabilistic theory we know if protection thickness and thermal conductivity both
follow lognormal distribution, then thermal resistance also follows lognormal distribution. As a result, in
our study the constant thermal resistance of intumescent coatings is assumed to follow lognormal
distribution with COV of 0.3.
Table 1 gives the statistics of uncertain parameters. The distributions of yield strength and elastic
modulus of steel at room temperature are assumed to be normal. The COVs for yield strength and elastic
modulus used in [28] are adopted. The distributions of the dimensions of the steel columns are also
assumed to be normal. The distribution of column service load is assumed to be normal.
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Table 1. Statistics of uncertain parameters

Parameters
qf
W
D
H
b
Wo
Ho
ȗ
di/ki
Bs
Hs
tw
tf
lc
fy20
E20
PT

Unit
MJ/m2
m
m
m
Ws1/2/m2K
m
m
Km2/W
mm
mm
Mm
mm
mm
Mpa
Mpa
N

PDF
Lognormal
Deterministic
Deterministic
Deterministic
Normal
Deterministic
Deterministic
Lognormal
Lognormal
Normal
Normal
Normal
Normal
Normal
Normal
Normal
Normal

Mean
100-600
3.6/4.8
4.8/6.0
2.7/3.6
2014
3/4.5
1.5/1.8
0.2
Rcon
Nominal
Nominal
Nominal
Nominal
2.5/3.5
235
2.05e5
ȝ0*Nb,0

COV
0.3
0.09
1
0.3
0.05
0.05
0.05
0.05
0.05
0.063
0.045
0.3

3.2 Professional factor for maximum steel temperature
Professional factor is used to account for model error in calculation approaches, which is defined as
the ratio of measured and predicted results.
The professional factor or model error for Eq. 3, PF1, is characterized by using test data reported by
Konicek and Lie [29], and Kirby et al. [30], which has a mean of 0.955 and a COV of 0.014, and can be
best described by lognormal distribution as shown in Fig. 1.

Figure 1. Probabilistic property for professional factor of Eq. 3

3.3 Professional factor for steel buckling temperature
Eq. 11 is adopted to predict the buckling temperature of steel column in fire. In [31], the professional
factor for Eq. 11, PF2, are characterized by using test data reported in literature. Fig. 2 shows the
professional factor with respect to utilization factor. The professional factor for Eq. 11 has a mean of
0.949 and a COV of 0.016, and can be best described by the extreme value distribution as shown in Fig. 3.
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Figure 2. Professional factor for Eq. 11

Figure 3: Probabilistic property for professional factor of Eq. 11

4 RELIABILITY ANALYSIS
4.1 Performance function
When exposed to fire, the steel columns will survive if the maximum temperatures they reached are
less than their buckling temperatures. The performance function for reliability analysis of steel columns
in fire is given by
(19)
G ( X ) R  S Tb  Ts max
4.2 Investigated cases
Table 2 gives the investigated cases considered in reliability analysis. Two fire compartments are
considered and labeled as “Comp1” and “Comp2”, respectively. “Comp1” is 3.6 m width, 4.8 m depth
and 3.0 m height, and has a window of 3.0 m width and 1.5 m height. “Comp2” is 4.8 m width, 6.0 m
depth and 3.6 m height, and has a window of 4.5 m width and 1.8 m height. The two compartments both
have fire doors which are assumed to be closed in fire condition.
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Table 2. Investigated cases in reliability analysis

Label
Case 1
Case 2
Case 3
Case 4
Case 5
Case 6

Comp.
Comp1
Comp1
Comp1
Comp1
Comp1
Comp1

Sec.
S1
S1
S2
S2
S3
S3

Ȝ20
50.2
50.2
32.9
32.9
24.8
24.8

Coat.
C1
C2
C1
C2
C1
C2

Label
Case 7
Case 8
Case 9
Case 10
Case 11
Case 12

Comp.
Comp2
Comp2
Comp2
Comp2
Comp2
Comp2

Sec.
S1
S1
S2
S2
S3
S3

Ȝ20
68.9
68.9
46.1
46.1
35.0
35.0

Coat.
C1
C2
C1
C2
C1
C2

In each case, the design floor fire load density, qf , ranges from 100 to 600 MJ/m2 with increment of
100 MJ/m2. The investigated qf covers the range of type fire compartments given in JCSS model [27].
Three different steel cross sections are considered and labeled as “S1” , ĀS2” and “S3”, respectively.
“S1” is H200×200×8×12, “S2” is H300× 300×10×15, and “S3” is H400×400×15×20. In “Comp1” the
column length is 2.5 m and in “Comp2” the column length is 3.5 m. The columns are pinned-pinned, and
four sides exposed to fire. The nominal values of steel yield strength and elastic modulus are 235 MPa
and 205000 MPa, respectively. The considered slenderness ratio ranges from 24.8 to 68.9 (along weak
axis).
In each case, the utilization factor or load ratio, ȝ0, ranges from 0.1 to 0.6. In normal design, load
ratios ranging from 0.3 to 0.6 are usually adopted. The probability of coincidence of a fire with maximum
values of live load, snow, wind, or earthquake loads is negligible, and a structure is likely to be loaded to
only a fraction of the design live load when a fire occurs [32]. Considering the combination of dead and
live loads, and assuming the live load in fire condition is half of the design live load, then the lower and
upper limit of load ratio in fire condition are 0.15 and 0.6 for normal design with load ratios ranging from
0.3 to 0.6. As a result, the considered load ratios cover the typical values in fire designs.
Two fire protections using intumescent coating are considered and are labeled as “C1” and “C2”,
respectively. The coating thickness for “C1” is 1 mm and for “C2” is 2 mm. The performance of the
intumescent coatings in different design fires are assumed to be the same as that in standard fire, and the
insulation properties of the coatings are assumed to be equal to the values reported in [3,22]. Fig. 4 shows
the constant thermal resistance of the coatings [22].

Figure 4: Constant thermal resistance for intumescent coatings in different service years
reported in [22](Units in Km2/W)

4.3 Monte Carlo Simulations
Fig. 5 shows the flowchart for Monte Carlo simulations. For each loop, maximum steel temperature
calculated by Eq. 3 (multiply by profession factor, PF1) is compared with buckling temperature of steel
column calculated by Eq. 11 (multiply by profession factor, PF2). The number of simulations, N, is taken
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as 1,000,000. Sensitive study shows that using more simulation loops, e.g. 2,000,000, 5,000,000, yields
similar results.

Figure 5: Difference among reliability index for 0 and 20 service years with respect to ȝ0

Figure 6: Difference among reliability index for 0 and 20 service years with respect to ȕ at 0 aging year

Figure 6: Difference among reliability index for 0 and 20 service years with respect to ȕ at 0 aging year
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4.4 Results
As shown in Figs 5 and 6, the reliability index, ȕ, decreases with load ratio, ȝ0, increases. With
service year increases, due to aging effect of intumescent coating, ȕ decreases. The aging effect on ȕ is
comparatively more serious for cases with big ȕ or high ȝ0 than for cases with small ȕ or low ȝ0.
For cases with ȕı 1.5 or ȝ0 İ 0.3, the amount of the decrease of ȕ due to aging effect, ǻȕ, is less
than 0.2 (the corresponding increase in failure probability, ǻPfail, is less than 3%). For cases with ȕ< 1.5
or ȝ0 > 0.3, the maximum is about 0.24 (the corresponding maximum ǻPfail is about 9%). However, the
ratio of failure probability change is large (can be about 45 %), as shown in Fig. 7.

5 CONCLUSION
Intumescent coatings are now the dominant passive fire protection materials used in engineering. Due
to its organic components, intumescent coating has aging problems. The reliability of structures protected
by intumescent coatings should be investigated. Based on the results of this study, the following
conclusions can be drawn:

Aging has effect of decreasing the reliability index, ȕ, of steel columns protected by
intumescent coatings. That decrease effect increases with aging year increases. The decrease of
is more serious for cases with high ȝ0 than for cases with low ȝ0.

For the investigated cases with low load ratio (0 İ 0.3), the amount of the decrease of due to
aging effect,ǻȕ, is less than 0.2 (the corresponding increase in failure probability,ǻPfail, is less
than 3%); and for the investigated cases with high load ratio (ȝ0 > 0.3), the maximum ǻȕ is
about 0.24 (the corresponding maximum ǻPfail is about 9%). However, the ratio of failure
probability change is large (can be about 45 %).

Limited by test data on thermal insulation properties of intumescent coating with aging effects,
the study has only considered steel columns protected by two different thickness of coatings.
Also, many assumptions have been made on the coating properties. Further studies using
different coatings with various thickness are needed to obtain a general conclusion on the aging
effect on reliability of intumescent coating protected steel columns in fire conditions.
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Abstract. In the fire situation, Bernoulli beam finite elements are the workhorse used in the general
calculation model for simulating the behaviour of the structure. Such finite elements treat all sections as
class 1 (stocky) sections whatever the slenderness of the plates that make the section, allowing the
development of a full plastic stress distribution in the section which leads to complete plastic
redistribution in the structure. This type of element is thus not adapted for modelling structures that
contain slender sections of class 2, 3 or 4. This document presents a new approach to take into account
local instabilities using beam finite elements. The new approach is based on an effective constitutive law
of steel. The effective law is not symmetrical with respect to tension and compression because, in tension,
the stress-strain relationship is not modified whereas, in compression, the stress-strain relationship is
modified.

1 INTRODUCTION
The use of slender steel sections has increased in recent years because they provide excellent strength
to weight ratio; this trend has also been favored by the development of higher steel grades. A major issue
with slender sections is local buckling that may occur in compression zones of the elements made of
slender plates, in the flange under compression for elements in bending, in both flanges and also in the
web for elements in compression. In the fire situation, Bernoulli beam finite elements are the workhorse
used in the general calculation model for simulating the behavior of the structure. The problem is that
such finite elements treat all sections as class 1 (stocky) sections whatever the slenderness of the plates
that make the section, allowing the development of a full plastic stress distribution in the section which
leads to complete plastic redistribution in the structure. This type of element is thus not adapted for
modeling structures that contain slender sections of class 2, 3 or 4.

2 EXISTING SOLUTIONS
To take local instabilities into account in a precise manner, the designer is left with no other choice
than to use shell finite elements that can represent the local buckling phenomena. These elements are yet
very expensive already for modeling single construction members, let alone for modeling complete
structures.
It is thus desirable to use cheaper beam elements modified to take local buckling into account. The
approach that is most often used is based on the concept of effective width [1,2]; the width of the plates is
reduced in such a way that the plastic capacity of the reduced section is equal to the capacity of the
slender plate under local buckling. This approach has first been proposed and has been used for analytical
analyses. Yet, because the effective width depends on the stress level which in turn depends on the
effective width, this procedure is iterative, which is already a serious complication when it comes to
analyzing the situation of a single member under a defined loading.
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If this approach has to be applied in beam finite elements used in transient or step-by-step analyses of
complete structures, the additional level of iteration on the effective width leads to a severe modification,
not only in the formulation of the finite element, but also in the formulation of the solution strategies of
the code. Moreover, convergence problems may occur because it is not possible to derive the real tangent
stiffness matrix of the elements.
One possible approximation is to assume that the stress has reached the yield strength in all
compression zones and to perform the complete simulation with the minimum values of the effective
width, thus eliminating the additional iteration level and requiring no modification of the code; only the
definition of the sections is modified by the user. This procedure yet leads to incorrect value of the
stiffness from the very early stage of initial loading as well as during all the simulation because excessive
reduction of width has been imposed. This is all the more true in a structure subjected to fire because
thermal restrains make it difficult to determine a priori where the compression and tension zones will
exist in the structure. Moreover, different zones may change from tension to compression and vice versa,
possibly several times, during the course of the simulation as thermal restrain develops, then are relieved
by plasticity or, by the large displacements which generally develop at failure. It has to be mentioned that
some authors proposed a strain-based approach to determine the effective width [3].
Other studies have been carried on modified beam finite elements in adding a complementary local
displacement field on a classical beam element [4] but it also leads to a severe modification of the finite
element formulation.

3 NEW PROPOSAL
It is here proposed to take local instabilities in beam type elements into account by means of effective
constitutive laws of steel. The effective law has to be derived with the same objective as the effective
width: the plastic capacity obtained with the effective law in the full section is equal to the capacity of the
slender plate with the real material under local buckling. Figure 1 shows the difference between the
effective width approach and the new proposal.

Figure 1. Difference between effective width method and proposed effective stress method

Because local buckling develops only in compression, the stress-strain relationship needs to be
modified only in compression and remains untouched in tension, which leads to a non-symmetrical law
with respect to compression-tension.
The tangent modulus at the origin of the law is not modified (which comes from the fact that low
compression stresses do not produce local instabilities), but the development of local instabilities is
reflected by a reduction of the limit of proportionality and of the effective yield strength.

156

Jean-Marc Franssen and Baptiste Cowez

The effective stress-strain relationship in compression should depend on the slenderness and on the
boundary conditions of the plates, either supported on four sides as the web or supported on three sides as
the flanges, and possibly also on the steel grade, but these conditions are known at the time of creating the
model and can easily be entered by the user as new material properties. The material law should also
depend on the temperature, but this is already the case for the real law considered up to now and there is
nothing new here.
The method used in this research to determine the effective stress-strain diagram is based on the
simulation of isolated plates modelled in SAFIR [5] with shell elements, simply supported on three or
four sides and subjected to progressive imposed shortening in one direction. The simulations are
performed first at ambient temperature and then at various elevated temperatures. From each simulation
of a plate, the effective strain at any time is considered as the shortening of the plate divided by initial
length of the plate, see Eq. (1), whereas the effective stress is considered as the reaction force applied on
the edge of the plate divided by the sectional area of the plate, see Eq. (2). From the obtained effective
stress-effective strain curve, the effective yield strength and effective proportionality limit can be
determined depending on the relevant parameters.
H eff

'L
Li

(1)

V eff

R
bt

(2)

Figure 2, for example, shows an effective stress-strain diagram obtained for an isolated 150 x 75 mm
plate, 8 mm thick which leads to a slenderness ratio of 75 / 8 = 9.375, simply supported on three sides at a
temperature of 500°C. Only the limit of proportionality and the effective yield strength have been reduced
in the adapted material law called “User Steel” at that stage of the research work but the figure shows that
the value of the characteristic strains (here taken as 2% and 15%) should also be adapted in the future.

Figure 2. Modified stress-strain diagram for an isolated compressed plate at 500°C

When the tables that give the values of the parameters of the effective law (limit of proportionality,
effective yield strength and characteristic strains) at various values of the temperature and slenderness
will be established for all steel grades and for both boundary conditions, a simple adaptation of the
subroutine at the material level can be made and easily introduced in any computer code. The user will
only have to introduce a different material model for the web and for the flanges, to give the slenderness
of the plate as a new material property, and the software will automatically take care of the temperature,
of the stress level and of the direction of the stress, tension or compression. This procedure can be used
also for analyses of structures at room temperature. It has to be underlined that, compared to existing
methods, there is no stepwise variation of the behavior at the interface between the four classes; in fact,
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there is no need to define the class because the adaptation of the material model is a continuous function
of the slenderness. The limit of this approach is that it cannot capture local buckling produced by shear
forces, but this is also the case for the effective width approach.

4 PARAMETRICAL STUDY ON PLATES
The main difficulty of this research resides in the determination of the parameters that will influence
the modified stress-strain diagram and selection of the appropriate values for these parameters. This
section explains how some of the most significant parameters were determined.
4.1 Dimensions of the plates
The present study is based on the elastic theory of plates [6,7]. For a rectangular plate simply
supported on four sides, from this theory, the stress in the plate at any point ( x, y) can be described by Eq.
(3) and Eq.(4):
w 4 w ·¸
D §¨ w 4 w
w4w

2
4
2
2
¨
t © wx
wy 4 ¸¹
wx wy
w( x, y)

V xx

w2w

(3)
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§ mSx · § nSy ·
w0 sin¨
¸
¸ sin¨
© a ¹ © b ¹
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where D Et 3 /[12(1 Q )] is the flexural stiffness, t is the thickness of the plate, m and n are the
number of half-buckling waves in the length- and in the width-direction, w0 is the amplitude of the initial
imperfection. This equation leads to a reduction factor k in the critical stress of a uniaxially compressed
plate.
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In the last member of this equation, ratio a / b has been replaced by r . Considering the web of an Ibeam as a long plate simply supported on four sides, the minimal buckling stress appears with a single
half-buckling wave on the width of the plate (n 1) and it is possible to determine the value of m that
minimises the critical stress for a given value of r .
dV cr
dm

r
§ m r ·§ 1
2¨  ¸¨¨ 
© r m ¹© r m 2
m4  r 4

·
¸¸
¹

0

0

(6)
(7)

This condition implies that the minimal critical stress appears for an integer value of the length-towidth ratio of the plate and that, if the plate is infinitely long, the plate buckles into an integer number of
square cells of dimensions bu b .
According to this result, square plates simply supported on four sides are used in this research to
determine the effective stress-strain diagram of webs.
In order to determine the effective material law in half flanges, to model plates, simply supported on
three edges, the same theory has been applied with an initial shape deformation described in Eq.(8),
which leads to another value of m that minimises the critical stress as described in Eq. (9).
w( x, y )

§ mSx · § nSy ·
w0 sin¨
¸
¸ sin¨
© a ¹ © 2b ¹
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m

a
2b

(9)

This condition implies that the minimal critical stress appears for an integer value of the length-towidth ratio of the plate and that, if the plate is infinitely long, the plate buckles into an integer number of
rectangular cells of dimensions b u 2b .
In accordance to this result, such rectangular plates simply supported on three edges are used in this
research to determine the effective stress-strain diagram of flanges.
Figure 3 shows the influence of the geometric aspect ratio of the plate is shown here for a 75 mm
wide plate supported on three sides with a varying length from 75 mm to 150 mm at a temperature of 500
°C (thickness = 8 mm and initial imperfection = 1.5 mm). As it can be seen on this figure, the critical
stress appears for a plate of dimensions b u 2b with a single half-buckling wave m 1 . It is also shown that
the same critical stress is obtained for a plate of dimensions b u 4b with two half-buckling waves m 2 as
expected.

Figure 3. Influence of length-to-width ratio

4.2 Initial imperfection
A wide range of plates has been tested to see the influence of the amplitude of the initial imperfection
on the stiffness, the proportionality limit and the yield strength. The dimensions of the tested plate for
which the results are plotted are given in Table 1. The amplitude of the initial imperfection varies from
0.05 mm to 1.5 mm with an increment of 0.05 mm at each step.
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Table 1. Dimensions of the tested plates for initial imperfection study.

Supported edges
3

Length [mm]
150

Width [mm]
75

Thickness [mm]
8

T[°C]
500

w0 [mm]
0.05 – 1.5

As it can be seen on Figure 4, the amplitude of the initial imperfection has a major influence on the
effective yield strength but it does not influence as much the effective limit of proportionality and the
stiffness. Similar results have been observed for plates simply supported on four sides.

Figure 4. Influence of the initial imperfection

At this time, the amplitude of the initial imperfection has been taken as recommended by the
Eurocode 3 part 1-5 [8] (min (a/200; b/200) for webs, b/50 for flanges = 1.5mm in this case) in the shell
F.E. model. In the future, results obtained from experimental tests will be compared to the shell model to
calibrate and adapt the amplitude of the initial imperfection.
4.3 Slenderness ratio
The influence of the slenderness of the plate is shown here in a 150 x 75 mm² with an initial
imperfection of 1.5 mm (as recommended by the Eurocode), with thickness varying from 4 to 10 mm at a
temperature of 500 °C.
Figure 5 shows that the slenderness ratio b / t has almost no influence on the stiffness of the plate.
With an increasing thickness, an increase of the proportionality limit and of the yield strength is observed
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Figure 5. Influence of the slenderness on the effective law

4.4 Conclusions
From the preliminary analyses presented in this section 4, the effective stiffness of the new material
will be the same as the real stiffness of steel. The effective yield strength and limit of proportionality will
be determined for different slenderness of the plate (probably varying the dimensions of the plate for
constant values of the plate thickness) but the aspect ratio of the plates will remain constant (one value for
plates supported on 3 sides and one value for plates supported on 4 sides).
The analyses will first be made for initial geometrical imperfections as recommended by Eurocode 3
Part 1-5 but these values will be questioned on the base of comparisons with experimental test results
when available because it is expected that the initial imperfection may influence the value of the effective
yield strength.

5 EXAMPLE
As a feasibility study of the new proposal the results obtained with different methods for a 6-meters
span laterally restrained I-beam subjected to bending at ambient and elevated temperature have been
compared. The dimensions of the member are presented in Table 2. Table 3 gives the yield strength and
of the limit of proportionality for normal steel at 20 and 500°C.
Table 2. Dimensions of the analysed member.

h_web [mm]
300

t_web [mm]
5

b_flange [mm]
150

t_flange [mm]
5

fy [MPa]
355

Span [mm]
6000

Table 3. Yield strength and proportionality limit for normal steel at different temperature.

20
500

fy [MPa]
355
276.9

fp [MPa]
355
127.8

Tables 4 and 5 show the effective yield strength and the effective limit of proportionality obtained for
the flanges and the web respectively of the chosen profile. Steel materials corresponding to these values
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are used in the compression zones of the new beam F.E. model shown in Figure 6 whereas normal steel
(STEEL_EN) in used in the zones in tension. This is because, at that stage, a material that is nonsymmetrical with respect to compression and tension has not yet been developed. In the future, only one
material would be used for both flanges and one material for the entire web.
Table 4. Dimensions and results of the isolated plate for the flange (USER_STEEL_FL)

Supported
edges
3
3

Length
[mm]
150
150

Width
[mm]
75
75

Thickness
[mm]
5
5

T
[°C]
20
500

fy,eff
[MPa]
269.8
147.3

fp,eff
[MPa]
269.8
126.7

Table 5. Dimensions and results of the isolated plate for the web (USER_STEEL_WB)

Supported
edges
4
4

Length
[mm]
300
300

Width
[mm]
300
300

Thickness
[mm]
5
5

fy,eff
[MPa]
188
94

[°C]
20
500

fp,eff
[MPa]
188
43

USER_STEEL_FL

USER_STEEL_WB
STEEL EN
Figure 6. New steel material is used in the compression zones

Figure 7 shows the failure mode obtained with the shell F.E. model. In this figure, which is a zoom
on the central part of the beam, it can be seen that local buckling appears in the flanges in compression
and in the top of the web.

Figure 7. Failure obtained with shell F.E.

Figure 8 shows the comparisons of the results obtained from different analyses in the beam with
simply supported ends subjected to an increasing uniformly distributed load at ambient temperature. As it
can be seen on this figure, the classic Bernoulli beam F.E. cannot capture the correct behavior of the beam
(assumed to be represented by the shell F.E) and gives unsafe results as expected. The effective cross
section method cannot match the correct behavior; it gives results which are too much on the safe side

162

Jean-Marc Franssen and Baptiste Cowez

and the stiffness is underestimated since the earliest steps of the loading. This could be an issue in
statically indeterminate structures comprising several members. The new method still slightly
underestimates the ultimate load capacity but by a much smaller extent.

Figure 8. Results for different methods at ambient temperature

Figure 9 shows the results for the same beam loaded but at a temperature of 500°C. Also here, the
new method gives safe results and the stiffness decreases earlier than the shell F.E.

Figure 9. Results for different methods at elevated temperature
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6 CONCLUSIONS
The perspective of the above described model is to give an alternative to the use of very expensive
shell elements to simulate slender cross-section members in which local instabilities may occur.
Preliminary investigations and feasibility studies are promising although. As it can be seen in Table 6, the
number of degree of freedom is drastically reduced with the new model. This leads to substantially
reduced computation time.
Table 6. Number of DoF and calculation time for different methods

Element Type
Shell F.E.
Beam F.E. USER_STEEL

DoF [-]
14586
359 (-97. 5%)

Relative computation time [s]
100
11.7

Another advantage with this new model is the facility to construct a model with beam finite elements
in comparison with models based on shell finite elements.
The modified constitutive law of the new steel material can still be improved in order to offer a better
accuracy regarding the differences observed with the results obtained with the shell F.E.
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Abstract. The present paper presents a thorough study on the fire behaviour of isolated steel columns
with restrained thermal elongation. Based on a set of experimental tests on steel columns with restrained
thermal elongation, a numerical model used for finite element simulations was developed using the
advanced calculation commercial code ABAQUS, taking into account the interaction of the column with
the surrounding building structure. A parametric study was carried out, in order to provide data for
future development of a new simplified calculation method for fire design of HEA steel columns with
restrained thermal elongation. It was concluded in this study that the axial and rotational restraints,
considered acting together, have a minor influence on the reduction of the fire resistance and critical
temperature of the columns.

1 INTRODUCTION
Although the EN1993-1-2 (2005) [1] states that indirect actions such as the restraint to thermal
elongation in structural elements should be considered in fire design, the simplified calculation methods
proposed for fire design of steel columns do not take into account the restraint to its thermal elongation
provoked by the building surrounding structure.
The behaviour of building steel columns subjected to fire has been widely studied both
experimentally and numerically [2, 3, 4 and 5]. However, in several other studies on this issue, the
interaction of the column with the adjacent building structure was not properly considered. With the aim
of taking into account both axial and rotational restraint in the columns in case of fire, a new experimental
set-up was constructed in the University of Coimbra, and a set of twelve full-scale tests on steel columns
was carried out. These tests were used to calibrate a numerical model, used in a parametric study, which
intend to lead to future proposals for new simplified design methods for steel columns in fire situation.

2 EXPERIMENTAL TESTS
2.1 Test Set-up and specimens
The numerical models were calibrated with results from fire resistance tests on steel columns with
restrained thermal elongation carried out at the Laboratory of Testing Materials and Structures of the
University of Coimbra [6]. A new experimental system was specially conceived and constructed for fire
resistance tests on columns with restrained thermal elongation (figure 1).

165

António M. Correia and João P. Rodrigues

a) view

b) scheme
Figure 1. Test set-up

This system comprises a 3D restraining frame of variable stiffness (1) with the function of simulating
the stiffness of the surrounding structure to the column subjected to fire. The use of a three-dimensional
frame allowed to take into account not only the axial stiffness but also the rotational stiffness, such as
observed in real structures.
The restraining frame was composed by four columns, two upper beams and two lower beams, placed
orthogonally. The beams of this frame were steel profiles HEB300, grade S355. The connections between
these structural elements were performed with four M24 bolts, grade 8.8. except the connections between
columns and the upper beams where threaded rods M27, grade 8.8, were used (2). Different hole
positions in the flanges of the beams of this frame, allowed the assembly of the columns with different
spans, giving thus different values of stiffness of the surrounding structure. The tested values of the axial
stiffness of this restraining frame were 13, 45 and 128 kN/mm.
The columns were subjected to a constant compressive load that tried to simulate the serviceability
load of the column when inserted in a real building structure. This load was 70% and 30% of the design
value of buckling load at room temperature calculated according to EN1993-1-1 (2005) [7]. This load was
applied by a hydraulic jack of 3MN (3) and was controlled by a load cell of 1MN between the upper
beam of the restraining frame and the hydraulic jack (4). The hydraulic jack was placed in a reaction
frame (5).
The thermal action was applied by a modular electric furnace (7) following approximately the
standard ISO 834 fire curve. The furnace was composed of two modules of 1m and one module of 0.5m
height, placed on top of each other forming a chamber around the column of about 1.5m x 1.5m x 2.5m.
A special device was built to allow accurate measurement and record of the restraining forces
generated by the surrounding structure, during the heating process (8). It consists of a hollow and stiff
cylinder, rigidly connected to the upper beams of the 3D restraining frame. On the top of the specimen, a
massive cylinder rigidly connected, entered into the hollow cylinder and compressed a load cell of 3MN.
This load cell measured the restraining forces generated in the column during the fire resistance test. The
lateral surface of the massive cylinder was Teflon lined in order to reduce the friction with the external
void cylinder.
The test column was placed in the centre of the three-dimensional restraining frame and was properly
fitted to it, in each end plate, with four M24 bolts, class 8.8.
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The test columns were made with HEA 160 and HEA 200 bare steel columns, 3m tall, steel grade
S355. All specimens were instrumented with three type K thermocouples per section in 5 sections along
the height of the column (figure 2).
In order to conduct the load applied on top of the beams, totally to the testing column, a special
procedure was used: first unscrew the nuts of the threaded rods (2) that connect the columns with the
upper beams of the 3D restraining frame, then apply the load, and after that screw the nuts of the threaded
rods in order to provide the necessary restraining forces to the column.

Figure 2. Test column with the thermocouples.
2.2 Test plan
Table 1 presents the plan of the fire resistance tests used for the calibration of the numerical models.
Two steel cross-sections, HEA200 and HEA160, two load levels (LL), 30% and 70% of the buckling
load at ambient temperature (P0), and three values of the stiffness of surrounding structure (KA,S), 13, 45
and 128 kN/mm, were tested.
It should be pointed out that the slenderness of the columns was calculated considering the length of
the testing column, including the device in the top of it, used to measure the restraining forces, i.e., 3.6m,
and a buckling length of 0.7lc.
Table 1. Plan of the experimental tests

Test reference

Steel Profile

P0 (kN)

KA,S (kN/mm)

fsyd

K13-LL70- Ȝ 50.6
K13-LL70- Ȝ 63.3
K13-LL30- Ȝ 50.6
K13-LL30- Ȝ 63.3
K45-LL70- Ȝ 63.3
K45-LL30- Ȝ 63.3
K45-LL70- Ȝ 50.6
K45-LL30- Ȝ 50.6
K128-LL30- Ȝ 50.6
K128-LL30- Ȝ 63.3
K128-LL70- Ȝ 50.6
K128-LL70- Ȝ 63.3

HEA 200
HEA 160
HEA 200
HEA 160
HEA 160
HEA 160
HEA 200
HEA 200
HEA 200
HEA 160
HEA 200
HEA 160

1000 (70%)
621 (70%)
428 (30%)
266 (30%)
621 (70%)
266 (30%)
1000(70%)
428 (30%)
428 (30%)
266 (30%)
1000 (70%)
621 (70%)

13
13
13
13
45
45
45
45
128
128
128
128

364
399
375
399
399
385
360
364
412
395
412
395
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The reference K13-LL70-Ȝx indicates a column tested with an axial stiffness of the surrounding
structure of 13 kN/mm, a load level (LL) of 70% and a slenderness (Ȝ) of “x”.

3 NUMERICAL SIMULATIONS
3.1 Numerical model
A thorough numerical simulation of the experimental tests described in the previous section, as well
as several other cases, with a geometrical and material non-linear analysis with imperfections, was carried
out.
The numerical model was generated with three-dimensioned solid elements C3D8RT and C3D20RT
from the ABAQUS (ABAQUS, 2005) program library. The C3D8RT and C3D20RT are defined as
hexahedral 8 node and 20 node linear brick with reduced integration, an hourglass control solid element
and a first-order (linear) interpolation element, with 3 degrees of freedom per node, referring to
translations in the 3 directions X, Y and Z (global coordinates). These finite elements have one
integration point, three degrees-of-freedom per node, corresponding to translations and six stress
components in each element output. The hourglass control was introduced in the element to suppress
spurious modes.
The finite element mesh was generated automatically by the ABAQUS program and the size of finite
element was approximate 30mm for the specimen and 50mm for the surrounding structure.
The structural analysis was coupled temperature-displacement type, in which thermal and mechanical
responses are performed together at the same time.
The temperatures used in the numerical simulations for calibration of the numerical models were the
gas temperatures registered in the experimental tests. In the further numerical simulations, used to
develop the simplified calculation method for fire design of steel columns, were used the ISO 834
standard fire curve. Thermal action was thus applied in the gas in the vicinity of the surfaces of the
structural elements. Radiation was considered with emissivity coefficient İ=0.8 for steel with “radiant to
ambient” surfaces. Convection was considered with convection Įc=25W/m2ºC with “surface film
condition” surfaces. The thermal action in the tests for the calibrations of the model was considered with
different temperatures at different heights according to the modules of the electrical furnace.
Constraints between different parts of the model were considered tie constraint, with interfaces of
master-slave type.
The nonlinear geometry parameter (*NLGEOM=ON) was set to deal with the geometric non-linear
analysis, namely with the large displacement analysis.
The mechanical properties of the steel at room temperature were determined experimentally in tensile
tests in steel coupons. The thermal and mechanical properties of the steel at high temperatures given in
EN 1993-1-2 (2005) [1] were considered in the numerical simulations.
The thermal action was applied on the test column, at different heights, according with the data taken
from the furnace. It was observed in the tests a great temperature gradient along the vertical direction, in
the gas inside the furnace. In such a way to reproduce as faithfully as possible the test conditions,
different gas temperatures were applied in the gas in the vicinity of the column at different heights, with
the corresponding coefficients of radiation and convection. The column was partitioned into two parts of
1m height, and one part 0.5m height, according to the furnace dimensions. The temperature used in the
simulations were the ones recorded in the tests for each of the mentioned modules (figures 3 a) b) and c)).
The axial forces developed during the tests were determined with the stresses in the finite elements of
the cylinder on top of the column. This cylinder was modeled exactly as in the experimental tests and was
used only in the numerical simulations to calibrate the model (figure 3 e)).
The load was applied on top of the upper beam, in several points, to prevent excessive deformation of
the upper flange (figure 3 f)).
Interaction between most of the surfaces was type “master-slave” with “tie-constraint” (figure 3 d)),
except in the connections between the upper beams and peripheral columns.
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a)

b)

d)

c)

e)

f)

Figure 3. Numerical models

Geometrical imperfections were considered as initial eccentricity of the load and bow out-ofstraightness of lc/1000 at mid-height of the column. Eccentricities of lc /1000 were also considered in the
position of the column.
The test procedure used in the tests for transferring totally the initial applied load to the testing
columns was reproduced in the numerical simulations using different time steps (figure. 4).

a)

b)

c)

d)

Figure 4. Procedure used in the numerical simulations to simulate the application of the initial applied load

In the first step, there was no constraint between the upper beams and peripheral columns of the
restraining frame (figure 4 a)). The upper beams could descend in vertical movement of translation
guided by a top constraint allowing only vertical displacement, as a slide (figure 4 b)). This was necessary
due to the fact that geometrical imperfections were considered as an initial eccentricity and out-ofstraightness of the column axis. In the second step, considering a tie constraint between the threaded rods
and the end plate of the columns, to simulate the screw of the nuts, the thermal load was applied (figure 4
c) and d)). With this procedure, the initial load was exactly the load applied on top of the beams, in the
center of the frame.
Table 2 summarizes the plan of the numerical simulations carried out, which comprises more than 60
numerical simulations. As in the experimental tests, HEA bare steel columns were simulated. In this
numerical model the columns were considered in the restraining frame without the cylinder with the load
cell.
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Table 2. Plan of the numerical simulations

Test reference
Ki-LL30- Ȝ 35.1
Ki-LL30- Ȝ 50.6
Ki-LL30- Ȝ 65.4
Ki-LL30- Ȝ 80.1
Ki-LL30- Ȝ 90
Ki-LL50- Ȝ 35.1
Ki-LL50- Ȝ 50.6
Ki-LL50- Ȝ 65.4
Ki-LL50- Ȝ 80.1
Ki-LL50- Ȝ 90
Ki-LL70- Ȝ 35.1
Ki-LL70- Ȝ 50.6
Ki-LL70- Ȝ 65.4
Ki-LL70- Ȝ 80.1
Ki-LL70- Ȝ 90

KA,S
(kN/mm)

i= 13, 45,
128 and 

ĮA

ȕR

lc (m)

Ȝ

0.03
0.04
0.05
0.07
0.07
0.10
0.14
0.19
0.23
0.26
0.28
0.41
0.53
0.65
0.73

1.08
1.55
2.00
2.45
2.75
1.25
1.80
2.33
2.86
3.21
1.75
2.52
3.25
3.98
4.47

2.50
3.60
4.65
5.70
6.40
2.50
3.60
4.65
5.70
6.40
2.50
3.60
4.65
5.70
6.40

35.1
50.6
65.4
80.1
90.0
35.1
50.6
65.4
80.1
90.0
35.1
50.6
65.4
80.1
90.0

LL
(%)
30

50

70

P0
(kN)
495.7
428.5
359.5
293.5
254.8
826.1
714.2
599.1
489.1
424.6
1156.6
998.8
838.8
684.8
594.5

In this table, the first column indicates the references of the numerical tests that are similar to the ones
used in the experimental tests (table 1). The reference Ki-LL30-Ȝ35.1 indicates a column tested with an
axial stiffness of the surrounding structure i (i= 13, 45, 128 and  kN/mm), a load level (LL) of 30% and
a slenderness (Ȝ) of 35.1.
It should also be pointed out that the modelling of the columns was performed at this stage without
the device in the top of it, used to measure the restraining forces, and the slenderness of the columns was
calculated considering the length of the column of 3.0m, and a buckling length of 0.7lc.
The initial applied load P0 is again a percentage of the design value of the buckling load at room
temperature calculated according to EN 1993-1-1 (2005) [7].
The non-dimensional axial restraint ratio ĮA of the column is defined by a relation between the axial
stiffness of the surrounding structure KA,S and the elastic axial stiffness of the column KA,C:

αA =

K A,S
K A,C

(1)

where

K A,C =

AC .Es
lC

(2)

in which Ac is the cross-sectional area of the column, Es is the Young’s modulus of the steel at room
temperature and lc is the column length.
The non-dimensional rotational restraint ratio ȕR is defined by the relation between the structure
rotational stiffness KR,S and the elastic rotational stiffness of the column KR,C:

βR =
where

K R ,C =

K R ,S
K R ,C
4.Es .I C
lC

in which Ic is the moment of inertia of the column cross-section around its minor axis.
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The rotational stiffness of the structure KR,S was determined numerically with ABAQUS, considering
the whole experimental system. Figure 5 presents the simulated cases summarized in Table 3.

a)

b)

c)

Figure 5. Test model of the 3D restraining frame for the different stiffness of the surrounding structure
Table 3. Axial and rotational stiffness of the surrounding structure

Case study
Fig. 5 (a)
Fig. 5 (b)
Fig. 5 (c)

Span of the
beams (m)
3
2
1.5

KA,S (kN/m)

KR,S (kNm/rad)

13100
45000
128350

4827.5
5622
7844

3.2 Calibration of the numerical model
The calibration of the numerical model consisted in testing several values of the emissivity
coefficients for steel and fire, taking as reference the measured temperatures in the columns obtained in
the experimental tests. The thermal action was applied in the gas in the vicinity of the steel column, and
the convection and radiation performed by the coupled temperature-displacement analysis of ABAQUS.
The adopted values for the emissivity were İm=0.8 for steel and İf=0.8 for the fire, and a convection
coefficient factor of Įc=25W/m2ºC, leading to very close temperatures to the ones obtained
experimentally.
Table 4 – Comparison of results between experimental and numerical tests for isolated steel bare columns

Steel
Profile
HEA
HEA
HEA
HEA
HEA
HEA
HEA
HEA
HEA
HEA
HEA
HEA

Ȝ

Load (kN)
(LL)

50 1000 (70%)
63 621 (70%)
50 428 (30%)
63 266 (30%)
63 621 (70%)
63 266 (30%)
50 1000 (70%)
50 428 (30%)
50 428 (30%)
63 266 (30%)
50 1000 (70%)
63 621 (70%)

KA,S
(kN/mm)
13
13
13
13
45
45
45
45
128
128
128
128

tcrit
experimental
(min)
11.6
10.6
14.6
13.6
10.3
13.2
11.4
14.6
14.3
12.9
11.8
9.6
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tcrit
numerical
(min)
11.1
8.5
13.6
12.9
9.8
12.4
11.1
14.1
13.4
12.3
11.3
10.1

Tcrit
experimental
(ºC)
445
428
494
545
416
511
433
543
538
499
457
404

Tcrit
numeric
al (ºC)
464
453
556
560
446
556
442
541
553
549
454
437
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Table 4 presents a comparison of critical times and critical temperatures for both the experimental
tests and the numerical simulations of these 12 tests, used for the calibration of the model. Critical times
were defined as the instant of time taken from the beginning of the test to the moment at which the
restraining forces, after increasing, decrease up to the initial value. In the numerical simulations, the axial
forces were calculated with the axial stresses on the top plate of the column. Critical temperatures were
considered as the mean temperatures in the whole specimen, at that instant of time.

a) K45-LL30- Ȝ 63.3 b) K45-LL30- Ȝ 50.6 c) K128-LL30- Ȝ 63.3
Figure 6. Evolution of axial forces for experimental tests and numerical simulations

In Figure 6, the comparison of the evolution of restraining forces as a function of time is presented. It
can be observed a good agreement between the experimental tests and the numerical simulations.

4 RESULTS
For the purpose of developing a simplified calculation method for the assessment of the fire resistance
of steel columns, a parametric study was carried out, covering different values of the main parameters
involved, such as the slenderness of the column, the load level and the stiffness of the surrounding
structure. In figures 7 and 8 the critical temperatures and critical times, are plotted for the different load
levels and stiffness of the surrounding structure, as a function of the slenderness. The critical temperature
is defined as the mean steel temperature of the column when the restraining forces after increasing and
reaching a peak, reach again the value of the initial applied load. The definition of critical time is similar
however now in terms of time.

Figure 7. Critical temperatures for different values of the load level and axial stiffness of the surrounding structure as a
function of the slenderness
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From Figure 7, it is observed a reduction of the critical temperatures with the increasing of the
slenderness of the columns. However, the reduction is more notorious for columns tested with the higher
load level. The analysis of the two graphs, referring to different values of axial restraint, leads to the
conclusion that the stiffness of the surrounding structure does not influence the critical temperatures.
From Figure 8, it can be said that the conclusions drawn for the critical temperatures are valid as well
for the critical times. The great influence of the load level in reducing the fire resistance of the columns is
clearly evident.

Figure 8. Critical temperatures for different values of the load level and axial stiffness of the surrounding structure as a
function of the slenderness
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Figure 9. Critical temperatures as a function of the non-dimensional axial restraint ratio for different axial stiffness of
the surrounding structure and load levels

Figure 9 a) and b) represents the critical temperatures in the steel columns, as a function of the nondimensional axial restraint ratio for different load levels. The analysis of each graph, corresponding to a
specific value of load level, leads to the conclusion that the critical temperatures are always between a
certain range of temperatures, regardless of the stiffness of the surrounding structure. For the load level
0.3, the critical temperatures are within the range 500ºC to 600ºC, for the three values of stiffness of the
structure 13, 45 and 128 kN/mm. For a load level of 0.7, the range of the critical temperatures is now
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between 275ºC to 450ºC, and still the same for the three different values of stiffness of the surrounding
structure.

6 CONCLUSION
The main conclusion of this research contradicts the general idea that in real structures higher
stiffness leads to a reduction in the critical temperatures and fire resistance of the steel columns. Usually,
in real buildings, associated to an increase of the axial restraint corresponds, to an increase of the
rotational restraint. While the first leads to a reduction, the second leads to an increase in the critical
temperature and fire resistance of the columns. In these tests, the reduction in the critical temperatures
with the increase of the stiffness of the surrounding structure was negligible. This fact leads to the
conclusion that the value of the restraint to thermal elongation has not a major influence in the fire
behaviour of the column. An analytical formulation for the assessment of the fire resistance of steel
columns in buildings may consider the columns fully restrained, because the fire resistance and critical
temperatures are practically independent of the value of this restraint. The conclusions here presented are
valid for the range of slenderness between 35 to 90, and load levels between 0.3 to 0.7, with any value of
restraint from 13kN/mm up to fully restrained columns.
The load level was the most important parameter involved. Increasing the load level, leads to a great
reduction of the critical temperatures and critical times of the columns.
The slenderness of the columns was also proven to have great influence on the critical temperatures
and times.
The conclusion of this study, that the influence of the surrounding structure may have a negligible
influence in the fire resistance of a steel column in a real structure of a building, was already stated by
Franssen [8].
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Abstract. This paper presents highlights of on-going research, which aims at developing analytical,
computational and experimental predictions of the phenomenon of creep buckling in steel columns
subjected to fire. Analytical solutions using the concept of time-dependent tangent modulus are developed
to model time-dependent buckling behavior of steel columns at elevated temperatures. Results from
computational creep buckling studies using Abaqus are also presented, and compared with analytical
predictions. Material creep data on ASTM A992 steel is also presented in the paper and compared to
existing creep models for structural steel. Both analytical and computational methods utilize material
creep models for structural steel developed by Harmathy, by Fields and Fields, and by the authors.
Predictions from this study are also compared against those from Eurocode 3 and the AISC
Specification.

1 INTRODUCTION
Successful implementation of performance-based structural-fire safety philosophy in designing steel
structures depends on accurate predictions of thermal and structural response to fire. An important aspect
of such predictions is the ability to evaluate strength of columns at elevated temperatures. Columns are
critical structural elements, and failure of columns can lead to collapse of structures. One of the critical
factors affecting the strength of steel columns at elevated temperatures is the influence of material creep.
Under fire conditions, steel columns can exhibit creep buckling, a phenomenon in which the critical
buckling load for a column depends not only on slenderness and temperature, but also on duration of
applied load. This paper presents highlights of on-going research on the phenomenon of high-temperature
creep buckling of steel columns.

2 CREEP OF STEEL AT ELEVATED TEMPERATURES
2.1 Background on creep
It is generally accepted that for ductile materials like steel, plastic strain is a function of shear stress
and time at any specific temperature. Therefore, for design purposes, it is usually assumed that the total
plastic strain at a constant temperature can be broken into a time-independent component or slip and a
time-dependent component or creep. For typical loading rates seen in buildings, the inelastic response of
steel at room temperature shows a very mild dependence on loading rate and virtually no dependence on
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time. Therefore, time effects are normally neglected in the analysis and design of steel structures at
ambient temperature. However, as temperature increases, steel exhibits increasingly significant creep
effects. Creep tests, either in tension or compression, are usually conducted by subjecting a material to
constant load, hence constant engineering stress at a specific temperature, and then measuring
engineering strain as a function of time. A typical creep curve is often divided into the three stages of
primary, secondary and tertiary creep. In the primary stage, the curve is nonlinear and typically exhibits a
decreasing creep strain rate with increase in time. In the secondary stage, the creep strain rate is almost
constant, and this stage is often referred to as steady-state creep. In the tertiary stage, the creep strain rate
increases with time in an unstable manner. For steel, the shape of the curve, the magnitude of the creep
strain and the time scale are greatly affected by both the temperature and the stress level.
Experimental and empirical models have been developed to predict creep strain of steel at elevated
temperatures [1, 2, 3, 4, 5, 6]. One of the simplest and most widely used creep models is the NortonBailey model, also known as the creep power law [1, 2]. It should be noted that although the NortonBailey law is capable of modeling primary creep, it can define the steady-state or secondary stage of
creep more accurately. One of the widely used creep models in structural-fire engineering applications
proposed by Fields and Fields [5] incorporates a power law and represents creep strain, εc, in the form of
a Norton-Bailey equation as follows:
ε c  at

b

σc

(1)

In this equation, t is time and σ is stress. The parameters a, b and c are temperature-dependent material
properties. Fields and Fields [5] derived equations for these temperature-dependent material properties
for ASTM A36 steel. The model developed by Fields and Fields [5] is capable of predicting creep in the
temperature range of 350 °C to 600 °C and for creep strains up to 6-percent. For initial studies of creep
buckling of steel columns at elevated temperatures, one of the creep models used by the authors was the
Fields and Fields [5] model. The application of this creep model together with observations will be
discussed in more detail in the following sections of this paper.
Another creep model used by the authors in their study of creep buckling phenomenon at high
temperatures is the one developed by Harmathy [4]. Harmathy [4] appears to be one of the first
investigators who attempted at developing creep formula for structural steels at elevated temperatures.
Harmathy proposed a creep model based on experiments on several structural and prestressing steels
including ASTM A36. His model attempts to predict creep strains in both the primary and secondary
stages of creep using the concept of activation energy for creep, Qc. The model proposed by Harmathy
[4] represents creep strain, εc, for steel as follows:
1

ε c  (3Zε c2 ) 3 θ

1

3

 Zθ

when

 Qc
dσ
 0 and θ   t te RT dt
0
dt

(2)

In this equation, θ is the temperature-compensated time in Dorn’s creep theory [3], Z is the slope of the
secondary part of the creep curve (εc versus θ), also known as the Zener-Hollomon parameter [6], and εc₀
is the intercept obtained by extending the straight-line section (secondary part) of the εc(θ) curve to the εc
axis. The parameters εc₀, and Z are stress-dependent material parameters.
Although models developed by Fields and Fields [5] and Harmathy [4] are referenced by many
investigators in the field of structural-fire engineering, their predictions of creep strain for some applied
stress levels and temperatures are quite different. As an example, predictions from these two models for
ASTM A36 steel are compared and plotted in figure 1 for an applied stress of 23 ksi at 500 °C. As can be
observed from this plot, the differences in the two models are significant. This difference in creep
predictions and its impact on creep buckling behavior will be discussed in the following sections and
emphasized throughout this paper.
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2.2 Creep of ASTM A992 steel at
elevated temperatures
In this section, representative results
of a comprehensive material creep
investigation of ASTM A992 steel at
elevated temperatures are presented and
discussed. In addition, these experimental
creep results are compared against the
creep material models by Fields and Fields
[5] and by Harmathy [4] to verify the
accuracy and reliability of their
predictions. As mentioned in the previous
section, creep tests are usually conducted
by subjecting the material to constant
Figure 1. Comparison between Fields and Fields [5] and
stress and temperature, and then
Harmathy [4] models at 23 ksi and 500 °C.
measuring strain as a function of time.
Such tests are commonly referred to as steady state tests, in which the specimens are heated up to a
specified temperature and then loaded to the desired stress while maintaining the same temperature. It
should be also mentioned that during the initial heating process, the load is maintained at zero to allow
free expansion of the specimen. As far as the steel material is concerned, almost all specimens were cut
from the web and flanges of a W4×13 section made from ASTM A992 structural steel. Some specimens
were also cut from the web of a W30×99 section which is also of ASTM A992 steel.
Representative results of creep tests on ASTM A992 steel are shown in figure 2 for materials from
the webs of the W4×13 (Fy = 60 ksi) and the W30×99 (Fy = 62 ksi) sections. This figure simply shows the
measured creep strain versus time response of ASTM A992 steel after being exposed to specified
constant stresses at 500 °C and 700 °C. As can be observed from figure 2, it is clear that creep effects are
highly significant in the stress-strain response of structural steel at temperatures on the order of 500 °C to
700 °C; temperatures that can be expected in steel members during a fire. It should be specifically noted
that some of the curves in figures 2(a) and 2(b) show very large creep strains in the time frame of one to
two-hours, which may be considered a representative time frame for a compartment fire. Interestingly,
curves at 700 °C indicate that the material from the web almost immediately enters the tertiary stage of
creep, with a rapid increase in creep strain over a short time interval. In the case of the W4×13 web
material, the coupon actually fractured approximately after 44 minutes, a phenomenon known as stress
rupture or creep fracture.

(a) Constant stress of 40 ksi at 500 °C.
(b) Constant stress of 10 ksi at 700 °C.
Figure 2. Verification of material creep models against the web materials of W4×13 and W30×99.
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Figures 2(a) and 2(b) also compare experimental results from the web material of the W4×13 sections
and the web material of the W30×99 section. As is clear, there is appreciable difference in material creep
response between the two specimens that are both ASTM A992 steel. This observation suggests that there
may be large variability in creep response for a particular grade of steel, and this variability should be
considered in any attempt at developing general material creep models for structural steel at elevated
temperatures. Note that some of this variability may be due to experimental error resulting from factors
such as non-uniform temperature distribution over the gage-length of the steel coupons, inaccuracies
involved in temperature and strain measurements, inaccuracies in maintaining constant stress, etc.
Predictions from material creep models are also compared with experimental results in figures 2(a)
and 2(b). As can be seen in these figures, there is not generally a very good agreement between material
creep model predictions and experimental creep results. It should be noted that in order to compare the
experimental material creep predictions to those from Fields and Fields [5] and Harmathy [4] models,
corrections must be made due to the difference in materials. As mentioned before, these two material
creep models are developed for ASTM A36 steel, not for ASTM A992 steel. A suggested methodology to
make this correction is to adjust for the stress values considering the difference in yield strength of
materials in consideration [7]. Since ASTM A36 steel has lower yield strength than that of ASTM A992
steel, the stress values should be reduced in creep equations (a reduction factor equal to the ratio of 36 ksi
to 60 ksi has been considered). Therefore, some of the discrepancies observed in figure 2 are due to such
stress adjustments. Moreover, in order to draw any conclusion on inconsistencies observed in figure 2,
limitations in the scope of creep models and approximations involved have to be carefully considered. It
should also be added that the creep models by Fields and Fields [5] and by Harmathy [4] are suitable for
predicting creep strains in the primary and secondary stages of creep. As a result, they cannot capture
tertiary creep behaviors observed at 700 °C as can be seen in figure 2(b). All in all, observations like
these clearly indicate the need for more reliable creep models for structural steel at elevated temperatures.
As part of the comprehensive material creep investigation of structural steel at elevated temperatures,
equations in the form of a double power-law have been developed to describe creep of ASTM A992 steel
at elevated temperatures. Equation (3) represents the general form of such creep equations. Like in
equation (1), the parameters a, b, c, d, e and f are temperature-dependent material properties.
εc = a tb σc + d te σf

(3)

One of the most important features of equation (3) is that it represents a double-curvature function,
which makes it capable of modeling the entire creep curve that is also double-curvature in nature. As
mentioned before, creep models by Fields and Fields [5] and by Harmathy [4] being single-curvature
functions cannot model the three stages of the creep curve, specifically the tertiary part. Another
advantage of the double power-law equation is its ability to relate creep strain and time using just one
single continuous equation. Since the main goal here is to develop equations to predict the timedependent tangent modulus, the smoothness of the proposed stress-strain law is important, since the
tangent modulus is the derivative of the stress-strain curve [8]. Application of this model to predict creep
buckling of steel columns will be presented and discussed in the following sections of this paper.

3 CREEP BUCKLING OF STEEL COLUMNS AT ELEVATED TEMPERATURES
3.1 Background on creep buckling
The term creep buckling, as used herein, refers to the phenomenon in which the critical buckling load
for a column depends not only on slenderness and temperature of the column, but also on the duration of
applied load. Since creep effects are not significant at room temperature, the buckling load for a steel
column of given effective slenderness KL/r at room temperature is independent of the duration of applied
load. As temperature increases, the initial buckling load (at time zero) decreases, due to the decrease in
material strength, modulus and proportional limit. Consequently, the buckling capacity at initial
application of load depends only on temperature. But, as temperature increases and material creep
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becomes significant, the buckling load depends not only on temperature, but also on the duration of load
application.
3.2 Creep buckling analysis of steel columns
To better evaluate the potential importance of creep buckling in structural-fire engineering
applications, preliminary creep buckling analyses have been conducted by the authors. These analyses,
analytical and computational, attempt to predict the elevated-temperature creep buckling strength of a pin
ended steel column. For these analyses, a W12×120 section made of ASTM A36 steel is considered.
Moreover, the effective slenderness ratio is kept constant by considering only one single column length
of 240 inches.
For the analytical creep buckling studies, the concept of time-dependent tangent modulus proposed
by Shanley [9] is utilized, along with the creep material models developed by Harmathy [4] and by Fields
and Fields [5], both for ASTM A36 steel. This analytical method basically uses the Euler buckling
equation and replaces Young’s Modulus, E, with the tangent modulus, ET, which is a function of time,
stress and temperature. In order to calculate the time-dependent tangent modulus, the isochronous stressstrain curves need to be constructed. Simply put, isochronous stress-strain curves are constant-time stressstrain curves derived from creep curves. The slope of the tangent to the isochronous stress-strain curve at
any stress and time value is the time-dependent tangent modulus. Since the material creep equation by
Fields and Fields [5] has a simple form, it can be used to explain the procedure of constructing
isochronous stress-strain curves and evaluating time-dependent tangent moduli correspondingly. At a
specific time, equation (1) can be rewritten as follows,
εc = a0 σc

(4)

b

where a0 is equal to at and is constant. In fact, since a0 is dependent on a, b and t, it is both temperature
and time dependent. It can also be inferred from equation (4) that each constant-time, stress-creep strain
curve is conceptually equivalent to a time-independent stress-plastic strain curve, here with the power
law representation [8]. As a result, the total
strain which is the sum of elastic and
inelastic (in this case creep) strains can be
written as,
ε = σ/E + a0 σc

(5)

Equation (5) therefore represents the
isochronous stress-strain curves based on
the creep model by Fields and Fields [5]
(see also figure 3). Consequently, equation
(5) can be used to derive an expression for
time-dependent tangent modulus. In other
words, using the differential form of
Figure 3. Representative isochronous stress-strain curves at 400
equation (5) and considering the tangent to
°C, based on equation (5).
be the slope of the stress-strain curve
(dσ/dε), a mathematical expression relating tangent modulus to stress can be derived as follows (see also
figure 4),
ET 

E
1  [a  cσ (c 1) ]E

(6)

in which, E is the temperature-dependent Young’s modulus and ET is the tangent modulus, here a
function of both time and temperature. Since ET / E = Pcr / PE, equation (6) yields an equation for creep
buckling which is shown as equation (7).
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Pcr 

PE
1  [a  cσ (c1) ] E

(7)

PE is the Euler buckling load at elevated
temperatures in equation (7). At buckling, σ =
σcr = Pcr /A, therefore equation (7) can be
rewritten as follows,
 a cE 
Pcr   (c1)   Pcrc  PE
A


Figure 4. Representative isochronous tangent modulus-stress
curves at 400 °C, based on equation (6).

(8)

in which A is the cross sectional area of the
column.
Equation (8) can be solved
iteratively to get the Pcr as a function of time
at a constant temperature. Sample solutions of
equation (8) applied to a 240-inch long
W12×120 column are plotted in figure 5.

(a) Using Fields and Fields’ creep model.
(b) Using Harmathy’s creep model.
Figure 5. Analytical creep buckling curves using time-dependent tangent modulus method.

Using equation (8) for several column lengths, creep buckling curves can be constructed in the
conventional form of column curves represented by buckling stresses versus effective slenderness ratios.
In other words, time-dependent effects on column strength can be represented by isochronous column
curves as shown in figure 6(a). In this figure, the Zero-time curve represents the Euler buckling curve or
elastic buckling phenomenon. As can be observed from figure 6(a), the elastic buckling phenomenon of
steel columns at elevated temperatures is time-independent. Moreover, it is really possible to construct
column curves as plots of critical stress against the term, π2/(KL/r)2, which can be thought of as the
critical or buckling strain (σcr = εcr ET). This form of column curves, as shown in figure 6(b), indicates a
close relation between the stress-strain behavior and the column strength. To be more specific, the curves
in figure 6(b) would be true representations of isochronous stress-strain curves in compression provided
that secant modulus instead of tangent modulus were used in evaluating steel column strength at elevated
temperatures [9].
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(a) Isochronous column curves.
(b) Column curves as critical stress-strain curves.
Figure 6. Analytical creep buckling curves plotted in the conventional form of column curves.

As a final note on the analytical formulation, it should be added that this method disregards any
initial imperfections and assumes a perfectly straight column. Moreover, this method predicts the Euler
buckling load as the zero-time buckling load at any given temperature. To be more specific, this method
only considers time-dependent inelasticity and ignores time-independent inelasticity due to the applied
load at time zero. To have a more sensible model, a cap was placed on the maximum predicted buckling
strength to reflect the effects of inelasticity and initial crookedness at time zero. This limit is the result of
load-deflection analysis on Abaqus assuming an initial imperfection of L/1000 and including material
inelasticity.
As a next step, computational predictions of creep buckling are developed using Abaqus. In order to
simulate creep buckling on Abaqus, first, temperature is increased to the desired level, and then a fraction
of the zero-time buckling load is applied to the column. No material creep is considered in these two
steps. Next, the column is allowed to creep over the time period of 50 hours under the sustained load.
Finally, the time-to-buckle due to creep is estimated. It should be pointed out here that to get the zerotime buckling load, an inelastic load-deflection analysis has to be performed. This has been done in
Abaqus by using a nonlinear analysis scheme called Riks Analysis. Moreover, to model initial geometric
imperfections, an Eigen-value buckling analysis is performed. The initial shape of the column is taken as
the shape of the first buckling mode, and the
magnitude of the imperfection is chosen as a
fraction of the column length. As far as
material modeling is concerned, the inelastic
material model at elevated temperatures is
defined according to Eurocode 3 [10], and
the creep material model is the one proposed
by Fields and Fields [5], explained in the
previous section. 3D hexahedral eight-node
linear brick elements, C3D8R, have been
utilized to model the columns on Abaqus.
As an example, the results of creep
buckling simulations for the temperature of
500 °C and an initial out-of-straightness of
Figure 7. Lateral deflections due to creep at 500 °C and Δo =
L/1000 are presented in figure 7 as plots of
L/1000.
creep deflection versus time at different load
levels. Figure 7 clearly shows that the rate of change of deflection with time increases very slowly at the
beginning and then increases more rapidly until the column no longer can support its load. The time at
which the displacement-time curves become nearly vertical is taken as the failure time or time-to-buckle
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in this study. Curves like the ones presented in figure 7 can be used to construct time-dependent column
buckling curves, examples of which are shown in figure 8 for three different temperatures.
Creep buckling predictions from analytical and computational methods are compared at 600 °C and
presented in figure 9. The analytical predictions are for a perfect column, while the computational one is
for a column with L/1000 initial crookedness. As can be seen in figure 9, these three curves follow the
same trend after about 10 minutes. The difference between these predictions after 10 minutes is related to
the difference in predictions of the material models and inclusion of time-independent inelasticity in the
computational method. The initial differences prior to about 10-minutes may possibly be related to the
effect of initial imperfection on the zero-time buckling load. These differences may also be related to the
fact that Harmathy’s and Fields’ and Fields’ models consider primary creep quite differently, especially
at high levels of stress as shown in figure 1. Of special interest are the predictions from the double powerlow model, which is developed using experimental creep data on ASTM A992 steel in this study. Firstly,
as already discussed, corrections are needed in order to use this creep model to predict creep buckling
behavior of a column made of ASTM A36 steel. Secondly, due to its double-curvature nature, the double
power-law model is predicting the effect of primary creep more accurately compared to the model by
Fields and Field [5]. Rather than the initial part of the creep buckling curve, it can be seen a general
agreement between the predictions of these two models since for the range of buckling stresses for this
column, ASTM A992 steel does not get into the tertiary part at 600 °C.

Figure 8. Computational creep buckling curves
with Δo = L/1000.

Figure 9. Comparison between analytical
and computational creep buckling
predictions at 600 °C

4 COMPARISON WITH AISC AND EUROCODE 3 PREDICTIONS
In this section results obtained from analytical and computational creep buckling analyses presented
in the previous sections will be compared with the corresponding elevated temperature column strength
predictions of AISC [11] and Eurocode 3 [10].
It should be pointed out here that formula to predict column strength at high temperatures in
Appendix 4 of the 2011 edition of the AISC Specification for Structural Steel Buildings are based on
work by Takagi and Deierlein [12]. Both the Eurocode 3 [10] column strength formula and that proposed
by Takagi and Deierlein [12] predict column strength as a function of temperature, but do not consider
duration of load and temperature exposure; i.e., they do not consider creep buckling effects. These
formulas are based on computational studies using elevated-temperature stress-strain curves for steel that
do not explicitly include creep effects, and are verified against high-temperature column buckling
experiments that also did not explicitly consider time dependent effects on buckling.
Figure 10 depicts the comparison of creep buckling predictions from Abaqus and time-dependent
tangent modulus with the ones from Eurocode 3 [10] and AISC [11]. Generally speaking, it can be
observed that code-based predictions underestimate buckling strength of this column for relatively short
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load durations, at higher temperatures such as 600 and 700 °C. The problem with code-based predictions
of buckling becomes more evident when analytical creep buckling predictions using Harmathy’s material
creep model are compared against code-based ones, as shown in figures 10(b), 10(c) and 10(d). It is also
interesting to note that as temperatures get higher, analytical and computational buckling predictions
using the Fields and Fields material creep model get closer, suggesting that the effect of creep is perhaps
more important in overall inelastic buckling behavior at higher temperatures. Observations like these
clearly show the significance of the need for more reliable creep data for structural steel.

Figure 10. Comparison between computational and analytical creep buckling predictions with code-based buckling
predictions.

5 CONCLUSION
This paper has presented some results of on-going research on the time-dependent buckling behavior
of steel columns subjected to fire. Studies were conducted using a 3D finite element model incorporating
both geometric and material nonlinearities. Analytical solutions were also developed to consider material
creep effects on the overall time-dependent buckling. Predictions from this study were also compared
against those from Eurocode 3 and the AISC Specification.
It is clear from results presented in this paper that material creep is significant within the time,
temperature, and stress regimes expected in a building fire and that having an accurate knowledge of
material creep is essential in predicting column buckling behavior at elevated temperatures. There is
clearly a need for more extensive and reliable creep data for structural steel. In addition, results show that
neglecting creep effects can lead to erroneous and potentially unsafe predictions of the strength of steel
columns subjected to fire.
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Abstract. A localized fire is a fire in a compartment which is unlikely to reach flash-over or a uniform
temperature distribution. Designing for localized fires are generally more difficult than for a typical
room fire both because of the complexity of the problem as well as the lack of experimental data. We
reports on a full scale test on a steel column exposed to a localized fire. The setup is a 6 meters hollow
circular column, Ø=200 mm with a steel thickness of 10 mm. The unloaded column was hanging
centrally above different pool fires. We report temperatures of gas and steel as well as those measured by
plate thermometer of the somewhat asymmetric fires. The results are compared with estimates based on
Eurocode 1991-1-2 which in all cases studied overestimates the thermal impact for this setup.

1 INTRODUCTION
In large in-door enclosures like air terminals a fully developed fire with high uniform temperatures is
unlikely. Still, an intense fire could locally expose structures to severe thermal conditions although the
mean temperature in the enclosure is low. Thus structural elements must be designed to resists fire also in
large compartments. Usually structures are designed to resist the standard fire according to EN 1363-1 for
a specified time. Alternatively, parametric fires as specified in the Eurocode (EN 1991-1-2 - Annex A)
could be applied but all these design fires are intended for relatively small spaces where flashover with
very high and uniform temperatures can develop. We may instead assume localized fires, as specified in
EN 1991-1-2 - Annex C, to consider fire exposure effects. These are dominated by the incident radiation
and depends on the magnitude and dimensions of the flames and the thermal exposure could be relatively
small despite high local fire gas temperatures. Furthermore, only parts of a structural element will be
affected that may reduce the structural effects on load-bearing elements in comparison to a uniform
exposure. Asymmetric fires may on the other hand make the exposure more severe. More detailed
analyses allow for taking into account more relevant temperature levels as well as variations along
structures to avoid over design of fire protection measures while still obtaining reliable and safe
solutions.
Very little experimental data from full scale fires are available in the literature. This work
summarizes full-scale experiments on a steel column exposed to various pool fires in a large room. All
the experimental data can be downloaded from the SP website [1]. For design purposes data on localized
fire can be determined by plume theories [2, 3] which has been implemented models of Eurocode 1 [4,5].

2 BACKGROUND
The heat transfer from the flame and hot gases to a surface consists of three main components,
absorbed radiation, emitted radiation and convective heat transfer.
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''
''
''
''
qtot
 qabs
 qemi
 qcon

(1)

The absorbed radiation heat q depends on the incident radiation and the absorptivity of the surface,
which equals the emissivity of the surface,  s . Thus
''
abs

''
''
qabs
   qinc

(2)

The incident radiation inside the flame depends on the flame temperature and flame emissivity  fl ,
which in turn depends on the flame thickness d and absorption coefficient k in the following manner.
''
qinc
  fl    T fl4  (1  e  kd )    T fl4

(4)

For gas species k depends on wavelength but as the bulk of the radiation from flames and smoke
layers emanates from soot it is treated as an effective absorption wavelength independent coefficient.
The emitted heat depends only on the surface temperature and the surface emissivity:
''
qemi
  s    Ts4

(5)

Thus the total heat transfer by radiation may be written as
''
qrad
 s   ( fl  T fl4  Ts4 )

(6)

The heat transfer by convection is generally assumed to be linear with respect to the temperature
difference between the surface- and gas temperatures. The proportionality constant is the convection heat
transfer coefficient, hc. For adjacent fires the gas temperature = temperature of flames and hot gases T fl :
''
qcon
hc  (T fl  Ts )

(7)

The total heat transfer to the column exposed to the surrounded fire can be expressed as:
''
qtot
  s   ( fl  T fl4  Ts4 )  hc  (T fl  Ts )

(8)

2.1 Thermal action, according to the EN 1991-1-2
According to the EN 1991-1-2 [4] the localized fire is a fire where flash-over is unlikely to occur and
which involves only a limited area of the fire load in the compartment. Height of flames must be
considered. It depends on burning source size and heat release rate, figure 1, and can be calculated using
Lf 
1.02  D  0.0148  Q 2/ 5 ,

(9)

where D (m) is the flame thickness and Q (W) heat release rate. The latter, according to the EN 1991-1-2,
is based on the time t need to reach a rate of heat release of 1 MW.
 t 
Q  106  
 t 

2

(10)

For the ultra-fast fire spread, which in our setup can be considered, t equals 75 seconds. Instead of
equation 10 the following equation for the heat release rate was used, which considers the mass loss rate,
the heat of combustion for the evaporated gases, ΔHc, and the combustion efficiency, χ.
Q

dm
dm
6
 H c    10
 H eff  106
dt
dt
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Where the mass burning rate dm / dt has been taking from experimental data, H c from reference [6]
and χ = 0.7 based on the high soot production from heptane and diesel.

Figure 1. Some flame properties [2].

When the flame is not impacting the ceiling of a compartment ( L f  H , figure 1) or in case of fire in
open space, the temperature ( z ) in the plume along the symmetrical vertical flame axis is given by:
 ( z )  20  0.25  Qc2/3  ( z  z0 ) 5/3  900 ,

(12)

z0 
1.02  D  0.00524  Q 2/ 5

(13)

Where z0 is the virtual origin. Qc, the convection part of the energy release is set to 70% of the total
release according to Eurocode. There is no equation in the Eurocode for ( z )  900 . We therefore
assume a linear relation for the lowest regions from the height where 900 °C is reached to 1200 °C at the
surface (which is a much lower value than what can be extrapolated from equation (12) at z = 0).
(z) 


300  z
 900  20 

2/3 
 0.25  Qc 

 1200

3 / 5

(14)

 z0

Equations (9), (12) and (13) can be recognized as Heskestad plume equations [2]. Equation (12) is
also found in reference [2] with the difference that it can be used when L f  z (see figure 1) or not inside
the plume. In case of L f  z McCaffrey [3] has been studying plume temperature.
On the fire exposed surfaces the net heat flux
.

.

.

q net q net , c  q net , r


(15)

The net radiative heat flux component per unit surface area is determined by:
.

q net , r     s   fl   (Tr4  Ts4 )

(16)

Where in our case configuration/view factor, Ф, can be considered 1 and flame emissivity  fl
suggested as 1. Surface emissivity  s exposed to the heat should be considered as 0.8. The net
convective heat flux component per unit surface area expressed as equation (7), where hc should be set to
25 (W/m2). Equation (16) is different from equation (6) in that the flame emissivity is included also for
the emitted radiation. Naturally the flame emissivity is completely irrelevant for the emitted radiation but
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for thick sooty flames, where emissivities are close to one it makes a marginal difference. However, for
cleaner fuels, like methanol, this is not valid.
The steel is considered as a lumped heat capacity and we use a one-dimensional model for the heat
absorption. The final expression for the steel/surface temperature increase at time step i, with a duration
of Δt, can, according to EN 1991-1-2 [4], be expressed as:
.

.

q i net 
0.8   [Tr4  (Tsi ) 4 ]  25(Tg  Tsi )

(17)

.

q i  SF  t
T  T  net
 c
i 1
s

i
s

(18)

ρ is density, c specific heat and the section factor, SF=cross sectional area/volume for a column section.
2.2 Previous work
A series of test on a steel beam in a Room Corner test room (according to ISO 9705) has previously
been conducted [7]. The beam was hanging 20 cm from the ceiling and a gas burner was placed in the
corner and under the beam. The result shows a very large difference in the temperatures probed by small
thermocouples and plate thermometers. The PTs are much less sensitive to convection as they have a
lower convective heat transfer coefficient relative the small thermocouples and will therefore adjust to
temperatures dependent on the incident radiation to the specimen surface.

3 EXPERIMENTAL SETUP

Figure 2. Left: experimental setup seen from position 1. The grey squares indicate plate thermometers. Right: cross
section of the column from top view showing the different instrumentations in the different positions.

The experiments were carried out in the large fire hall of SP, 20 x 20 x 20 m in size. A full size (6 m
tall, 200 mm wide and 10 mm thick) circular unprotected steel column was exposed to circular pool fires
with various burning area. The column was un-loaded as load-bearing capacity of the steel column was
not the topic of this experimental study and its interior was empty. The column was hanging centrally, 20
cm over the fuel container in the middle of the fire hall under the main exhaust hood. The lower and
upper ends of the column were sealed and the column was fixed at the upper end to two well insulated
beams.
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Figure 3. Thermocouples and PT setup.

Along one position of the column (position 1) gas temperatures, steel temperatures and temperatures
recorded by plate thermometers (PT) were measured at heights of 1, 2, 3, 4 and 5 meters along the
column, as indicated in figure 1 below. Thus, the instruments at e.g. 2 meters along the column are
situated 2.2 meters above the fuel surface. Gas temperatures were measures using welded 0.25 mm
thermocouples. Steel temperatures were measures with thermocouples fixed about 1 mm into the steel
structures. The plate thermometers were standard plate thermometers as used in furnace testing according
to EN 1363-1 but mounted a few cm from the steel surface. In two positions, ±90° from position 1,
curved PTs were mounted inside the steel column on height 2 and 4 together with gas thermocouples, see
figure 3. Opposite to position 1 gas and steel temperatures were measured together with PTs at 2 and 4
meters height.
Three experiments were performed. Diesel, and heptane were burned using a pool diameter of 1.1 m.
An additional diesel fire was also run with a pool diameter of 1.9 m. The fuel container was placed on a
balance to probe the mass loss rate. Two meters from the column was a vertical stone wool insulation
board, 6 m high and 1.2 m wide to protect instrumentation anchors and data collection.
Table 1 displays the calculated fuel characteristics according to the Eurocode described above.
Table 1. Fuel characteristics, mass loss rate, heat of combustion (ΔHc), Heat release rate (HRR) and flame height.

Fuel
Heptane
Diesel, diameter 1.1 m
Diesel, diameter 1.9 m

Mass loss rate
(kg/sec)
0.051
0.032
0.107

H c [1],

(MJ/kg)
44.6
44.4
44.4

HRR (MW),
eq. (14)
1.6
1
3.3

Flame height
(m), eq. (12)
3.3
2.6
4.1

4 RESULTS AND DISCUSSIONS
4.1 Results from the experiments
Even though no sideways draught could be noticed before the experiments the flames were clearly
tilted towards position 1. Figure 4 shows a series of pictures from the smaller diesel fire of diameter 1.1
m. Flames are flickering to a height between 2 and 3.5 m and above 1 m the flame is preferentially in
position 1.
Increasing the pool diameter to 1.9 m increased the size of the flames considerably. The height was
constantly over 4 m, sometimes reaching well over 5 m. A movie of the larger fire can be viewed from
SP’s web page [1]. Some temperatures along position 1 are presented in figure 5. It is quite evident that
the small 0.25 mm thermocouples and the PTs display essentially the same temperatures.
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2.2 m

Figure 4. The flame from diesel Ø = 1.1 m. The flames are tilted towards position 1.

Figure 5. Measured gas and PT temperatures in position 1 for the larger diesel fire. The fuel was ignited after 2
minutes.

Figure 6. Left: PT temperatures at 2.2 and 4.2 m height in all positions for the larger diesel fire (Ø = 1.9 m). “2m p4”
indicate 2 meters height at position 4. Right: a photo of the same fire with >4 m flames and a characteristic asymmetry.
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This asymmetric fire load naturally has consequences on the steel temperatures. From the movie [1]
one can observe the curvature of the column due to uneven thermal expansion. The recorded steel
temperatures are shown in figure 7. The hottest region is close to the fire source and the steel reaches
almost 800 °C at 1 m height after about 15 minutes of fire. The temperature decreases with height. At 2 m
the difference between position 1 and 3 (opposite each other) is very big. After 8 minutes of fire the
difference is 250 °C. Analysing the shapes of the curves it is clear that heat is transferred to the colder
region of the column which evens out these differences. Given a thermal diffusivity of ~10-5 m2/s (which
yields a characteristic diffusion time of two hours over half the circumference) conduction alone could
not be responsible for this heat transfer. A large portion must also be due to radiative exchange between
the inside surfaces of the column.

Figure 7. Steel temperatures for the larger diesel fire. Solid and dashed lines represent position 1 and 3, respectively.

4.2 Comparison between experimental data and the data according to EN 1991-1-2
The gas temperature estimated using the EN 1991-1-2 at different heights and fuels can be seen in
table 2. Once again, the asymmetry of the flame induces a big span in the measured temperatures.
However, it is worth noticing that at each height and for each fuel the Eurocode estimation exceeds the
highest measured value.
Table 2. Gas temperatures after 10 minutes of fire. * The measured gas temperatures from position 1 if only one
number is given. At heights where temperatures were probed around the column values are given in intervals.

Fuel
Heptane

Diesel,
diameter 1.1 m

Diesel,
diameter 1.9 m

Height of TC
(m)
1.2
2.2
3.2
4.2
5.2
1.2
2.2
3.2
4.2
5.2
1.2
2.2
3.2
4.2
5.2

Tgas, ( C ),*
900
300-650
500
150-280
180
800
250-500
250
110-150
120
950
480-800
640
220-400
250
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Tgas EN 1991-1-2,
( C )
1056
937
563
343
238
1011
695
364
233
167
1078
978
782
492
346
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This difference in temperatures is also reflected when comparing the calculated steel temperatures.
The Eurocode estimations lead to values exceeding the actual impact on the column that has been
measured during experiment. Figures 8-13 show the comparison of the measured steel temperature and
calculated according to the EN 1991-1-2 [4, 5]. The emissivity of the flame is assumed equal 1. Note that
Eurocode over estimates the steel temperatures. But just by assuming the flame emissivity less than 1
depending on the flame thickness and absorption coefficient (4) give values of the steel temperature
closer to measured temperatures. The flame thickness is then assumed equal d / 2 and the absorption
coefficient 0.35 m-1.
Steel temperature according to the EN 1991-1-2
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Figure 8. Measured (left) and calculated (right) steel temperature according to the EN 1991-1-2. Heptane. 1.1 m.
Steel temperature according to the EN 1991-1-2,
heptane 1.1 m, new emisssivity
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Figure 9. Calculated steel temperature according to the EN 1991-1-2 using a lower emissivity. Heptane 1.1 m.
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Steel temperature according to EN 1991-1-2, diesel 1.1
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Figure 10. Measured (left) and calculated (right) steel temperature according to the EN 1991-1-2. Diesel. 1.1 m.
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Figure 11. Calculated steel temperature according to the EN 1991-1-2 using a lower emissivity. Diesel 1.1 m.
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Figure 12. Measured steel temperature (on the left), calculated steel temperature according to the EN 1991-1-2 (on the
right). Diesel with diameter of container 1.9 m.
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Steel temperature according to the EN 1991-1-2, diesel
1.9 m, new emissivity
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Figure 13. Calculated steel temperature according to the EN 1991-1-2 using a lower emissivity. Diesel. 1.9 m.

5 CONCLUSIONS AND FUTURE WORK.
A general conclusion of these experiments is that the Eurocode recommendations overestimate the
thermal exposure and thereby the steel temperatures by several hundred degrees. Thus there is a great
potential to reduce the fire resistance requirements for structures which are designed to resist localized
fires. However, a detailed knowledge of the flame emissivity improves the agreement considerably.
In the experiments reported hear the PTs showed about the same temperatures as the thermocouples
in contrast to experiences from beams exposed to a propane fire as reported by Wickström, Jansson and
Tuovinen [7]. They reported great differences between PT and TC measured temperatures. The small
measured differences in this study are likely to depend on high gas velocities and high flame emissivities.
In the test reported here the flames tilted considerable which made the thermal exposure asymmetric.
Large parts of the column were at times engulfed in flames only on one side. This reduces the
temperature but may in practice have harmful effects on the load-bearing capacity of a column as it
introduces excentric loading. The total effects of asymmetric thermal exposure on the load-bearing need
further studies including structural analyses.
The authors gratefully acknowledge the financial support provided by The Swedish fire research
board, Brandforsk, Sweden.
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Abstract. This paper presents numerical investigations of stability behaviour of steel elements directly
connected to plane space-enclosing elements in fire. In the fire situation these load bearing components
are heated from three sides. Due to this asymmetrical heating, thermal induced strains may lead to a
different buckling mode compared to heating from all sides. For this purpose, a numerical model of a
representative steel column exposed to ISO 834 fire curve is developed to compare the fire resistances of
both heatings. Additional parametric studies extend the results to a practical range of compressive
members.

1 INTRODUCTION
The research work presented came about in the context of a joint research project which addresses the
fire resistance of steel members protected by intumescent coating where parts of the cross-sections are
covered by adjacent space-enclosing members. Consequently, the cross-sections are exposed to fire on
three sides only. This leads to an asymmetrical temperature distribution in the cross-section. The main
research approach is to investigate the heating of the steel members by tests and simulation while the
mechanical response is scrutinized by numerical methods.
Usually, a uniform temperature distribution over the cross-section is assumed in structural fire design
of steel elements. This simplification enables comparably simple calculation methods for the heating of
steel sections in case of fire. Suitable formulae are given in Eurocode 3 Part 1-2 [1] for instance.
However, for steel elements adjusted to space-closing elements, this assumption is not valid due to a nonuniform temperature distribution caused by an asymmetric heating.
Space-enclosing may be realised by trapezoidal or sandwich plates as they are used, e.g. in industrial
buildings. Figure 1 shows examples for space-enclosing elements directly connected to load bearing
elements.
Sandwich plate
Trapezoidal plate

Column

Beam

Figure 1 – Beam and column connected to space-enclosing elements
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In case of fire, this assembly causes an asymmetrical heating from three sides leading to lower
average temperatures in the cross-section in comparison to heating from all sides. On the other hand, the
asymmetrical heating may induce a thermal gradient in the cross-section. If a thermal gradient arises, steel
elements get additional thermal induced curvatures having negative effects on the stability performance.
Thus, the main issue of this paper is to investigate whether the positive effect of the lower average
temperature or the negative effect of the temperature gradient is governing the performance of structural
steel elements. In comparison to a fire exposure from four sides different fire resistance times may occur.
For this reason, numerical simulations on the stability behaviour of unprotected steel columns directly
connected to space-enclosing elements are presented. Fire protection by intumescent coating is not
considered in these investigations.

2 NUMERICAL SIMULATIONS
The numerical simulations are performed using the finite-elemente software Abaqus [2] in a
sequentially coupled thermal-stress analysis. First, the temperature field is calculated in a pure heat
transfer analysis. Based on this a mechanical calculation is performed to determine the structural
response. This approach assumes that increasing temperatures influence the mechanical response,
whereas the mechanical response has no influence on the temperatures within the cross-section.
Both for the thermal calculation and the mechanical analysis a three–dimensional model is developed.
The model is discretised using 8 node solid elements with linear shape functions.
In the thermal analysis ISO 834 fire curve is applied to the fire exposed surfaces as thermal boundary
condition for convection and radiation heat transfer. The corresponding coefficients and thermal material
parameters are set according to EN 1993-1-2 [1]. Heat flux due to thermal conduction from the heated
space-enclosing element to the load bearing element is neglected. This assumption leads to higher
induced thermal gradients and consequently to higher thermal curvatures and is therefore conservative.
Based on the thermal analysis, the mechanical simulation is performed taking into account
geometrical and material non-linearities. The material non-linearities include the consideration of
temperature dependent non-linear stress-strain relationship according to EN 1993-1-2 [1]. The
geometrical non-linearities result from the consideration of precise kinematic relationship and allow
accounting of P-Δ-effects. Within the mechanical model, initial structural and geometrical imperfections
are considered as well. The geometrical imperfections are generated by the first buckling mode shape of
an eigenvalue analysis multiplied by an amplification factor equal to l/500. The structural imperfections
are applied as a linear initial stress according to [4].

3 INVESTIGATIONS ON THE STABILITY PERFORMANCE OF STEEL
ELEMENTS

8.0m

As mentioned before, the investigations are conducted with an unprotected steel column. The stability
performance in consideration of a uniform and non-uniform temperature distribution in the cross-section
is investigated in detail. In particular, the effect of thermal induced curvatures on the structural
performance is analysed. For this reason, a numerical model of a representative steel column is
developed.
F
Space-enclosing element

x
y

y

y
z

ISO-834

z

HE 300B
Figure 2 – System and fire exposure cross-sections
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The investigated column represents Euler Case I. The column is 8.0 m high and consists of a
HE 300 B profile. Figure 2 illustrates the static system and the two different assemblies investigated. The
first case represents a freestanding column heated from all sides. The second one is connected directly to
a space-enclosing element and consequently, heated only from three sides. The temperature distributions
at point of failure are presented in Figure 3 by using symmetrical conditions.
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-150

b)

Symmetrical Axis

Temperature (°C)

600

600

Height
(mm)
-150

Symmetrical Axis

Figure 3 – Cross-sectional temperature distribution (HE 300 B) for a) four- and b) three sides fire exposure at failure

Fire exposure form all sides leads to a nearly uniform temperature distribution in the cross-section.
The temperature distribution is symmetrical and only a small thermal gradient due to the lower mass of
the web occurs. In contrast, a fire exposure from three sides leads to a non-uniform and asymmetrical
temperature distribution. The thermal gradient between the flanges amounts to 100 K. A slightly
nonlinear gradient due to the lower mass of the web is induced to the web as well.
The effective stiffness of the cross-section directly corresponds to the temperature distribution due to
the temperature-dependent reduction of the Young’s modulus kE according to [1]. Hence, a difference in
the mechanical response between both cases is expected.
In the following, coupled thermal-stress calculations based on the temperature fields are described. In
these analyses, an initial load of 300 kN is applied on top of the column. This corresponds to a load ratio
of μ = 0.5 at room temperature conditions. The load orientation is strictly vertical and does not follow
rotational deformations of the column. Structural imperfections, which mean initial stresses, are
considered as well and geometrical imperfections are applied to the minor axis. This is reasonable
because failure of the column is expected around the minor axis.
The calculation stops, if the load bearing capacity of the column is reached, e.g. due to instability,
failure of equilibrium or failure of material. In this manner, fire resistance times can be calculated. This
method corresponds to level 3 according to the Eurocodes. Figure 4 shows the different behaviour of an
asymmetrically heated column. While a column exposed to fire on all four sides shows lateral deflections
around the minor axis as expected, deformations around both major and minor axis are detected for the
asymmetrical heated column.
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F = 300 kN
(μ = 0.5)

v = 13 mm
w = 47 mm

v = 16 mm
w = 128 mm

v = 108 mm
w = 322 mm

400°C

477°C
(Failure)

v, w

8.0 m

v
w

w
200°C

v

Figure 4 – Deformation of a column exposed to fire from three sides at different temperatures of the heated flange

Deflection (mm)

A fire exposure on four sides leads to failure when an average steel temperature of about 430°C is
reached. Branching occurs and the deflections around the minor axis increase to a high value. This
phenomenon can be identified in Figure 5 precisely. Deflections around the major axis do not occur in
this case. The cross-sectional distribution of longitudinal stresses at failure is depicted in Figure 6. The
stress distribution attunes as expected and constitutes a bending moment considering P-Δ effects.
Compared to this, an asymmetric fire exposure leads to large deflections both around the major and
minor axis as mentioned before (compare Figure 5). The main reason for this is the thermal induced
curvature which results from the thermal gradient.
failure
350
F
4 side fire exposure
3 side fire exposure
300
v,w
250
200

Major axis

Minor axis

150
100

Major axis

50
0
0

100

200
300
Heated flange temperature (°C)
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Figure 5 - Lateral deflection of the column versus temperature
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The deflection of the column around the major axis increases dramatically until the load bearing
capacity is reached. The thermal gradient mainly induces these deflections around the major axis of the
column. These deflections influence the P-Δ effects significantly and lead to much higher stresses in the
cross-section. However, buckling still does not occur around the major axis, as the resistance of the crosssection around the major axis is much higher than around the minor axis. Consequently, the P-Δ effects
around the major axis do not reach such an amount, that a buckling problem around the minor axis
becomes a buckling problem around the major axis. Furthermore, it is indicated that stresses around both
major and minor axis are activated for three side fire exposure. The stresses which result from bending
around the major axis are strongly increased. In addition, the stiffness of the flanges becomes smaller due
to the fact, that the proportional limit is reached. As the buckling resistance around the minor axis is
represented by the flanges particularly, branching finally occurs around this axis.
Due to the quite different structural behaviour, caused from a three-side fire exposed column, a higher
fire resistance is reached. This circumstance is owed to the lower average temperature of this column.
Both columns fail due to buckling around the minor axis, whereas the stiffness of the three side fire
exposed column decreases later due to the lower average temperature.
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Figure 6 – Cross-sectional stress distribution at failure for a) four- and b) three side fire exposure

The above described investigations show that a three side fire exposure influences the buckling
performance significantly due to thermal induced curvatures. A thermal gradient in the cross-section is
responsible for this circumstance. In addition, the fire exposure from three sides leads to an asymmetrical
distribution of stiffness as well. The stiffness of the heated parts in the cross-section decreases due to
high temperatures. As a consequence, the centroid of the cross-section is shifted compared to the initial
condition. Regarding the axial load applied to the column, an eccentricity between load and centroid
arises. Consequently, an additional bending moment occurs. This fact is considered in the previous
investigations as well, but it has to be noted, that this effect appears in the opposite direction than the
thermal induced curvatures. While the asymmetrical distribution of the stiffness leads to shifting of the
centroid towards the cooler flange and consequently generates deflections in direction of the heated
flange, the thermal induced curvatures constrain the column in the direction of the cooler flange. To
investigate the impacts of these different effects on the fire resistance, analysis disregarding and regarding
thermal induced strains are presented in the following.
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Figure 7 – Lateral deflection of a three side fire exposed column versus temperature
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Figure 8 - Cross-sectional stress distribution at failure for three side fire exposure by a) disregarding and b)
regarding thermal strains

b)

Figure 7 illustrates, that ignoring thermal strains leads to overestimation of the fire resistance. The
aforementioned effect, which results in quite different deflections, can be identified explicitly. As the
column deflects into the direction of the cooler flange by regarding thermal induced strains, the
eccentricity due to the shifting of centroid leads to deformations into opposite direction. These deflections
are very small compared to the thermal induced deflections. The stress distribution at point of failure is
depicted in Figure 8. This distribution is similar to the stress distribution which results from a four side
fire exposure (compare Figure 6a). Consequently, large P-Δ effects do not occur. Hence, a higher fire
resistance is reached due to the lower average temperature caused by three side fire exposure.
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4 PARAMETER STUDY
The investigations described before show the quite different stability performance of unprotected steel
columns with four- and three side fire exposure. These investigations are performed with a HE 300 B
profile and a length of 8.0 m. To extend the prescribed phenomena to other conditions, some parametric
studies are carried out in the following. A range of non-dimensional slenderness, different load levels and
profiles used in building practice are investigated. It has to be mentioned that different profiles with a
similar A/V-ratio are chosen to ensure similar temperatures in the cross-section. The slenderness ratio is
determined for room temperature conditions, taking into account the buckling length according to Euler
Case I. Further parameters remain unaffected in these calculations. These analyses are performed for both
three- and four side fire exposure to compare both cases afterwards.
Heated flange temperature (°C)
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4 side fire exposure
3 side fire exposure

μ = 0.2

650
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μ = 0.4

550
μ = 0.6

500
450
400
0.0

0.5
1.0
1.5
2.0
2.5
Non-dimensional slenderness (-)
Figure 9 – Critical temperatures of the heated flange for full- and three side fire exposure versus slenderness

Figure 9 shows critical temperatures of the heated flange for three- and four side fire exposure, taking
into account different slenderness ratios and load ratios. Obviously, a four side fire exposure leads to a
higher critical temperature compared to a fire exposure from three sides in all cases. While the critical
temperature of both cases is similar for low load levels, the influence of a three side fire exposure
increases and leads to a significantly lower critical temperature for high load levels. This is due to the
much higher P-Δ effects and consequently higher stresses in the cross-section.
In the following, these findings shall be checked for different cross-sections. For this reason, two
Heated flange temperature (°C)
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4 side fire exposure
3 side fire exposure

450
400
350
300
0.0

0.5

1.0

1.5
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2.5

Non-dimensional slenderness (-)
Figure 10 - Critical temperatures of the heated flange for four- and three side fire exposure versus slenderness for a
HE 100M profile and load ratio μ = 0.6
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different profiles (HE 100M and HE 450A) are modelled, taking into account a load level of μ = 0.6 and
different slenderness ratios.
Heated flange temperature (°C)

600
4 side fire exposure
3 side fire exposure
550

500

450
0.0

0.5

1.0

1.5

2.0

2.5

Non-dimensional slenderness (-)
Figure 11 - Critical temperatures of the heated flange for four- and three side fire exposure versus slenderness for a
HE 450A profile and load ratio μ = 0.6

The figures above show that the stability performance is quite similar to the previous investigations.
Again, a higher critical temperature for a full side fire exposure is reached. A fire exposure from three
sides leads to a significantly lower fire resistance due to the effects discussed in chapter 3. Summing up,
all investigation confirm the hypothesis that a three side fire exposure leads to a lower fire resistance.

5 CONCLUSION
In this paper numerical simulations on the stability performance of structural steel elements adjusted
to space-enclosing elements are presented. The behaviour of a representative unprotected steel column,
taking into account four- and three side fire exposure is investigated in detail. The conducted simulations
show the significantly different structural behaviour in case of fire. A four side fire exposure leads to the
expected buckling mode around the minor axis. In contrast, a three side fire exposure induces large
deflections around the major axis which increase the P-Δ effect substantially. The asymmetrical stress
distribution in the cross-section leads to asymmetrical stiffness of the column. As a consequence, the
column fails due to buckling around the minor axis. Several slenderness ratios, load levels and crosssections are investigated in parametric studies, to extend the findings to a practical range.
In conclusion, the results of this paper show, that the lower average temperature in the cross-section
governs the stability performance of structural steel elements. Thermal induced curvatures cause large
deflections, but P-Δ effects do not lead to failure. As a consequence, a four side fire exposure leads to
lower fire resistances compared to fire exposure from three sides. In this context, the design method of
Eurocode 3, which assumes an equal temperature distribution in the cross-section, is applicable for the
regarded special kind of fire exposed columns and leads to conservative results.
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Abstract. Fire safety of light gauge cold-formed steel frame (LSF) stud walls is significant in the design
of buildings. In this research, finite element thermal models of both the traditional LSF wall panels with
cavity insulation and the new LSF composite wall panels were developed to simulate their thermal
behaviour under standard and real design fire conditions. Suitable thermal properties were proposed for
plasterboards and insulations based on laboratory tests and literature review. The developed models
were then validated by comparing their results with available fire test results. This paper presents the
details of the developed finite element models of load bearing LSF wall panels and the thermal analysis
results. It shows that finite element models can be used to simulate the thermal behaviour of load bearing
LSF walls with varying configurations of insulations and plasterboards. Failure times of load bearing
LSF walls were also predicted based on the results from finite element thermal analyses.

1 INTRODUCTION
In recent times, LSF wall and floor systems are increasingly used in low-rise and multi-storey
buildings, but without a full understanding of their fire performance. Currently LSF wall and floor
systems are made of cold-formed thin-walled steel lipped channel sections and gypsum plasterboards.
Under fire conditions, cold-formed thin-walled steel stud and joist sections heat up quickly resulting in
fast reduction in their strength and stiffness. Therefore they are commonly used in structural wall and
floor systems with plasterboard linings on both sides used as fire protection.
Cavity insulated LSF walls are often used for the purpose of climate control in exterior and party
walls and acoustic benefits. However, they are also required to be fire rated. Hence many researchers
investigated the fire resistance ratings of LSF wall systems with different types of insulations in the wall
cavities. Sultan [1] conducted full scale fire resistance tests on non-load bearing gypsum board wall
assemblies and found that when rockwool was used as cavity insulation the fire resistance rating
increased by 54% over the non-insulated wall assemblies while cellulose fibre cavity insulation reduced
the fire resistance rating. Kodur and Sultan [2] conducted 14 full-scale fire tests of load bearing LSF wall
panels and found that the insulation type, number of gypsum board layers and stud-spacing have a
significant influence on the fire resistance of steel wall assemblies. They also found that LSF wall
assembly without insulation provides higher fire resistance compared to cavity insulated LSF wall
assembly. Feng et al. [3] conducted eight small-scale fire tests of non-load bearing wall panels to
investigate the thermal performance of cold-formed steel channel sections under standard fire conditions.
They found that the thermal performance of these steel channel wall panels was not affected by the type
of insulation and that the thermal performance of wall panels improved with the use of cavity insulation.
In summary, past research has provided varying results about the benefits of cavity insulation to the
fire rating of LSF wall systems. Extensive research has been undertaken on the fire performance of LSF
walls with various configurations in the USA and Canada. However, only limited research has been
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undertaken on the fire performance of LSF wall systems used in Australia. Kolarkar and Mahendran [4]
developed a new composite LSF wall panel system in which a thin insulation layer was used externally
between plasterboards instead of the conventional cavity insulation located within the stud space. Since
the new composite LSF wall panels have an external insulation layer between the plasterboards, they also
provide climate control and acoustic benefits. Figure 1 shows the new composite LSF wall system [4].
Plasterboard
Studs

Cavity

Insulation
Figure 1. New composite LSF wall panel [4].

Kolarkar and Mahendran [4] found that composite LSF wall panels provided a better quality thermal
envelope than the cavity insulated LSF wall panels. Kolarkar [5] conducted a series of fire tests to
investigate the thermal performance of load bearing LSF wall panels made of the new composite panels
under standard fire conditions. However, numerical studies of the thermal performance of these load
bearing LSF wall panels have not been conducted. Hence they were performed to investigate the thermal
performance of the new load bearing LSF wall panels under standard and realistic design fire conditions.
The numerical analyses also included the traditional LSF wall systems with and without cavity insulation
to investigate the differences in their thermal performances. This paper presents the details of the
numerical study of the thermal performance of load bearing LSF wall panels under fire conditions. It
includes the details of finite element models of load bearing LSF wall panels, the thermal analysis results
under standard and real design fire conditions, and their comparisons with experimental results.

2 THERMAL PROPERTIES OF GYPSUM PLASTERBOARD, INSULATION
MATERIALS AND STEEL
2.1 Gypsum Plasterboard
In order to develop suitable finite element models of Australian gypsum plasterboard, thermal
properties of gypsum plasterboard were summarized based on a series of experimental results [6] and past
research [7,8]. These proposed thermal properties were used in the finite element models (SAFIR) [9].
Figure 2(a) shows the proposed thermal conductivity of gypsum plasterboard. In order to include the
effect of ablation, the thermal conductivity of plasterboard was modified to 0.80 W/m/K at 1000ºC.
Past research showed some discrepancy in relation to the second dehydration reaction. However, it is
concluded that the first and second dehydrations occur at 100 to 150ºC and 150 to 200ºC, respectively,
based on our experiments [6]. Decomposition of Calcium Carbonate occurs at 670ºC, which is similar to
Wakili et al.’s [10] observation. These outcomes including the third peak to simulate the effect of
decomposition of Calcium Carbonate were used in the proposed specific heat versus temperature curves.
At about 400ºC, an exothermic reaction occurs, in which the molecular structure of the soluble crystal
restructures into a lower insoluble energy state (Figure 2b). This observation is simliar to Manzello et
al.’s [11] findings. Figure 2(b) also shows the proposed specific heat values as a function of temperature
and compares them with test and other researchers’ specific heat values [7,8] while Figure 2(c) shows the
relative density values as a function of temperature and compares them with test and other researchers’
relative density values [7,8,12]. Further details of the proposed thermal properties of plasterboards are
given in [6]. The specific volumetric enthalpy of gypsum plasterboard is given by the area under the
specific heat multiplied by the density versus temperature curve as shown in Equation (1). The proposed
specific volumetric enthalpy values were used as input to SAFIR [9] in our thermal analyses.
T

E (T )   C P (T ) (T )dT
TA
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where E(T) is the specific volumetric enthalpy in J/m3 at temperature T, Cp(T) is the specific heat
(J/(kgºC)) and ρ(T) is the density (kg/m3) at temperature T, and TA is the ambient temperature. Keerthan
and Mahendran [6] recommended a convective coefficient (h) of 25 W/m2/K for the exposed side of
plasterboard and 10 W/m2/K for its unexposed side. They recommended 0.9 as emissivity of plasterboard
for both exposed and unexposed surfaces. When the proposed thermal properties were used as input to
SAFIR, the2.0 time-temperature profiles agreed well with Kolarkar’s [5] fire test results.
Thermal Conductivity (W/m/ oC)
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(a) Thermal conductivity

(b) Specific heat

(c) Relative density
Figure 2. Proposed thermal properties of plasterboard.

2.2 Insulation Materials
The new composite LSF wall system was developed with glass fibre or rockwool or cellulose fibre
insulation sandwiched between the plasterboard layers. Glass wool is formed from molten glass (silicate)
fibres and is currently the most commonly used insulation in Australia, particularly in residential
construction. Rockwool insulation typically provides much higher levels of insulation being formed from
basalt or iron ore blast furnace slag to provide higher density. In order to develop suitable finite element
models of composite panels, thermal properties of insulation were summarized based on our experimental
results and past research work [13-15]. When the proposed thermal conductivity and specific heat values
of rockwool, glass fibre and cellulose fibre were used as input to the numerical models based on SAFIR
[9], the time-temperature profiles agreed well with fire test results from Kolarkar [5]. Figure 3 shows
proposed thermal conductivities of insulations. Further details of the proposed thermal properties of
insulation materials and the specific heat test procedure used in the testing of plasterboard and insulation
are reported in Keerthan and Mahendran [16].

(a) Rockwool

(b) Glass Fibre

Figure 3. Proposed thermal conductivity of insulation.
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2.3 Steel
The temperature increase of a steel member is a function of its thermal conductivity and specific heat
of steel. The precision in the determination of thermal properties of steel, such as specific heat and
thermal conductivity, has little influence on the thermal modelling of LSF walls under fire conditions
since steel framing plays a minor role in the overall heat transfer mechanism of the LSF wall assembly
[15]. The properties of steel within the SAFIR code are obtained from those given in Eurocodes [17].

3 EXPERIMENTAL STUDIES OF THE THERMAL BEAHVIOUR OF LOAD
BEARING LSF WALL PANELS
In order to investigate the thermal performance of load bearing LSF wall panels, 10 fire tests of full
scale panels of dimensions 2400 mm x 2100 mm were conducted by Kolarkar [5] and Gunalan [18]. The
wall assemblies typically consisted of four commonly used cold-formed steel lipped channel section studs
(90x40x15mm) spaced at 600 mm. The studs were fabricated from galvanized steel sheets (G500) having
a nominal base metal thickness of 1.15 mm and a minimum yield strength of 500 MPa. Test specimens
were built by lining the test frames with one or two layers of gypsum plasterboards manufactured by
Boral Plasterboard under the product name of Firestop. All the plasterboards used were 1200 mm in
width and 2400 mm in height with a thickness of 16 mm and a mass of 13 kg/m 2. There were three groups
of wall specimens made of (1) no insulation (2) cavity insulation and (3) external insulation (composite
panels). Three insulation materials, glass fibre, rockwool and cellulose fibre were used. Tests were
conducted using the standard fire curve given in AS 1530.4 [19]. One face of the test specimens was
exposed to heat in a propane-fired vertical gas furnace. Time-temperature profiles at various locations
across the specimen thickness were measured during the tests using thermocouples. Table 1 shows the
failure times of test specimens. Kolarkar [5] provides a full description of these tests while this section
provides their important details and some results. Experimental studies showed that LSF walls with
external insulation provided a greater fire protection than those with cavity insulation. The composite
panel with rockwool insulation (Test Specimen 7) failed earlier due to the lack of space for thermal
expansion. Its failure time was predicted as 153 minutes based on finite element analyses [18].
Table 1. Failure times of LSF wall test specimens [5,18].
Load
Ratio

Insulation

Failure
Time (min)

1

0.2

None

53

2

0.2

None

111

3

0.2

Glass Fibre (Cavity)

101

4

0.2

Rock Fibre (Cavity)

107

5

0.2

Cellulose Fibre (Cavity)

110

6

0.2

Glass Fibre (External)

118

7

0.2

Rock Fibre (External)

136*

8

0.2

Cellulose Fibre (External)

124

9

0.4

Glass Fibre (External)

108

10

0.4

Rock Fibre (External)

134

Test No.

Configuration
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4 NUMERICAL STUDIES OF THE THERMAL BEHAVIOUR OF LOAD BEARING
LSF WALL PANELS
4.1 General
This section presents the details of the numerical studies into the thermal behaviour of the tested load
bearing LSF wall panels and their results. Recently many numerical heat transfer models have been
developed [9,15]. There are also many general finite element packages that can be used for thermal
analyses. The finite element model employed in this study to predict the thermal behaviour of load
bearing LSF wall panels was based on SAFIR [9]. SAFIR is a special purpose finite element program for
the analysis of structures under ambient and elevated temperature conditions. In this research the GID
software was used to create the input file for the models as well as analysing the model output results.
4.2 Thermal boundary conditions and material properties
The heat flux at the boundary will be calculated from the temperature of the fire curve Tg and the
temperature on the surface Ts according to Equation (2).
(2)
q  h(T  T )   (T 4  T 4 )
g

s

g

s

where q is the total heat flux, ε is the relative emissivity, σ is the Stefan–Boltzmann constant
(5.67E−08W/m2/K4), Tg and Ts are the gas and surface temperatures, respectively. For fire exposure to the
standard cellulosic curve, Tg = 345log(8t+1)+20. Convective heat transfer coefficient (h) is approximately
25 W/m2K on the fire exposed side, and it is 10 W/m2K on the unexposed side. Emissivity of 0.9 was
used for both exposed and unexposed surfaces. Default thermal properties (specific heat and thermal
conductivity) for both Type X and Type C gypsum plasterboards within SAFIR are based on Cooper’s [8]
research. However, the proposed thermal properties in Section 2 were used in this research. In order to
investigate the thermal performance of load bearing LSF walls, finite element models of Kolarkar’s [5]
test wall panels were developed. Figure 4 shows the finite element models of Test Specimen 7. Here three
voids were created to transfer the heat through radiation and convection. Elements surrounding an
internal void were assigned in the counter clockwise direction. The developed finite element models were
validated using the results obtained from fire tests of load bearing LSF walls in [5].

Figure 4. Finite element modelling of LSF wall panel.

4.3 Validation of finite element models of LSF walls using fire test results
It is necessary to validate the developed finite element models for the thermal analyses of load
bearing LSF walls. This was achieved by comparing the time-temperature profiles with the corresponding
fire test results of load bearing LSF walls [5]. Figures 5 (a) to (d) and Figure 6 show the finite element
analysis (FEA) results in the form of temperature versus time for selected load bearing LSF wall
specimens and compare them with corresponding test results [5]. The average temperature profiles of the
studs were considered in the comparison of test and FEA results. These figures indicate that the
developed finite element models predict the time-temperature profiles of load bearing LSF walls with
good accuracy. Comparisons were also made for other LSF wall specimens and a similar level of
agreement between FEA and test results was obtained in all the tests.
Finite element analyses clearly show that the temperature gradients across the steel studs and
associated thermal bowing effects are larger when cavity insulation is used in comparison to other cases
(Figure 5(c)). Hence it is considered that the use of cavity insulation is detrimental to the fire rating of
walls as also shown by fire tests. Figure 5(d) shows that the new composite LSF wall panels using
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external insulation lead to reduced temperatures in steel studs at any given time and a more uniform
temperature distribution across their cross-sections, thus producing minimum early lateral deformation
(thermal bowing). For example, the results show that in Specimen 4 with rockwool cavity insulation the
hot (HF) and cold flange (CF) temperatures are 590 oC and 227oC after 100 minutes while in Specimen 7
with rockwool external insulation they are 293oC and 192oC (Figures 5 (c) and (d)). Hence it is clear that
the use of external insulation is able to provide much greater thermal protection to LSF steel studs than
cavity insulation. All of these findings thus confirm the observations made in Kolarkar’s fire tests [5]. It
is noted that load bearing LSF walls exposed to fires are affected by processes not described by heat
transfer such as ablation of plasterboard and insulation, migration of moisture vapours and penetration of
cool ambient air or hot furnace gases into the cavity. These processes were taken into account through
the use of suitable thermal conductivity values for plasterboard and insulations (Section 2).
In summary, the comparisons between FEA and fire test results reported here have established the
validity of the finite element models in simulating the thermal behaviour of full scale load bearing LSF
walls and the accuracy of the values used for relative emissivity, convective coefficient and other thermal
properties. The results from FEA also produced valuable time-temperature data and an improved
understanding of the thermal performance of load bearing LSF wall panels using cavity and external
insulations. Figure 7 shows the temperature distributions across the cross-section of Test Specimens 2
and 7 (Rockwool external insulation).

(a) Test 1 (Single plasterboard)

(b) Test 2 (Double plasterboard)

(c) Test 4 (Cavity insulation)

(d) Test 7 (Composite panel)

Figure 5. Time-temperature profiles of test specimens (Steel stud).
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Figure 6. Time-temperature profiles of
Test Specimen 2 (Plasterboard).

(b) Test Specimen 7
Figure 7. Temperature distributions of LSF walls under
standard fire conditions.

5 EFFECT OF VARIOUS PARAMETERS ON THERMAL BEHAVIOUR OF LOAD
BEARING LSF WALL PANLES USING NUMERICAL STUDIES
5.1 Geometry of cold-formed steel stud section and stud depth
In order to investigate the effect of the geometry of cold-formed steel stud sections on the thermal
behaviour of load bearing LSF walls, further finite element analyses were conducted. In this study LSF
wall panels made of 90x40x15x1.15 LiteSteel Beams (LSB) and 90x40x15x1.15 Lipped Channel
Sections (LCS) (Test Specimen 2) with double plasterboards on both sides of steel studs were considered.
The LSB is a cold-formed steel hollow flange channel beam produced using a patented manufacturing
process involving simultaneous cold-forming and dual electric resistance welding. Figure 8 shows the
time-temperature profiles of LSB and LCS wall panels while Figure 9 shows their temperature
distributions. Figure 8 indicates that the geometry of the cold-formed steel stud section does not have a
significant effect on the time-temperature distributions in LSF wall panels. Further finite element analyses
were conducted to investigate the effect of stud depth on the thermal behaviour of LSF walls. They also
indicate that the depth of the cold-formed steel member does not have a significant effect on the timetemperature distributions in LSF wall panel systems.
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Figure 8. Effect of stud section geometry on
the thermal performance.

Figure 9. Temperature distributions of LSF walls
under standard fire conditions.

5.2 Real design fire curves
The standard time-temperature curve does not represent the modern accessories in typical residential
and commercial buildings, where they incorporate both traditional wooden furniture and modern items
such as cushion furniture, mattresses, fabric coated partitions and many other items that make use of
thermoplastic materials. Therefore finite element analyses were performed using the recently developed
realistic design fire curves [20] based on the parametric curves in Eurocode 1 Part 1-2 [21]. They were

211

Poologanathan Keerthan and Mahen Mahendran

conducted using the finite element model described in Section 4 and the proposed thermal properties in
Section 2. Figure 10 shows the FEA results in the form of temperature versus time for Test Specimen 2
(Double plasterboards) under the real design curve (EU-0.03) and compares them with corresponding test
results [20]. EU-0.03 fire curve represents an opening factor of 0.03. This comparison shows a good
agreement between the test and FEA results, and thus allows the use of finite element models for LSF
wall panels under other real design fire curves.
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Figure 10. Time-Temperature Profiles of Test Specimen 2 under Real Design Fire Curve (EU-0.03).
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Figure 11. Time - temperature profile of Test Specimen 2 under real design fire curves (EU1 and EU2).

Two Eurocode parametric curves (EU1 and EU2) were also considered in the numerical studies
reported in this section. EU1 and EU2 curves represent the opening factors of 0.02 (EU1) and 0.12 (EU2)
as they cover the entire range, and are conservative. Also EU1 (0.02) and EU2 (0.12) would be the ideal
time-temperature curves for this investigation of load bearing LSF wall panels for real building fires as
they include a rapid (EU2) and a prolonged (EU1) fire curve falling between the two extremes. Figure 11
shows these two Eurocode parametric curves developed for dwellings based on a fuel load density of
1138 MJ/m2 [20,21]. Figures 11 (a) and (b) show the finite element analysis results in the form of
temperature versus time for a load bearing LSF wall panel (Test Specimen 2) under these two real design
fire curves [21] and compare them with those under standard fire conditions. Figure 11 (a) shows that the
LSF steel stud temperatures under real design fires [hot (HF) & cold (CF) flanges, web] are considerably
increased in comparison to LSF wall studs under standard fires. This means that the failure time (fire
resistance rating) deceases from 111 to 73 minutes based on a limiting temperature of 500ºC, ie. 35%
reduction. Figure 11 (a) shows that the time-temperature profiles of load bearing LSF wall panels under
the real design fire curve - EU1 are much higher than those under the standard fire curve while Figure 11
(b) shows that the time-temperature profiles of load bearing LSF wall panels under the real design fire
curve - EU2 are lower than those under the standard fire curve. It is clear from Figure 11 (a) that real
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design fires such as EU1 can cause severe damage to LSF wall panels protected by two plasterboards than
standard fires. However, real design fires such as EU2 will not cause severe damage to these wall panels
than standard fires (Figure 11 (b)).
Hopkin et al. [22] stated that thermal properties of gypsum plasterboard depends on heating rate and
can result in inaccuracies when they were used in the simulation of temperature development under
natural fire conditions. The likely cause of this is the relationship between heating rate and other
behaviours such as moisture flow, ablation and cracking. Hence detailed experimental and numerical
studies will be undertaken to investigate the effect of rapid real fires on the thermal performance of LSF
wall panels.

6 CONCLUSIONS
This paper has presented the details of a numerical study on the thermal performance of load bearing
LSF wall panels that included both the conventional cavity insulated and the new composite panel walls.
It included the details of the developed finite element models of load bearing LSF wall panels, the
thermal analysis results from SAFIR under standard fire conditions and their comparisons with fire test
results obtained by Kolarkar [5]. A good comparison with fire test results showed that accurate finite
element models can be developed and used to simulate the thermal behaviour of full scale load bearing
LSF wall panels with varying configurations of cavity and external insulations and plasterboards. For this
purpose the proposed thermal properties of plasterboard, insulation materials and steel given in this paper
should be used. Experimental and numerical studies showed that the use of cavity insulation was
detrimental to the fire rating of walls. It not only led to higher temperatures in the steel studs, but also to
larger temperature gradients across their depth and increased thermal bowing effects. In contrast, the use
of external insulation led to lower temperatures and a more uniform temperature distribution in the steel
stud cross-sections at any given time, thus providing greater thermal protection to the walls. Finite
element analysis results showed that the shape and depth of the cold-formed steel stud cross-sections did
not have a significant effect on the temperature distributions in load bearing LSF wall panels. The use of
real design fire conditions based on Eurocode parametric curves in the numerical studies showed that
some real building fires can cause severe damage to LSF wall panels than the standard fire specified in
various fire codes while other real building fires are not as severe as the standard fire.
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Abstract. Fire is often the dominant design criterion for aluminium Structures. Present design rules
neglect both the decrease in susceptibility to local buckling and the effects of creep that are intrinsic to
aluminium and may therefore either under or over predict the temperature of failure depending on the
load and exposure period. As part of a larger research program aimed at remedying this situation, the
present paper reports the results of an experimental study on 28 aluminium SHS members with varied
cross-sections, temperature(-gradient)s and heating rates loaded in bending. The experimental setup is
novel itself and employs an electric heating tube or “sock” on the inside of the specimen as well as
heated supports and load application point, delivering a high degree of control of temperature in time
and a consistent temperature in space.

1 INTRODUCTION
Fire is often the dominant design criterion for lightweight aluminium structures such as helicopter
platforms and atria. In aluminium constructions, direct contact to the flames is generally prevented by
designing structures to be far from potential sources of heat, insulation or active cooling measures.
Relatively modest temperature rises still require careful design using accurate design rules as over half
the strength of aluminium is lost in the temperature range of approximately 175-300°C. Present design
rules are inspired by steel standards and neglect aluminium's decrease in susceptibility to local buckling
that is intrinsic to it as a consequence of its stiffness declining much more slowly with temperature than
its strength [1]. This positive effect is counteracted by the action of creep, which is the continued straining
of a material under a load that remains constant. The rate of creep is a function of both temperature and
load. Experiments presented in the present paper indicate a significant reduction in carrying capacity of
especially ductile sections subjected to bending at a temperature of approximately 300°C.
The aim of the paper is to provide experimental data that investigates the effect of elevated
temperatures on the local buckling behaviour of beams subjected to bending with a varying moment in
the length direction. Columns were already considered in an earlier study[2],
Two different types of experiments were performed on a total of 28 aluminium AA6060-T66
beams: For the first type, termed the steady state test, the specimen is heated to, and then kept at, a
predetermined temperature. Then the beam is subjected to an increasing deformation at the centre of the
3-point bending setup and the resulting force and rotations are measured. This type of test might be less
well suited for aluminium structures as it does not reproduce well the effects of creep in a real fire. The
second type of experiment, The transient state test, seeks to remedy this by first applying a load between
45-75% of the room temperature strength F0.2, and then increasing the temperature at a rate corresponding
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to either a 30 or 120 minute fire, at 10°C/min and 2.5°C/min, respectively. This mimics the action of a
real fire on an insulated aluminium structure where a static load in the same range is always present and
the structure is slowly heating up.

2 DESCRIPTION OF THE SETUP
The profiles were heated from within by means of a purpose made “heating sock” constructed from a
ceramic welding blanket with 8 electric resistance heater strips attached to the sides and stuffed with
ceramic insulation wool. A 2 cm layer of insulation was also applied to the outside of the specimens to
increase the maximum temperature and reduce (spatial) temperature variation.
Placing the heating system inside the specimen simplified the support and load application point in
the setup. Moreover it facilitated sensor placement and improved temperature consistency. All
experiments were performed on the 3-point bending setup as depicted in fig. 1a.

(a) Total Experimental setup.

(b) Detail showing rotation sensor,(square on the left)
heated roll support, heating sock with electric leads and a
protective casing for the laser displacement sensor
measuring the support deflection (aluminium column with
clamps)

Figure 1 Experimental Setup. No insulation was applied to the outside for this room temperature
experiment.
The specimens were freely supported and a deflection or constant load was applied at centre span via
a steel saddle. Both the saddle and the supports were electrically heated to the same profile as the
specimen to minimize heat loss and temperature differences in the length and cross-section of the beam.
Temperatures were measured at 32 locations by type T class a thermocouples. A computer PI-algorithm
was used to continuously control the electric heater power directed to the individual sides of the
specimen, the supports and the saddle.
The setup was designed to limit and/or dissipate heat flowing to the reaction frame to allow for
accurate measurements. The load application saddle at centre span was fitted with a 1 cm layer of
calcium silicate plate insulation to further reduce temperature differences in the part of the beam with the
maximum moment.
Reaction forces to the roll-supports were also measured to verify symmetry. The heated support-rolls
were attached to large steel profiles by 6 cm long stainless steel threaded rods These steel profiles acted as
radiators, limiting temperature changes at the 2 load cells at either end (4 reaction load cells in total). The

216

O. R. (Ronald) van der Meulen, Frans Soetens and Johan Maljaars

steel profiles could be easily moved to change the length between the supports and thus the gradient of
the moment.

3 MATERIAL PROPERTIES
An extensive study to the material properties of aluminium alloy AA6060-T66 was performed by[4]
This includes data on the creep behaviour of the material. This data will be used to reproduce the
experiments presented in the present paper in a future finite element analysis. In order to compare
experiments performed at different temperatures, all results are normalized to their respective moment
Mș ,force Fș and URWDWLRQ ĳș at the 0.2% proof stress fș at the given temperature. These
quantities were calculated from:
ܯ.ଶ,ఏ = ܹ ݂.ଶ,ఏ
ܨ.ଶ,ఏ = 4 ܯ.ଶ,ఏ /( ܮെ )ܦ


ା

߮.ଶ,ఏ = ாబ.మ,ഇ ቀுି௧ ቁ
బ.మ,ഇ

where ܹ is the elastic section modulus,  ܮis the length between the supports and ܦis the length of
constant moment at the load application. (Equal to the length of the load application insulation plate) The
Young's modulus of aluminium alloy AA6060-T66 at elevated temperatures was measured by [3] and for
the specific beams used in the experiments by the author. All these measurements correspond well with
the tabulated stiffness values of Eurocode [4], and these are used therefore. Measurements on the 0.2%
proof stress ݂.ଶ,ఏ were also performed on a Gleeble 3800 thermo mechanical simulator. Values found
were higher that the lower bound values of [4]. The values are plotted in figure 2 together with fitted
equations for each different thickness of aluminium as used in the experiments independently. Figure 3
shows an example of the stress-strain curves obtained and clearly shows the effect of creep; well before
the onset of necking the stress-strain curves is decreasing. Curve-fits represent LSE fits to the general
shape of equation as proposed by Kandare[5], which was found to be in excellent agreement with
available data:
݂.ଶ,ఏ =

݂.ଶ,ఏୀ ݂.ଶ,ఏୀ
െ
tanh[ܥଵ (ߠ െ ߠହΨ )]
2
2

where ݂.ଶ,ఏୀ is the fictitious value of the 0.2% proof stress at 0°C, introduced to have the Kandare
equation pass through ݂.ଶ at 20°C. Its value is defined by
݂.ଶ,ఏୀ = ݂.ଶ,ఏ

1 െ tanh[ܥଵ (20 െ ߠହΨ )]
2

The values ߠହΨ and ܥଵ are curve-fitting constants. ߠହΨ indicated the temperature where the 0.2%
proof stress is reduced by 50% from its room temperature value. In Table 1, these parameters may be
found.
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Table 1 Curve-fitted parameters for Kandare equation for 0.2% proof stress as a function of temperature.
R2 is the residual sum of squares.
݂.ଶ
݂.ଶ,ఏୀ
ߠହΨ
ܥଵ
(N/mm2)
(N/mm2)
(°C)
(1/°C)
R2

van der Meulen 3 mm
van der Meulen 4 mm
van der Meulen 5 mm
Maljaars

256.0
217.3
222.5
206.3

262.4
230.8
224.4
217.5

239.7
215.6
255.0
224.7

8.4490·10-3
7.2640·10-3
1.0140·10-3
7.2500·10-3

0.9947
0.9990
0.9930
0.9835

N
f 0. 2,θ ( mm
2 )

300

200

EN 1999-1-2 (2007)
van der Meulen 3 mm
van der Meulen 4 mm
van der Meulen 5 mm
Maljaars (2007, 2008)
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Figure 2. 0.2% proof stress ݂.ଶ,ఏ of steady state tests as a function of temperature along with fitted
equations
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Figure 3. Example of stress-strain curves as obtained in tensile test at elevated
temperature. Necking did not occur before a true strain of 0.15. The results of
141A/B at 300°C are shown.
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4 EXPERIMENTAL PROGARM
In total 28 different aluminium square hollow sections were subjected to bending tests. Three
different nominal thickness values were used with identical nominal outer dimensions. Per thickness, all
sections are originating from the same manufacturing batch. Both material and geometric properties are
consistent therefore. Geometric properties were measured and are defined in figure 4, The values for the
different variables are given in tables 2 and 3, for constant temperature and constant load experiments,
respectively.

t1
t2

t3

t4

2.3 m
L
D

H

B

F/U

(a)Cross-section

(b) Lenght of the beam (not to scale)

Figure 4. Cross-sectional properties definition

Table 2. Constant temperature test properties. Double temperatures indicate an applied linear gradient
over the height of the beam, the highest temperature is at the tensile flange.
M0.2
ʔ0.2
t1
t2
t3
t4
H
B
D
L
Temperature
2
Name
kN
rad·10
mm mm mm mm
mm
mm
mm
m
°C
135A
9.60
8.11
2.90 3.04 2.99 2.90 99.94
99.93 151.0 2.0
20
131B
9.75
8.12
3.05 3.00 3.00 2.89 99.91
99.96 150.0 2.0
20
134A
4.49
4.87
2.90 3.03 3.01 2.89 99.92
99.94 152.0 2.0
250
133A
2.60
3.24
2.90 3.00 2.98 2.91 99.85
99.86 149.0 2.0
300
134B
5.38
5.58
2.91 3.06 2.98 2.89 99.94
99.95 150.0 2.0
229-250
135B
3.98
4.46
2.90 3.04 2.98 2.89 99.92
99.94 150.0 2.0
262-300
144B 10.31
6.97
3.95 3.93 4.10 4.12 99.94
99.90 145.0 2.0
20
141B
4.14
3.57
4.08 4.12 3.96 3.90 99.99
99.91 146.0 2.0
250
145A
4.14
3.57
4.12 3.96 3.90 4.09 99.99
99.91 146.0 1.0
250
141A
2.49
2.46
4.08 4.12 3.96 3.90 99.99
99.91 146.0 2.0
300
145B
4.91
4.09
4.12 3.98 3.92 4.25 99.90
99.96 150.0 2.0
229-250
143A
3.30
3.05
4.11 3.95 3.90 4.09 99.90
99.95 150.5 2.0
273-300
151B 12.13
7.19
4.81 4.75 4.82 4.88 100.03 100.01 151.5 2.0
20
154B
6.49
4.95
4.74 4.83 4.86 4.79 100.01 100.02 157.5 2.0
250
154A
6.48
2.64
4.74 4.82 4.85 4.79 100.00 100.03 150.0 1.0
250
151A
4.29
3.74
4.79 4.75 4.83 4.86 100.03 100.01 152.0 2.0
300
153A
7.33
5.37
4.73 4.82 4.86 4.79 100.01 100.03 151.0 2.0
231-300
152A
6.21
4.8
4.82 4.85 4.80 4.73 99.99
99.95 152.0 2.0
256-300
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Table 3. Constant load, increasing temperature geometric properties
ĳ0.2
t1
t2
t3
t4
H
B
D
L
rad·102 mm
mm
mm
mm
mm
mm
mm
m
8.11
2.90 3.01 3.00 2.90 99.92
99.92 148.0 2
8.11
2.91 3.04 2.98 2.89 99.92
99.93 149.5 2
8.11
2.90 3.01 2.99 2.89 99.92
99.90 148.0 2
6.98
3.96 3.92 4.08 4.09 99.94
99.90 149.0 2
6.98
4.11 3.95 3.90 4.09 99.90
99.95 150.0 2
6.98
3.96 3.92 4.08 4.09 99.94
99.90 149.0 2
3.73
3.96 3.91 4.10 4.12 99.95
99.90 150.0 1
7.18
4.83 4.86 4.79 4.72 100.00 99.96 147.0 2
7.19
4.74 4.82 4.86 4.80 100.00 100.03 150.0 2
7.19
4.79 4.73 4.83 4.86 100.02 99.99 150.0 2

F0.2
kN
17.9
17.8
17.8
19.2
19.1
19.2
35.9
22.6
22.6
22.5

Name
132A
131A
132B
142A
143B
142B
144A
152B
153B
155A

F/F0.2
0.458
0.628
0.459
0.531
0.739
0.538
0.558
0.588
0.782
0.565

Rate
°C/min
10
10
2.5
10
10
2.5
10
10
10
2.5

5 EXPERIMENTAL RESULTS
5.1 Temperature distribution
The setup was able to control the temperature of the beam very accurately and according to a constant
or increasing temperature profile. This is illustrated in figure 5a. An example temperature distribution
along the length of the beam is given in figure 5b. It may be observed that towards the ends of the beam
the temperature is lower, but the centre section, where buckling occurs, it is at a constant temperature.
Error markers reflect the maximum combined error of the measurement system and thermocouples and
the variation in time during the time that the force in the beam is above 90% of the ultimate force as
measured. (And the temperature is held constant.)

temperature ( o C)

T emperature ( o C)

300
200
100
0

20

30

40
50
Time (min)

60

280

260
Supp.

70

(a) Temperature profile, 4 indistinguishable lines depict
the temperature of the 4 sides of the specimen at centre
span. 1 (dashed) line indicates the desired and
programmed profile.

300

− 0.5

Load

0.5

Supp.

Position ( m)

(b) Temperature distribution along the length of the
beam. The temperature of the beam is controlled by the
temperature at centre span

Figure 5 Temperature distribution as measured.

220

O. R. (Ronald) van der Meulen, Frans Soetens and Johan Maljaars

5.2 load/Temperature - rotation plots
5.2.1 Steady state tests
In this section a summary of the data obtained in the experiments is offered. In figure 6 on the left hand
side. The normalized moment is shown as a function of the normalized rotation. The normalization was
performed using the values quoted in table 2 and 3. For both the 3 and 4 mm sections, the constant
temperature experiments show that the normalized moment is increased from its room temperature value
to a higher value at 250°C. It is noted that the absolute strength and moment decreases with temperature,
but less than 0.2% proof stress. This is in line with the expected increase in stability against local
buckling. For the 5 mm thick specimens, such an increase is not observed and a considerable decrease is
observed instead. This might be caused by the fact that an increase in stability does not lead to a higher
normalized maximum moment for this relatively stocky cross section (The 3, 4 and 5 mm beams are of
cross-sectional class 4, 3 and 2, respectively). A decrease in maximum strength due to creep is possible,
lowering the maximum normalized moment instead. Further research is required however.
5.2.2 Transient state tests
On the right hand side of figure 6, the normalized rotation as a function of the steadily increased
temperature is shown. These figures show expected results, and serve as a calibration and verification of
the finite element simulations to be performed. The graphs show that for higher loads the temperature
where runaway failure occurs is lower. Also lowering the heating rate leads to an increase in creep and a
lowering of the failure temperature. This is because the specimen is subjected to high temperatures for a
longer time.
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Figure 6. Summarized test data from experiments performed. ܽ = ܹ /ܹ
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6 CONCLUSIONS
An experimental study was presented to the strength and stability of aluminium beams subjected to
three point bending at elevated and ambient temperatures. An in-depth analysis of the results and finite
element simulations using advanced creep models remain to be performed, but from the experimental
evidence obtained it seems clear that a lower reduction for local buckling is required for slender sections
at temperatures up to approximately 250°C, as they become less susceptible to local buckling because
their 0.2% proof stress is reduced more rapidly with temperature that their stiffness. This may be
exploited in more accurate design rules. For stocky sections this may not be the case. For higher
temperatures an unexpectedly large decrease in normalized strength is encountered. This is attributed to
creep and warrants a closer investigation as it may prove to be unconservative as compared to present
design rules.
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Abstract. This paper presents an approach for evaluating the residual strength of fire exposed steel
bridge girders. For developing this approach, a set of numerical studies is carried out on typical steel
girders using the finite element computer program ANSYS. The analysis is performed in two stages,
namely during exposure to fire and then after cooling of the bridge girder. In the first stage of analysis,
thermal and structural response of the bridge girder is traced under specified fire exposure and loading
conditions. In the second stage (after the bridge girder cools down), the girder was loaded to failure to
evaluate the residual capacity of the girder. Results from numerical studies indicate that the maximum
fire temperature (and associated temperature in steel) is the most critical factor that influence the
residual strength of fire exposed bridge girders. A girder exposed to typical external fire conditions, with
maximum fire temperatures reaching 600-700 °C, retains about 70 to 80% of its strength on cooling. On
the other hand, a steel bridge girder exposed to hydrocarbon fire with maximum temperature of about
1100 °C looses most of its strength during heating phase of the fire and experiences failure.

1 INTRODUCTION
In recent years there have been numerous fires in bridges and some of these fires resulted in the
collapse of steel girders [1,2]. Thus, fire hazard in bridges can result in significant economic and public
losses. Following the fires, traffic on fire damaged bridge (routes) is usually hard to detour and
significantly affect the traffic quality in the region. In many cases, fires in bridges burn-out quickly or are
extinguished through fire fighting. Thus structure members, in most cases, might retain much of their
capacity after exposure to a fire, depending on the severity of the fire, fire duration, geometry and
materials used in construction. However, a quick assessment of residual capacity of fire exposed
structural members is necessary before routing the traffic on the bridges. Such an assessment also helps
in developing strategies for retrofitting structural members in bridges.
The residual capacity of fire exposed bridge girder depends on numerous factors which include fire
scenario, permanent degradation of material properties (strength and stiffness), and existence of residual
deformations [3].
A review of literature indicates that there is lack of information on the post-fire strength assessment
of bridge girders [4]. But, there are limited studies on the residual strength of fire exposed building
elements. These studies considered the effect of reversible material properties (thermal and mechanical)
in evaluating residual strength of structural members [5,6,7]. However, this information from building
elements might not be directly applicable to bridge girders due to different fire scenarios, loading,
boundary conditions, failure limit state and sectional properties encountered in bridge fires. This paper
presents the development of a numerical approach for evaluating residual strength of fire exposed steel
bridge girders.
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2 FINITE ELEMENT MODEL
2.1 General
To evaluate the residual strength of fire exposed steel girders, a numerical study is carried out using
the finite element computer program ANSYS [8]. This program is capable of handling coupled and
uncoupled thermo-mechanical problems. For the analysis, a typical steel bridge girder comprising of
different structural components, namely steel girder, reinforced concrete slab, and lateral supports, is
selected. Two sets of discretization models were developed for undertaking thermal and mechanical
(strength) analysis. Results from thermal analysis are applied as a thermal-body-load on the structural
model, uniformly along the girder span. The mechanical analysis is carried out in two stages, namely
during fire exposure and after cooling of the girder. High temperature thermal and mechanical properties
of steel and concrete, in both heating and cooling phase, are incorporated in the analysis. Strength limit
state was adopted for defining failure and the failure is said to occur when the girder is unable to resist
the applied load effects.

2.2 Discretization for thermal analysis
For undertaking heat transfer analysis a composite steel-concrete girder, comprising of steel girder
and concrete slab, is discretized in to SOLID70 elements. This SOLID70 is a 3-D element with threedimensional thermal conduction capability and has eight nodes with a single degree of freedom, namely
temperature, at each node. This element is applicable to three-dimensional, steady–state or transient
thermal analysis. The external surface areas of the SOLID70 elements that are exposed to fire from three
sides, were used to simulate the surface effect of convection and radiation that occur from the ambient air
to the steel girder. The discretization adopted for thermal analysis is shown in Fig. 1.
The girder-slab assembly segment AB, that is shown in Fig. 1(b), was meshed with SOLID70
elements. Both (heat) convection and radiation loads were applied at the exposed surface areas of the
solid element. A convection coefficient of Įc= 50 W/(m2°C) and Įc= 35 W/(m2°C) was used in the
thermal analysis under hydrocarbon and external fire respectively and this is based on Eurocode 1 [9]
recommendations. Depending on the exposure boundaries, different values of effective emissivity factor
were used as per Eurocode 1 [9]. Effective emissivity factor of 0.7 was used for the bottom and side
surfaces of the bottom flange of the girder. For the side surfaces of the web, an emissivity factor of 0.5
was used, while a factor of 0.3 was used for top flange and the bottom of the slab. This variation in
emissivity factor is to reflect the fact that the web, top flange and slab will experience slightly less
radiation due to the effect of larger depth of the girder. Stefan-Boltzmann radiation constant of 5.67x10-8
W/(m2°C) was applied in the thermal analysis.
The temperature (T) obtained at various points in the girder, via finite element analysis, were
averaged at every time step by taking the arithmetic mean of the temperatures at several points for each
component (flange, web or slab portion) of the composite section as shown in Fig. 1(c).

2.3 Discretization for structural analysis
For structural analysis, the bridge girder is discretized with two elements, namely SHELL181
element for the bottom flange, web, top flange and bearing stiffeners, and a SOLID65 element for the
concrete slab. SHELL181 element has four nodes with six degrees of freedom per node, three translations
in x, y, and z directions and three rotations about x, y, and z-axes. This element can capture local
buckling of flange and web and also lateral torsional buckling of the girder and therefore is well-suited
for large rotation, large strain and nonlinear problems. SOLID65 has eight nodes with three degrees of
freedom; namely three translations in x, y, and z directions. This element can be used for threedimensional modeling of solids with or without reinforcement and it is capable of accounting for
cracking of concrete in tension, crushing of concrete in compression, creep and large strains. The output
from the thermal analysis (temperatures) can be applied as a thermal-body-load on the structural model to
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(a) Typical girder in a bridge
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(c) Cross section (A-A)

(b) 3-D mesh of segment (A-B)

Figure 1. 3-D discretization of girder cross-section for thermal analysis
evaluate the mechanical response of steel-concrete composite girder. The 3-D structural model and the
meshing adopted in the analysis is shown in Fig. 2(a).
To simulate the boundary conditions in the structural model, the support conditions (of the girder)
were applied on multi-line nodes at the lower face of the bottom flange as shown in Fig. 2(b). This
boundary condition reflects practical scenario, reduces stress concentration at the boundary nodes, and
improves the convergence of the (finite element) solution. Also, to consider continuity effect of the
concrete slab, the slab was restrained from lateral movement.

Lateral restraint

Lateral restraint
Support restraint
(b) Support and boundary condition

(a) 3-D mesh

Figure 2. 3-D discretization of bridge girder for structural analysis

2.4 High temperature material properties
The progression of temperatures in the steel girder, under fire exposure, depends on the fire scenario
and thermal properties of constituent materials, namely thermal conductivity, specific heat and thermal
expansion, which vary as a function of temperature. The mechanical properties of steel and concrete that
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are critical for residual strength assessment of fire exposed bridge girder are yield strength and modulus
of elasticity of steel which vary with temperature. Further, variation of these properties are different in
heating phase as compared to cooling phase.
During heating phase, the temperature dependent thermal and mechanical properties of steel and
concrete are assumed to follow as that of Eurocode 2 and 3 provisions [10,11]. After cooling of the fire
exposed girder, the residual yield strength of steel at room temperature is assumed to be reduced by 0.3
MPa/°C, when steel temperatures reached beyond 600°C [2]. The residual compressive strength of
concrete after cooling is assumed to be 10% less than the strength attained at the maximum temperature.
This assumption is according to Eurocode 4 provisions [7]. However, all the thermal properties of steel
and concrete including; thermal expansion, thermal conductivity and specific heat are assumed to be fully
reversible during the decay phase.

3 MODEL VALIDATION
There is lack of fire test data on the response of bridge girders under fire conditions. Therefore, the
validation of the above developed ANSYS model was carried out on a steel beam-concrete slab assembly
(4.5 m span), typical to that in buildings, tested by British Steel Corporation under ISO 834 fire exposure
[12]. The validation process during fire exposure phase included comparison of both thermal and
structural response predictions from the analysis with that reported in the fire test. The steel beam in this
case was not insulated. The analysis was carried out with the same mesh discretization and high
temperature properties as discussed above.
Fig. 3 shows a comparison of predicted steel temperatures (by the finite element model) with that
measured in the fire test. It can be seen that the top flange of the beam experienced much lower
temperatures as compared to bottom flange. This is due to the “heat-sink” effect of concrete slab that
dissipate the temperature in the top flange because of lower thermal conductivity and higher thermal
capacity of concrete as compared to steel. The web temperatures are slightly higher than that in the
bottom flange and this is due to the fact that thickness of the web is much lower than that of the flanges.
Overall, predicted temperatures from the analysis compare well with measured data from the test. The
slight differences can be attributed to variation of the heat transfer parameters, such as emissivity and
convection coefficients, used in the analysis as compared to actual values encountered in the test
(furnace) [13].
The comparison of mid-span deflections predicted by ANSYS model and those measured in the test
is shown in Fig. 4. It can be seen that the mid-span deflection gradually increases with time at the early
stages of fire (up to 10 minutes). These initial deflections are mainly due to high temperature gradients
that develop across the top and bottom flanges of the steel section and the slight reduction in elastic
modulus of steel resulting from increased temperatures in the girder. After 10 minutes, the rate of
deflection increases slightly due to spread of plasticity that result from faster strength and stiffness
degradation of steel as a result of high temperatures. At about 21 minutes, when the bottom flange and
web temperatures at this point exceed 600°C, the mid-span deflection increases rapidly due to the effects
of high temperature creep. The failure of the girder occurs in about 23 minutes through the formation of
plastic hinge at the mid-span section.
Overall, predictions from the ANSYS match well with the reported test data. The slight variation in
deflections can be attributed to minor variations in idealization adopted in the analysis, such as span
length that is exposed to fire. While the entire span (4.5 m) was exposed to fire in the finite element
model, only 4m span of the assembly was exposed to fire during the test and the support region were
outside the furnace as reported by British Steel. It can be seen that ANSYS model can predict the time to
failure with a good acceptability. For instance the predicted failure time was 22.5 minutes, as compared
to 23 minutes in the test considering deflection limit state as the governing failure criterion.
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Figure 4. Comparison of predicted and measured midspan deflection in beam-slab assembly

Figure 3. Comparison of predicted and measured
cross sectional temperatures in beam-slab assembly

4 CASE STUDY
The validated finite element model was applied to evaluate the residual capacity of the fire exposed steelconcrete composite bridge girder.

4.1 Selection of bridge girder
To evaluate the residual strength of a typical fire exposed bridge girder, a simply supported steel
bridge girder was selected for analysis [13]. The steel bridge comprises of five hot rolled steel girders of
W33x141 supporting a reinforced concrete slab of 200 mm thickness. The steel girder is assumed to be in
full composite action with slab and to be laterally supported by transverse diaphragms at the mid span, as
well as at both ends, to prevent lateral movement as shown in Fig. 5. The bridge girder is 12.2 m in span
length and has two expansion joints at its ends with a width of 36 mm. The girders are fabricated from
Grade 50 steel (yield strength of 350 MPa), while the concrete used in slab has a compressive strength of
30 MPa.
Loading
Concrete slab of 0.20m thickness Steel girder (W33x141)

Diaphragm (lateral support)

Stiffener
(16mm thickness)

2.59 m

2.59 m

1.3 m

Figure 5. Transverse section of the bridge girder near the supports

4.2 Methodology
The numerical analysis is carried out in two stages namely, during fire exposure, and following the
cooling of the girder. Prior to undertaking fire response analysis, the load carrying capacity of the bridge
girder is evaluated by gradually incrementing the load on the girder till failure is attained. For this
analysis, the room temperature mechanical properties for both steel and concrete were considered. In the
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first stage of analysis, the bridge girder was analyzed by exposing the bridge girder to a given fire
scenario and load level. In this stage high temperature material properties for both concrete and steel,
considering the change in material properties in the cooling phase, is considered. Results from the
analysis is utilized to evaluate the state of bridge girder to see if there is failure. Following the cooling
down of the bridge girder, if there was no failure, second stage of analysis was carried out wherein the
bridge girder was loaded incrementally to failure and the structural response of the girder was traced.

4.3 Fire and loading scenarios
For the analysis, three fire scenarios namely, hydrocarbon fire, moderate design fire, and external
design fire were considered to study the effect of fire severity on the residual capacity of bridge girder. In
Case 1, the bridge girder was exposed to hydrocarbon fire, while in Case 2, a design fire exposure was
considered with peak temperature reaching to 800°C, followed by a 60 minutes steady state burning and
then entering decay (cooling) phase. In Case 3 an external design fire with maximum temperature of 680
°C and a 45 minutes steady state burn-out prior to decay phase was used. The time-temperature curves
representing Cases 1, 2, and 3 are shown in Fig. 6.
The structural analysis on the bridge girder was carried out under an applied loading comprising of
dead load plus 30% live load. The self-weight of the girder section (2.0 kN/m) and that contributed from
the tributary area of the concrete slab and wearing surface of the deck (22.5 kN/m) were considered in the
dead load according to AASHTO provisions [14]. For the live load, a uniformly distributed load (9.3
kN/m) representing 0.3 times the live load was applied.

Figure 6. Time-temperature curves for different fire scenarios used in analysis

5 RESULTS AND DISCUSSION
Results from ANSYS thermal analysis are plotted in Fig. 7 to show the temperature distribution in the
steel-concrete composite girder as a function of time for Cases 1, 2, and 3. It can be seen in Fig. 7 that the
top flange temperature in all three cases is much lower as compared to the bottom flange. This is mainly
due to the insulating effect of the concrete slab that dissipates heat from the top flange to the concrete
slab. Also, the temperatures in the web are slightly higher as compared to that in bottom flange and this is
because the web is much more slender (lower thickness) than the flanges and this produces rapid rise in
web temperatures. But after the steady state period and entering the decay phase, the web temperatures
decrease at a faster rate than the bottom flange temperature due to lower thickness of the web as
compared to the flange. In the cooling phase, the top flange looses heat slower as compared to the web
and bottom flange. This is because of the presence of the concrete slab that gains and dissipates heat
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slowly due to lower thermal conductivity and higher specific heat of concrete. Therefore, it takes long
time for the concrete and top flange to cool down.
The large difference in temperatures between the web and mid-depth of the slab leads to significant
thermal gradients across the girder-slab cross section. This thermal gradient is influenced by the fire
scenario (fire severity). For example, at 15 minutes the thermal gradient is 950°C in Case 1, as compared
to 580°C in Case 2 and 480°C in Case 3. In general, higher thermal gradients produce higher thermal
strains at the bottom of the steel girder (and in web), as compared to that in concrete slab. Thus, a
significant curvature (thermal bowing) is developed in the girder, resulting in high thermal stresses even
in a statically determinate girder (unrestrained girder). The developed curvature at the initial stage of fire
exposure is independent of applied load because this curvature results mostly from the thermal gradient
effect. Therefore, the curvature, resulting from the thermal gradients, alone contributes to the deflection
at the early stage of fire exposure. Once steel temperatures exceed 400°C, girder deflections increase
significantly due to degradation of mechanical properties (elastic modulus) of steel.

(a) Hydrocarbon fire (Case 1)

(b) Moderate design fire (Case 2)

(c) External design fire (Case 3)
Figure 7. Temperatures progression in a bridge girder subjected to different fire scenarios
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The structural response of typical bridge girder during fire exposure is illustrated in Fig. 8, wherein
mid-span deflection of the girder is plotted as a function of fire exposure time. These deflection curves
are plotted for the three fire exposure cases that are considered in the analysis. The general trend of the
deflection progression can be grouped in to different stages. At the early stage of the fire exposure, the
mid-span deflection increases due to significant thermal gradients along the cross section of the girder.
During the intermediate stage of fire exposure, mid-span defection increases linearly up to occurrences of
first yielding, which depend on the temperature progression in the girder cross section. Therefore the time
at which yielding occurs is different in different fire exposure cases. After steel temperatures exceed 400
°C during the heating phase of fire exposure, the deflections increase with time at a faster rate due to
spread of plasticity and deterioration in strength and stiffness properties of steel and concrete. During the
steady state burning (when fire temperatures remain constant), the progression of mid-span deflection
slows down significantly due to steady state temperature in the girder (steel) section. However, in Case 1
the mid-span deflection increased continuously till failure since this is under severe fire exposure
(hydrocarbon fire) scenario. Towards final stages of fire exposure (in the cooling phase), the mid-span
deflections in Cases 2 and 3 decreased since the girder temperature reduced significantly. This is due to
recovery of strength and stiffness properties of steel and concrete due to cooling phase of fire.
The effect of fire scenario on performance of the bridge girder can be illustrated by comparing results
from Cases 1, 2, and 3 as shown in Fig. 8. In Cases 2 and 3, the bridge girder survived burn-out
conditions under moderate design fire and external design fire scenario; however the girder failed at 20
minutes under hydrocarbon fire exposure (Case 1). This can be attributed to the fact that the fires in
Cases 2 and 3 are less severe as compared to hydrocarbon fire in Case 1. For instance, the maximum fire
temperature attained in hydrocarbon fire is about 1100°C, (Case 1) as compared to 680°C in the case of
external design fire (Case 3) and 800°C in the case of moderate design fire (Case 2). Also, the heating
rate at early stages is much higher in a hydrocarbon fire, than under external or moderate design fires,
and this produces higher thermal gradients in the section. This differentiation in peak fire temperature and
heating rate between these two fire scenarios lead to slower deterioration in strength and stiffness
properties in steel and concrete under Cases 2 and 3, as compared to Case 1. As a result, bridge girder
sustained the applied load for the entire fire duration under external and moderate fire exposure scenarios
(Case 2 and Case 3).
A summary of the analysis results, including the post-fire residual capacity of the bridge birder under
different fire scenarios are presented in Table 1. The residual capacity (strength) of bridge girder exposed
Table 1. Residual analysis results of fire exposed bridge girder

Max. steel
temperature

Room
temperature
capacity
load (kN)

Case

Fire scenario

Max. fire
temperature

Case 1

Hydrocarbon fire

1100°C

1000°C

4270

Case 2

Moderate fire

800°C

795°C

Case 3

External fire

680°C

670°C

Residual
capacity
load (kN)

% of
original
capacity

4270

Failure
under fire
2974

70%

4270

3579

84%

----

to maximum fire temperature of 800°C (in Case 2) is about 70% of the room temperature capacity, as
compared to 84% residual capacity under fire scenario with 600°C peak (fire) temperature (Case 3). This
is due to higher temperatures reached in the steel section in Case 2, as compared to Case 3. Therefore,
steel (girder) in the case of Case 2 lost about 20% of its room temperature (yield) strength and stiffness
permanently, which occurred mainly due to steel temperatures exceeding 600°C. As a result, the steel
girder in Case 2 regained less stiffness and strength after cooling down to room temperature as compared

232

Esam Aziz, Venkatesh Kodur

to that of girder in Case 3. This resulted in permanent residual strains (deformations), which can be seen
in Fig 9, and this reflects the level of plasticity reached by the girder during fire exposure. The residual
deformation is higher in Case 2, as compared to Case 1, since the steel temperature in Case 2 reached
800°C as compared to 680°C in Case 3. Furthermore, the concrete slab in Case 2 also lost some of its
strength due to spread of temperature in the slab which reached about 500°C as compared to that in Case
3.

Figure 8. Effect of fire severity on the flexural
response of bridge girder during fire exposure

Figure 9. Effect of fire severity on the residual
capacity of fire exposed bridge girder

6 CONCLUSIONS
A nonlinear finite element analysis was applied to evaluate the residual capacity of fire exposed steel
bridge girders. Based on the results of analysis the following conclusions can be drawn:
1. ANSYS can successfully be applied to evaluate the response of fire exposed bridge girders. The
thermal response can be simulated using SOLID70 elements, while structural response can be
simulated using SHELL181 and SOLID65 elements.
2. Type of fire exposure and fire severity has significant influence on the resulting residual capacity
of fire exposed steel bridge girders.
3. A bridge girder when exposed to external design fire with maximum fire temperature of 680 °C,
has a residual capacity of about 84% as compared to 70% when exposed to moderate design fire
with a maximum fire temperature reaching 800°C.
4. A steel bridge girder experiences failure under fire conditions when the maximum fire
temperatures is around 1100°C, as in the case of typical hydrocarbon fires.
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Abstract. The results of an experimental research on the fire behaviour of slender concrete filled
circular hollow section columns are presented in this paper. In total, the testing program included 14
columns tested under concentric load and 24 columns tested under eccentric load, with eccentricities of
20 and 50 mm. The influence of important parameters affecting the fire behaviour of the columns such as
the concrete grade (C30 and C90), load level (20% and 40%) and type of concrete filling (plain, bar
reinforced and steel fibre reinforced concrete) was investigated. In particular, the performance of high
strength concrete at elevated temperatures and the effect of the addition of reinforcing bars or steel fibres
were observed. Based on the experimental results, the current provisions of EN1994-1-2 for the fire
design of concrete filled steel tubular columns were studied and discussed.

1 INTRODUCTION
Concrete filled tubular (CFT) columns make use of the combined action of steel and concrete
showing an ideal structural performance. While the steel tube confines the concrete core enhancing its
compressive strength, the concrete core prevents the steel tube wall from local buckling. In addition, CFT
columns can reach high fire resistance times without the need of external protection [1-2].
In recent years, the use of high strength concrete (HSC) as infilling in CFT columns has increased,
becoming an alternative to normal strength concrete (NSC) in room temperature design. Nevertheless, the
performance of HSC at elevated temperatures is not well established. It is known that HSC behaves
differently from NSC at elevated temperatures [3], and in some situations spalling can occur affecting its
behaviour, as it leads to a explosive deterioration of the material due to the development of high internal
pore pressures [4]. It is therefore important to evaluate the convenience of using HSC as infilling in
hollow steel columns as spalling can affect their fire resistance. While the fire behaviour of normal
strength CFT columns has been deeply investigated for years [5-11] and numerous experimental
programs have been carried out worldwide for both slender and non-slender columns [12-16], specific
experimental research on slender high strength CFT columns is required, since only a reduced number of
results can be found in the literature. Lu et al. [17] studied the fire resistance of high strength concrete
filled steel tubular stub columns, but did not study slender columns. Only Hass et al. [18], Han et al. [19]
and Kodur & Latour [20] have performed some tests combining HSC and slender CFT columns.
Nevertheless, more results are needed to investigate the influence of the main factors affecting the fire
behaviour of high strength CFT columns.
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This paper presents the results from an experimental research on the fire resistance of slender axially
loaded CFT columns. The influence of parameters such as the concrete grade (C30 and C90), load level
(20% and 40%; 60% in some cases), type of concrete (plain, bar reinforced and steel fibre reinforced
concrete) and load eccentricity was investigated.

2 EXPERIMENTAL INVESTIGATION
In this experimental research, 14 fire tests were carried out on normal and high strength concretefilled tubular columns under concentric axial load and another 24 columns were tested under eccentric
loads, with eccentricities of 20 and 50 mm. The tests were carried out in the fire laboratory of AIDICO
(Instituto Tecnológico de la Construcción) in Valencia, Spain. The aim of the experimental program was
to investigate the effects of four parameters on the fire behaviour of CFT columns: concrete strength (fc),
type of concrete infill (plain, reinforced and steel fibre reinforced concrete, hereafter referred to as C, RC,
FC respectively), load level (μ) and load eccentricity (e).
The column specimens were 3180 mm long, having all of them a relative slenderness at room
temperature higher than 0.5. All the columns had an outer diameter of 159 mm and steel tube wall
thickness of 6 mm. For each column, two ventilation holes of 15 mm diameter were drilled in the steel
tube wall and located at 100 mm from each column end. Steel end plates of dimensions 300×300×15 mm
were welded to the column ends. All the columns were tested under pinned-fixed (P-F) boundary
conditions. The specimens were filled with concrete mixes of 30 MPa (NSC) and 90 MPa (HSC).
The tests were carried out in a 5×3 m furnace equipped with a hydraulic jack with a maximum
capacity of 1000 kN. The columns were placed vertically inside the furnace, fixed at the bottom end and
pinned at the top end. Once the load was applied, it was kept constant and the gas burners were then
activated, following the standard ISO-834 fire curve with unrestrained column elongation.
In order to register the temperature evolution within the cross-section during the fire tests, a set of
five thermocouples were located in the mid-length section of the columns. The axial elongation of the
columns was measured by means of a LVDT located outside the furnace. Figure 1 presents some details
of the experimental setup.

a

b

c

Figure 1. Test setup: a) Specimen inside the furnace, b) Hydraulic jack, c) “Knife” bearing.

The tested specimens with their particular characteristics and resulting fire resistance measured in
minutes are listed in Table 1. In this table, the tested specimens can be identified in this table as follows:
NXXX-T-L-FF-EE-MM (e.g. C159-6-3-30-00-20), where N stands for type of concrete (C = plain
concrete, RC = reinforced concrete and FC = fibre reinforced concrete), XXX is the steel tube outer
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diameter in mm, T the steel tube wall thickness in mm, L the nominal length of the column in meters, FF
the nominal concrete strength in MPa, EE is the load eccentricity in millimetres and MM is the load level
in % of the maximum capacity at room temperature.
Table 1. Test properties and results.

Test
No.
1
2
3
4
5
6
7
8
9
10
11
12
13
14
15
16
17
18
19
20
21
22
23
24
25
26
27
28
29
30
31
32
33
34
35
36
37
38

Name
C159-6-3-30-00-20
C159-6-3-30-00-40
C159-6-3-30-00-60
C159-6-3-90-00-20
C159-6-3-90-00-40
RC159-6-3-30-00-20
RC159-6-3-30-00-40
RC159-6-3-30-00-60
RC159-6-3-90-00-20
RC159-6-3-90-00-40
FC159-6-3-30-00-20
FC159-6-3-30-00-40
FC159-6-3-90-00-20
FC159-6-3-90-00-40
C159-6-3-30-20-20
C159-6-3-30-20-40
C159-6-3-90-20-20
C159-6-3-90-20-40
C159-6-3-30-50-20
C159-6-3-30-50-40
C159-6-3-90-50-20
C159-6-3-90-50-40
RC159-6-3-30-20-20
RC159-6-3-30-20-40
RC159-6-3-90-20-20
RC159-6-3-90-20-40
RC159-6-3-30-50-20
RC159-6-3-30-50-40
RC159-6-3-90-50-20
RC159-6-3-90-50-40
FC159-6-3-30-20-20
FC159-6-3-30-20-40
FC159-6-3-90-20-20
FC159-6-3-90-20-40
FC159-6-3-30-50-20
FC159-6-3-30-50-40
FC159-6-3-90-50-20
FC159-6-3-90-50-40

fc
(MPa)
35.75
28.55
34.05
70.6
68.7
23.9
30
33.7
68.7
77
28.3
26.7
93.1
89.9
35.83
42.17
73.70
74.64
30.50
38.25
79.13
98.32
39
40.38
93.67
96
31
39.50
92.97
91.87
34.67
31.50
87.12
83.04
33.00
37.65
96.99
92.78

Load
t
fy
e
μ
(MPa) (mm) (%) (kN) (min)
337.8
00
20
198
42
337.8
00
40
396
25
337.8
00
60
594
14
341.45
00
20
335
38
341.45
00
40
670
11
337.8
00
20
229
43
337.8
00
40
458
30
337.8
00
60
687
13
337.8
00
20
343
65
337.8
00
40
720
19
337.8
00
20
198
37
334.4
00
40
396
22
337.8
00
20
335
36
334.4
00
40
670
16
--20
20
169
32
332.031 20
40
337
16
332.031 20
20
272
34
343.628 20
40
544
11
--50
20
126
30
365.651 50
40
253
23
365.651 50
20
194
30
365.651 50
40
388
16
357.221 20
20
180
48
357.221 20
40
360
24
357.221 20
20
264
48
386.376 20
40
528
23
386.376 50
20
140
39
386.376 50
40
280
20
315.221 50
20
204
40
315.221 50
40
407
16
315.221 20
20
169
31
337.767 20
40
337
17
337.767 20
20
272
23
337.767 20
40
544
13
318.638 50
20
126
30
318.638 50
40
253
19
318.638 50
20
194
29
326.394 50
40
388
15

The cold formed circular steel hollow section columns used in the experimental program used
S275JR steel grade, nevertheless the real strength (fy) of the empty tubes was obtained by performing the
corresponding coupon tests, and is summarized in Table 1. The mean value of the steel modulus of
elasticity was 210 GPa according to the European standards. Concrete mixtures of normal (30 MPa) and
high strength concrete (90 MPa) were used for the column infill. In order to determine the compressive
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strength of concrete, sets of concrete cylinders were prepared and cured in standard conditions during 28
days. All cylinder samples were tested on the same day as the column fire test. The cylinder compressive
strength of all the tested specimens can be found in Table 1. The reinforced concrete (RC) specimens had
an arrangement of four longitudinal reinforcing bars of 12 mm diameter and 6 mm stirrups with 30 cm
spacing. The geometrical reinforcement ratio was close to a 2.5%. The steel fiber reinforced (FC)
specimens had a proportion of 40 Kg/m3 high strength Dramix 40/60 steel fibers. More details on the
experimental program carried out by the authors can be found in [21].

3 ANALYSIS OF TEST RESULTS
3.1 Centrally loaded columns
Figure 2 shows the evolution of the axial elongation versus the fire exposure time, for all the columns
subjected to concentric axial load. As expected, for both normal and high strength concrete, and for all
type of reinforcements, the higher the axial load level applied, the lower the fire resistance resulted.
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Figure 2. Axial displacement versus time curves for centrally loaded columns: a) C, b) RC, c) FC.

From Figure 2a all the column specimens filled with plain concrete can be compared. It can be
observed that for a certain load level, the fire resistance was lower for the HSC filled specimens, although
it is important to clarify that for the same load level, the HSC cases were subjected to a higher axial load.
It can be observed in Figure 3a that the specimen with a μ=0.4 and filled with HSC (C159-6-3-90-00-40)
had a different behaviour, where the part of the curve corresponding to the contribution of the concrete
core was not found (see [11] for a complete description of the typical failure mode of CFT columns under
fire). This fact was also observed in the RC and FC specimens (Figures 2b and 2c) with the same load
level and concrete strength combination. In all these cases the failure occurred before the load could be
transferred to the concrete core, since its great magnitude made the column fail when the steel tube was
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still sustaining the whole applied load. In general, for the cases which used reinforcing bars (RC), plotted
in Figure 2b, the FRR was higher compared to those filled with plain concrete, resulting specially
improved for the RC159-6-3-90-00-20 (65 min). It is worth noting that all bar reinforced specimens were
tested under a higher axial load (for the same load level) than their plain concrete counterparts, since their
maximum capacity at room temperature was also higher.
However, filling the columns with steel fibre reinforced concrete did not improve their fire resistance,
as can be seen in Figure 2c. In fact, while the axial load applied to these columns was the same than that
of their plain concrete counterparts, a lower fire resistance was obtained in some of the cases. An
explanation can be found in the temperature curves obtained from the thermocouples (not shown in this
paper for simplicity), where a higher temperature was registered in the concrete for the FC specimens,
which can be due to the lower moisture content in the fibre reinforced concrete which affects directly to
the heating up of the column during the early stages of the fire tests. Only for the column specimen with a
higher axial load level and high strength concrete (FC159-6-3-90-00-40) a small increment was observed.
3.2 Eccentrically loaded columns
For those columns subjected to eccentric loads, the results are plotted in Figures 3 to 5 in terms of the
evolution of the axial displacement of the top end of the column along the fire exposure time.
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Figure 3. Axial displacement versus time curves for eccentrically loaded columns filled with plain concrete (C): a) e =
20 mm, b) e = 50 mm.

Obviously, for a certain type of concrete filling, as the load eccentricity was increased, the fire
resistance time decreased, except in those cases where the moisture content or the concrete strength was
found higher in the specimen with the higher eccentricity, producing the opposite effect (see tests 5-1822).
The fire resistance of the HSC specimens was found lower than that of the NSC specimens for the
higher load levels (40%), where in most cases the failure occurred before the load was transferred to the
concrete core, thus not taking advantage of its contribution to sustain the applied load. Nevertheless, for a
20% load level, the difference was not so clear, the HSC specimens producing the same or higher fire
resistance times with a higher axial load applied (except for tests 31 and 33).
From Figures 3 and 4, it can be inferred that the addition of reinforcing bars produced a benefit in the
fire resistance, helping in some cases to avoid a premature failure of the column (see tests 24-26 versus
16-18), since the reinforcing bars improved the resistance of the concrete areas into tension, allowing the
concrete to sustain the load for a certain time.
From Figure 5 it becomes clear that no special benefit was obtained though the addition of steel
fibres, which leads to the same conclusion that was obtained for the centrally loaded specimens.
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Figure 4. Axial displacement versus time curves for eccentrically loaded columns filled with bar reinforced concrete
(RC): a) e = 20 mm, b) e = 50 mm.
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Figure 5. Axial displacement versus time curves for eccentrically loaded columns filled with fiber-reinforced concrete
(FC): a) e = 20 mm, b) e = 50 mm.

Therefore, it can be concluded that for slender CFT columns no special benefit in the fire resistance is
found through the addition of steel fibers, while the use of reinforcing bars can improve the fire
performance of these columns under both concentric and eccentric loads, in some cases modifying their
failure mode and allowing the contribution of the concrete core to sustain the load.
Regarding the use of high strength concrete, no particularities were encountered in the corresponding
fire tests, without finding any evidences of the phenomenon of spalling, since in this type of columns the
concrete core is protected from a direct exposure to the fire by means of the steel tube.

4 STUDY AND DISCUSSION OF EUROCODE 4
4.1 Centrally loaded columns
In this section, the test results will be employed to study and discuss the current provisions of
EN1994-1-2 [22]. This standard provides a method for calculating the fire resistance of CFT columns
subjected to concentric and eccentric axial loads in its Annex H. The field of application of the method is
C20/25-C40/50, so only columns with concrete cubic strength under 50 MPa can be calculated,
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nevertheless the application of the method for HSC specimens will be intended here in order to check its
validity in this range of concrete strengths.
There is also a general simple calculation model for composite columns present in EN1994-1-2
(Clause 4.3.5.1), nevertheless the values of the reduction coefficients depending on the effect of the
thermal stresses are not specified in the code for CFT columns. In the absence of predefined values, a
common approach in practice is to take them as equal to unity [23]. Both methods will be studied here,
where EC4 stands for the general method in Clause 4.3.5.1 and EC4(H) refers to the Annex H.
All the tested specimens were compared with the predictions of the two approaches from EN1994-1-2
[22]. The buckling resistance of the columns at the time of test failure was obtained, and summarized in
Table 2 for concentric load. The errors were computed as the test value divided by the prediction.
Table 2. Comparison of the buckling resistance at the time of failure between EC4 and tests, concentric load.
a) Normal strength concrete (NSC)

Column specimen
C159-6-3-30-0-20
C159-6-3-30-0-40
C159-6-3-30-0-60
RC159-6-3-30-0-20
RC159-6-3-30-0-40
RC159-6-3-30-0-60
FC159-6-3-30-0-20
FC159-6-3-30-0-40

Axial load (kN)
TEST
EC4
TEST/EC4 EC4(H) TEST/EC4(H)
198
257.58
0.77
241.54
0.82
396
490.40
0.81
507.36
0.78
594
706.38
0.84
705.94
0.84
229
352.83
0.65
283.74
0.81
458
391.31
1.17
353.42
1.30
687
1146.18
0.60
1030.35
0.67
198
267.94
0.74
293.99
0.67
396
360.74
1.10
418.47
0.95
Mean
0.83
0.85
Std. dev.
0.20
0.20
b) High strength concrete (HSC)

Column specimen
C159-6-3-90-0-20
C159-6-3-90-0-40
RC159-6-3-90-0-20
RC159-6-3-90-0-40
FC159-6-3-90-0-20
FC159-6-3-90-0-40

Axial load (kN)
TEST
EC4
TEST/EC4 EC4(H) TEST/EC4(H)
335
355.13
0.94
382.93
0.87
670
1122.35
0.60
1128.86
0.59
343
328.45
1.04
234.35
1.46
720
727.01
0.99
736.38
0.98
335
443.12
0.76
541.05
0.62
670
1155.09
0.58
1263.36
0.53
Mean
0.82
0.84
Std. dev.
0.20
0.35

It was found that the two simplified models (general method and Annex H) produced unsafe results,
for both normal and high strength concrete with a mean value of the error under 0.85 and high dispersion
of results, which demonstrates that the code does not produce accurate results for slender columns loaded
in axial compression. This result confirms the findings of previous investigations carried out by Aribert et
al. [24] and Espinos et al. [11, 25], who found that EN1994-1-2 simple calculation model leads to
buckling load values which result unsafe for high column slenderness under concentric loads.
4.2 Eccentrically loaded columns
With regard to the eccentrically loaded columns, a comparison between the test results and the
application of the simple calculation model can be found in Table 3. For eccentric loads, a method is
given in Section H.4 from Annex H of EN1994-1-2 [22], where the buckling resistance is calculated as
for columns without eccentricity, and afterwards two correction coefficients are used, as a function of the
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percentage of reinforcement (ϕs) and the load eccentricity (ϕδ), which are given by Figures H.1 and H.2
from the referred Annex.
Table 3. Comparison of the buckling resistance at the time of failure between EC4 and tests, eccentric load.
a) Normal strength concrete (NSC)

Column specimen
C159-6-3-30-20-20
C159-6-3-30-20-40
C159-6-3-30-50-20
C159-6-3-30-50-40
RC159-6-3-30-20-20
RC159-6-3-30-20-40
RC159-6-3-30-50-20
RC159-6-3-30-50-40
FC159-6-3-30-20-20
FC159-6-3-30-20-40
FC159-6-3-30-50-20
FC159-6-3-30-50-40

TEST
169
337
126
253
180
360
140
280
169
337
126
253

Axial load (kN)
EC4
TEST/EC4 EC4(H) TEST/EC4(H)
103.91
1.63
124.47
1.36
161.62
2.09
179.99
1.87
57.45
2.19
57.81
2.18
90.45
2.80
100.67
2.51
203.10
0.89
157.18
1.15
312.35
1.15
366.61
0.98
162.25
0.86
156.01
0.90
320.25
0.87
347.41
0.81
73.67
2.29
68.91
2.45
146.52
2.30
153.51
2.20
55.95
2.25
55.75
2.26
113.02
2.24
120.11
2.11
Mean
1.80
1.73
Std. dev.
0.68
0.65

b) High strength concrete (HSC)

Column specimen
C159-6-3-90-20-20
C159-6-3-90-20-40
C159-6-3-90-50-20
C159-6-3-90-50-40
RC159-6-3-90-20-20
RC159-6-3-90-20-40
RC159-6-3-90-50-20
RC159-6-3-90-50-40
FC159-6-3-90-20-20
FC159-6-3-90-20-40
FC159-6-3-90-50-20
FC159-6-3-90-50-40

TEST
272
544
194
388
264
528
204
407
272
544
194
388

Axial load (kN)
EC4
TEST/EC4 EC4(H) TEST/EC4(H)
131.45
2.07
178.78
1.52
334.41
1.63
343.14
1.59
99.16
1.96
125.74
1.54
205.16
1.89
258.54
1.50
262.63
1.01
236.70
1.12
416.67
1.27
440.69
1.20
226.92
0.90
240.05
0.85
491.24
0.83
556.02
0.73
159.84
1.70
214.41
1.27
283.98
1.92
338.43
1.61
108.21
1.79
140.52
1.38
218.53
1.78
259.01
1.50
Mean
1.56
1.32
Std. dev.
0.44
0.29

For all the eccentric columns analysed in this paper, their buckling resistance at the time of failure
were obtained under the two approaches explained above (Clause 4.3.5.1 and Annex H) as if they were
subjected to concentric axial loads, and afterwards these loads were corrected by means of the two
coefficients (ϕs and ϕδ) in order to obtain the corresponding buckling resistance under eccentric loads.
As can be seen in Table 3, for eccentrically loaded columns the two methods from EN1994-1-2
produced safe results (average value over 1 for both approaches), but with high errors and elevated
dispersion of results. Similar results were obtained under the two approaches (EC4 and EC4(H)),
although with a lower average error and dispersion for the high strength concrete filled specimens. All
the exposed above suggests that the current simple calculation model from EN1994-1-2 [22] should be
revised for both concentric and eccentric loads, and its applicability extended to higher concrete grades.
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5 CONCLUSIONS
Through the investigation of the results of the fire testing program presented here, a series of
conclusions on the fire behaviour of slender CFT columns were obtained.
In HSC filled columns no sudden failure was found which could be attributed to the brittle nature of
such type of concrete, probably due to the reduced duration of the fire tests and the reduced size of the
section, which did not allow the development of high enough pore pressures inside the concrete.
The use of steel fibres did not show an increase in the fire resistance of normal or high strength
concrete filled columns, since the failure in most of the tests was mainly due to the hollow steel column
premature buckling, the concrete filling only helping to delay the heating of the column but not
contributing to sustain the load. Nevertheless, an improvement was found when adding reinforcing bars,
under both concentric and eccentric loads.
The current provisions of EN1994-1-2 were compared with the results of this series of fire tests,
revealing that the method results unsafe for concentric loads when the slenderness of the columns is
elevated (over 0.5 in all the cases studied), whereas under eccentric loads it turns to the safe side, but
producing elevated errors and dispersion of results. Therefore, it is suggested here that the current simple
calculation model in EN1994-1-2 should be improved in the future by means of test results and realistic
numerical models.
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Abstract. This paper presents the results of experimental investigations on structural behaviour of
composite slab-beam systems in simulated fire condition. Two ¼ scale composite slab-beam systems,
3.15m by 3.15m in plan, were tested in fire. One of the two slabs had no interior beams, while the other
had two unprotected interior steel beams. The tests were to examine the effects of protected deformed
edge beams and unprotected interior beams on the behaviour of the floor assemblies in fire. The results
show that the continuity of reinforcement over supporting beams and the presence of interior beams can
reduce deflection and greatly enhance the load-bearing capacity of the slab-beam systems. However, the
presence of edge beams may lead to some failure modes which are different to those of isolated slabs.

1 INTRODUCTION
Large-scale fire tests as well as some well-publicised actual building fires over the past two decades
showed that composite steel framed buildings possess superior fire performance by mobilizing tensile
membrane action (TMA) in composite slabs at large displacements. A number of studies on tensile
membrane behaviour have been conducted [1-3]. A design concept for steel-framed buildings using
composite construction was subsequently developed in UK, viz. the P288 design guide [4], which allowed
structural engineers to take advantage of TMA to minimize fire protection cost to interior steel beams.
Although previous studies are very valuable towards a greater understanding of structural fire
engineering, most studies only focused on isolated slab behaviour itself, and not on the behaviour of
overall floor assemblies.
In recognition of this shortcoming, researchers recently concentrate on testing of the overall floor
assemblies. In 2008, a single composite floor slab panel with two unprotected secondary beams was
subjected to a 120-minute ISO 834 standard fire in France [5]. The main aim of this test was to assess the
fire resistance of partially protected floors using the P288 design concept. Also, to assess the suitability of
such rules in Germany, Stadler et al. [6] conducted two large scale fire tests. They found that tensile
membrane forces change considerably when taking the edge beams into account. Zhang et al. [7]
conducted four composite slabs with a size of 5.23m x 3.72m each under ISO834 standard fire. Based on
the test observations, they developed a new method to estimate the tensile membrane capacity of
reinforced concrete slabs in fire. In 2010, a research on thin composite floor assemblies under fire loading
[8] was conducted in the United States. The authors concluded that it is not recommended to remove the
fire protection from the interior beams of thin lightweight composite slabs.
However, there is still a lack of experimental works on composite slab-beam systems in fire. Some
important aspects of the system behaviour such as the effects of deflections of fire-protected edge beams
and stiffness of the edge beams on TMA have not been investigated experimentally. Most notably, it is
not clear whether deflections of the protected edge beams will impair the mobilization of TMA in the
slabs. Thus, to ascertain the usefulness of P288 design rules in Singapore, further research is required to
address the above issues. These give the impetus for the current research.
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The objective of the current research is to explore the structural behaviour of composite slabs
incorporating realistic behaviour of protected edge beams under fire conditions. This paper presents the
experimental work on two one-fourth scale composite floor assemblies tested in fire. The aims are to
examine the effects of deformed edge beams and unprotected interior beams on the behaviour of the floor
assemblies.

2 TEST SETUP
The configuration of the test setup is shown in Fig. 1. A specimen including steel beams, four
columns and concrete slab was totally enclosed in an electrical furnace and heated from the bottom
surface. All gaps between the furnace and the specimen were filled up by thermal superwool blankets to
reduce heat loss.

a) Specimen S1

b) Specimen S2
Fig. 1 Test setup

2.1 Heating facility
An electric furnace of dimensions 3m long by 3m wide by 0.75m high was setup at Nanyang
Technological University (NTU). The dimensions of the furnace were dictated by the space constraint of
the fire laboratory.
Due to the huge dimensions of the furnace, it is impossible to have adequate power supply to follow
the ISO 834 fire curve. From the trial test conducted by the authors, when there was no specimen, the
furnace temperature enabled to reach 10000C within 50 minutes giving a heating rate of about 200C/min.
This rate is within the practical range for steel sections as prescribed in BS 5950.
2.2 Design of test specimens
The dimensions of the specimens were in turn limited by those of the electric furnace. Thus, the slab
dimensions were scaled down by ¼ from a prototype floor which was designed for gravity loading in
accordance with BS EN1993-1-1 and BS EN 1994-1-1. The other parameters such as the beam size,
reinforcement ratio, and ratio of flexural stiffness of the beams to that of the slab were selected in such a
way to replicate the relationships typically present in conventional design of composite floors.
One of two slabs had no interior beams, and was denoted as slab S1, while the other had two
unprotected intermediate beams, denoted as slab S2. Both specimens had an aspect ratio of 1.0 with an
overhang of 0.45m in both directions (Fig. 2). S2 was considered as a flexural restrained slab, with an all
round beam system at a distance of 0.45m from the vertical supports (Fig. 1b). Here, it is assumed that for
slab S1 reinforcement continuity over the all-round supporting protected edge beams and 0.45m wide
neighbouring slabs provide little flexural restraint since only one layer of shrinkage reinforcement was
present in the slabs. It should be noted that both slabs did not have inplane restraint to thermal expansion.
Further tests are being prepared in NTU to investigate the effect of inplane restraint on TMA generated by
surrounding ‘cool’ slabs.
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a) S1
b) S2
MB: main beam; PSB: protected secondary beam; USB: unprotected interior beam
Fig. 2 Structural layouts of specimens

Due to one-fourth scale, there was no standardized steel decking suitable for the slabs. To protect
heating elements from concrete spalling, a 2.0 mm-thick steel sheet with small holes drilled was cast with
the slabs. The contribution of this sheet to the load bearing capacity of the slabs was negligible since the
unprotected steel sheet was de-bonded from the lightly reinforced concrete slabs as observed in many
previous tests in the past.
The concrete slab thickness was 55mm. Shrinkage reinforcement mesh with a grid size of 80mm x
80mm and a diameter of 3 mm was placed within the slab, 30 mm from the top. This resulted in a
reinforcement ratio of 0.16%. The mesh had a yield strength of 543 MPa. The specimens were cast using
ready-mixed concrete with aggregate size ranging from 5 to 10mm. The desirable compressive strength
was 30 MPa. Concrete cylinders were tested at 28 days giving a characteristic strength fck of 36.3 MPa
and a calculated elastic modulus Ecm of 34.4 GPa.
Material and geometrical properties of the I-section steel beams are given in Table 1. The beams were
designed for full-shear composite action using 40 mm long, 13 mm diameter headed shear studs with a
spacing of 80mm so that no unexpected failure occurred due to shear. A common type of steel joints, i.e.
flexible end plates, was used for beam-to-beam and beam-to-column connections.
Table 1 Details of steel beams

Main beam (MB)
Secondary beams
(PSB & USB)

Depth

Width

h (mm)

bf (mm)

127
80

127
80

Thickness
Web
tw (mm)
6.96
9.01

Flange
tf (mm)
10.77
9.14

Yield
stress
fy (MPa)

Elastic
modulus
Es (MPa)

302
435

197500
206900

This research applied the principle of fire protection for members from the P288 design guide. Thus
all the edge beams and columns were protected for 60 minutes without applying additional fire-proofing
to the slabs and interior beams.
2.3 Loading system and boundary condition
The concentrated force from a 50-ton hydraulic jack was distributed equally to twelve-point loads by
means of a twelve-point loading system designed to simulate uniformly distributed loads (Figs. 3 & 4). In
between steel plates and steel rods, ball and socket joints were used to maintain verticality of the loading
system when the slab deformed excessively.
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Loading point
Fig. 3 Loading system

6

Fig. 4 Locations of loading points

Fig. 5 Supporting column

The floor assemblies enclosed inside the furnace were connected to four supporting circular columns.
In turn, these columns were located outside the furnace and connected to the strong floor by pinned
connections (Fig. 5). The deliberately designed pin-ended columns allowed the specimens to move
horizontally without any degree of restraint. Besides, the use of these columns simplified the test setup.
2.4 Acquisition of deformation and temperature
Sixteen linear variable differential transducers (LVDTs) were used to measure the vertical and
horizontal deformations of the slabs and the beams as shown in Fig. 6.
A total of 31 K-type thermocouples were used to capture temperatures of the beams and slabs. For
each member, at least 3 positions were measured to check for temperature uniformity (Fig. 7). Furnace air
temperature was monitored by 4 thermocouples connecting to two side heating panels and two interior
positions of the furnace.
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Fig. 6 Arrangement of LVDTs
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2.5 Test procedure
Transient-state heating was used in the tests. First, the specimens were loaded up to a predetermined
value by a hydraulic jack. The same uniform load was applied for all specimens. Second, at the heating
stage, the specimens were heated while the load was manually maintained to be constant. The furnace
temperature was increased until the specimens failed.

3 EXPERIMENTAL OBSERVATIONS
All figures below show the test results at the heating stage because at the end of the loading stage, the
slab deflections were very small, i.e. 2.5 mm for S1 and 2.7mm for S2.
3.1 Temperature distributions
Fig. 8 shows average air temperature inside the furnace. Up to 45 minutes of the fire, in both tests the
temperature development was consistent with only a small deviation of 74 0C at the maximum
temperature of 909 0C for slab S1. As the temperature increased, slab S1 which allowed curling of slab
corners upwards experienced greater heat loss compared to slab S2. Therefore, after 45 minutes, in S2 test
the temperature was greater than that in S1 test. Consequently, temperature at the reinforcing mesh in S2
test was significantly higher than that in S1 test.
Between 0 and 40 minutes, temperatures at the steel mesh and on the unexposed face of the slabs
increased at a very slow rate, only from 23 0C to 1000C (Fig. 9). This was because the release of moisture
inside the concrete slab slowed down the increase of slab temperature. When free water in concrete
almost evaporated, the temperature increased at a much faster rate.
Fig. 9 indicates that the removal of fire protection from interior beams seemed to have no influence
on the temperature distribution of the slabs.
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Fig. 8 Distribution of furnace temperature

Fig. 9 Distribution of slab temperatures

A comparison of thermocouple temperatures at different locations on the slab but at the same cross
sectional height, i.e. at the reinforcing mesh, at the bottom and the top surfaces of the slabs, has been
conducted. As expected, the results confirm that temperature only varied across the slab thickness but did
not vary much on the plan dimensions of the slab. Once again, this gives credibility and confidence to the
fire test set-up.
3.2 Comparison of slab deflections
Fig. 10 shows the load-temperature relationships and theoretical yield loads of two slabs at ambient
temperature. The test load was chosen so that the value of loading would correspond to a load ratio of
1.97 for slab S1 and 0.43 for slab S2 over the yield loads. This is because although both slabs were
subjected to the same uniform loads, the yield load of S2 with two interior beams was greater than S1 at
ambient temperature. However, in S1 test, due to oil leak in the hydraulic jack, it was not possible to keep
the applied load constant during the heating process. In S2 test, the load was maintained as expected.
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Fig. 10 indicates the decrease of yield line load versus temperature. While it is easy to calculate this
value for slab S1, it is impossible to do so for slab S2 as it was difficult to find out exactly when the
interior beams did not have contribution to the yield load. Therefore, it was assumed that at 400 0C the
beams would produce no resistance to the yield load. It means that from 400 0C onwards, the yield load
was assumed to be calculated based on structural configuration without the interior beams. As a result,
there was a significant reduction of S2 yield load at 4000C.

S2 yield load
Oil leak in
the jack

S1 failure point
S2 failure point
S1

S2

S1 yield load

Fig. 10 Load-mesh temperature relationships

Figs. 11 & 12 show the comparison of mid-span slab deflections against steel mesh temperature and
time. It is obvious that the continuity of reinforcement over supports and the presence of interior beams
can significantly reduce the deflection and enhance the load-bearing capacity of the slabs. However, at
this time of writing it is not yet possible to separately quantify the individual beneficial contribution from
flexural restraint and interior beams. Further tests will be conducted to assess this effect experimentally.
As can be seen in Fig. 11, the mechanical load has little effect on the response of the structure in spite
of the oil leak of the hydraulic jack in slab S1. Thus, it can be concluded that the temperature differential
between the top and bottom surfaces of slabs (thermal bowing) as well as strength degradation and
stiffness deterioration of concrete and reinforcement can lead to large displacements.
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Fig. 11 Deflection-Temperature relationships

Fig. 12 Deflection-Time relationships

The deflection of the interior beam in test S2, denoted as S2-USB, is also plotted in Fig. 11. As
expected, the beam had a deflection very close to that of the slab. A small discrepancy was due to the
position of S2-USB not exactly at the centre of slab S2.
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Table 2 summarizes the test results. It is apparent that TMA greatly enhanced the load-bearing
capacity of the two slabs. The enhancement factors, defined in this paper as the ratio of the test load over
the yield load at the temperature where failure occurred, are 1.96 for slab S1 and 2.55 for slab S2.
Table 2 Details of test results

Pyield,20
kN/m2
8.02
36.77

S1
S2

Mesh
temperature, T
0
C
390.5
511.7

Time
min
85.8
84.0

Ptest
kN/m2
15.62
15.13

Pyield,T
kN/m2
7.97
5.93

Ptest/Pyield,T
1.96
2.55

Displacement
mm
131
177

w/d
3.28
4.43

Pyield,20: yield load at room temperature; Pyield,T: yield load at temperature T; Ptest: test load.
3.3 Behaviour of steel frames
3.3.1 Steel beam systems
Fig. 13 shows the temperature profiles at the bottom flanges of MB, PSB and USB (defined in Fig. 2),
while the defection profiles of these beams are plotted in Fig. 14.
All the beams had a similar trend in deflection. Up to 25 minutes into heating or about 200 0C, the
beams deflected downwards at a slower rate due to thermal bowing. This was followed by a constant rate
up to 4000C because the beams were fire protected by intumescent paint. When temperatures at bottom
flanges of the beams reached 5500C, after 50 minutes of the fire, the beams deflected at a very rapid rate.
From this point onwards, strength and stiffness of the beams also significantly reduced.
1000

S1-MB

Temperature (0C)

900
800
700
600

S1-PSB

500

S2-MB

S1-MB

400

S1-PB

300

Slab failure point

S2-MB

200

S2-PB

100

S2-PSB

S2-USB

0
0

50

Time (min)

100

Fig. 13 Temperature at bottom flange of beams

Fig. 14 Mid-span deflection of beams

At a similar temperature, beam S1-PSB had a slightly greater deflection than S2-PSB because of the
difference in load path from the slabs to the beams. At initial heating stage, in slab S1, mechanical load
was transferred directly to the protected edge beams, while in slab S2, load was transferred via
unprotected secondary beams to the edge beams. But at high temperature, the load transfer mechanism of
the two slabs became the same since the unprotected secondary beams lost their stiffness and strength
from 4000C onwards.
The discrepancy in the deflections of beams S1-MB and S2-MB was much more obvious. One of the
reasons is the load path as explained above. Another reason is due to restrained thermal expansion of
unprotected interior beams. High normal forces were generated within the interior beams due to partial
restrained thermal elongation provided by the edge beams, leading to out-of plane bending moment for
the main beams. Therefore, beam S2-MB had a greater deflection than that of beam S1-MB at a similar
temperature.
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Local buckling of the beam bottom flanges was not observed in the two tests. This could be due to
discontinuity of the steel beams, allowing them to expand separately to some extent through the flexible
end plate connections.
3.3.2 Steel columns & Connections

Fig. 15 Deflected shape of column – S1

Fig. 16 Deflected shape of column – S2

Figs. 15 & 16 show the deformed shape of protected steel columns after cooling. As can be seen, the
columns were subjected to biaxial bending moments due to pulling forces of the edge beams at large
deflections. Buckling was observed in the column flanges in test S2, but it was not detected in test S1.
This is possibly due to greater bending moments generated in the main beams of slab S2.
Although both beam-to-beam and beam-to-column connections were designed within a common
range in practice, none of the connections failed or fractured during the heating or cooling phase.
3.4 Development of crack patterns
Cracking noises were heard from both tests approximately from 10 to 15 minutes at the beginning of
the heating process. At approximately 7 minutes, diagonal cracks were observed at the beam-to-column
joints. These cracks continued to grow and opened up through the slab thickness. These corner cracks ran
at an angle ranging from 30 to 45 degree to the slab edges as shown in Figs. 17 & 18. Water vapour was
emitted from the cracks at this time. These cracks were possibly due to torsional effect of slab corners.

MB

MB

psb

psb

12 min

30 min

53 min

65 min

86 min - Failure

Plastic hinges in beams
Fig. 17 Slab S1

After the appearance of corner cracks, additional cracks formed around the protected edge beams of
the slabs. However, the sequence was different between the two tests. In test S1, cracks appeared
simultaneously along the interior length of edge beams, followed by cracks at the slab centre. In test S2,
more severe cracks were observed first above MB, then in the vicinity of PSB. Cracks along USB
appeared near the end of the fire test. This sequence can be attributed to the difference in the load path
from the slabs to the protected edge beams.
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psb

usb

MB

MB

usb

psb

15 min

35 min

50 min

60 min

84 min - Failure

Fig. 18 Slab S2

3.5 Failure modes
For slab S1, concrete cracks occurred around the column locations. However, the test was continued
since there was no obvious failure. At approximately 65 minutes, the protected secondary beams
experienced very large deflection due to loss of fire-protection on the bottom flanges. Folding in singlecurvature occurred by formation of plastic hinges in the secondary edge beams. At 86 minutes into S1
test, a loud sound was heard due to fracture of reinforcement. Two full-depth cracks were observed; one
close to the main beam and one directly above the secondary beam. Heating was stopped at this time
because the integrity failure criterion was violated. There was no cooling test afterwards.
For slab S2, concrete failure also occurred around the columns. The test ended when fracture of
reinforcement occurred and full-depth cracks appeared close to the edge beams. However, no folding
mechanism was observed. It seems that if the slab is continuous and flexurally restrained around all four
edges, folding in single-curvature is unlikely to occur. This deduction will need to be confirmed by
further tests.

a) Folding mechanism

b) Deformed shape

c) Fracture of reinforcement

Fig. 19 Slab S1

a) Deformed shape

b) Fracture of reinforcement

c) After cooling

Fig. 20 Slab S2

These mentioned failure modes are different from those stipulated in the SCI P288 design guide [5].
In this design guide, only two failure modes are considered, which include fracture of mesh reinforcement
across the short span at the slab centre and compressive failure of the concrete at the slab corners.
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However, in the authors’ tests, no fracture of reinforcement at the mid span of the slabs was found.
Therefore, the observed failure modes in the tests should be incorporated into the P288.

4 CONCLUSIONS
The objective of the current research is to study the structural behaviour of slab incorporating
protected edge beams in fire. This paper presented the experimental results, comparisons and evaluations
of two tested composite slab-beam-column systems. The observations and comparisons indicate that:
(1) The continuity of reinforcement over supporting beams and the presence of interior beams can
reduce deflection and greatly enhance the load-bearing capacity of the slab-beam systems. The
enhancement factors are 1.96 for slab S1 and 2.55 for slab S2.
(2) The presence of interior beams changes the behaviour of the slab-beam systems since it affects
the load path from the slabs to the edge beams. Consequently, the development of crack pattern
is also affected.
(3) For slabs with an aspect ratio of 1.0, peripheral compressive rings exist irrespective of the
presence of interior beams.
(4) Failure modes of the floor assemblies are different from isolated slab panels. They include: (a)
concrete failure around the column locations; (b) fracture of reinforcement close to the protected
edge beams; (c) folding in single-curvature by formation of plastic hinges in the secondary edge
beams.
(5) No fracture of reinforcement at the mid span of the slabs was observed. It is unlike the failure
modes indicated in the P288 design guide.
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Abstract. The steel-concrete composite beam has been widely used nowadays in buildings and bridges.
In the composite beams, headed stud shear connectors are commonly used to transfer longitudinal shear
forces across the steel-concrete interface. The behaviour of shear connectors under elevated
temperatures is of great importance in the performance of composite beams in fire. Totally, 24 push-out
tests were carried out in Tongji University to investigate the temperature distribution, failure mechanism,
degradation of shear capacity of stud shear connectors with temperature, and the force-slip relationship
of stud shear connectors at high temperatures. It was observed in the test that the predominant mode of
failure for the solid slabs and profiled slabs with the corrugation of the deck run parallel to the steel
beam was headed stud shear failure while the predominant mode of failure for the profiled slabs with the
corrugation of the deck run perpendicular to the steel beam was concrete cracking failure at low
temperatures and then turned to stud shear failure at high temperatures. Also, the ultimate load in solid
slabs was generally higher than that in the profiled slabs. The ultimate load and stiffness decreased with
increasing temperature for all slabs. Furthermore, the proposed equations to calculate the shear strength
of studs at elevated temperatures were compared with existing test results. It was found that the
calculation formula specified in the Eurocode EN 1994-1-2 to calculate the shear strength at elevated
temperatures is reasonable and able to predict the shear strength of stud shear connectors at elevated
temperatures.

1 INTRODUCTION
The steel-concrete composite beam has been widely used nowadays in buildings for its economical
and technical advantages. Composite steel-concrete beams usually comprise a structural steel section and
a concrete slab. In the composite beams, headed stud shear connectors are commonly used to transfer
longitudinal shear forces across the steel-concrete interface and limit the longitudinal slip and separation
between the steel beam and concrete slab. The behaviour of shear connectors under elevated temperatures
is of great importance in the performance of composite beams in fire. Much experimental and numerical
research [1,2,3] has been done to investigate the performance of headed stud shear connectors at ambient
temperature. The push-out test is commonly adopted to obtain the structural behaviour of shear
connectors instead of full-scale composite beam test, since it is more convenient and economic than the
composite beam test and it has been verified to be able to provide the relevant properties for shear
connectors with acceptable accuracy although there is some difference of stress state between the pushout specimen and beam.
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Shear connectors subject to tensile-bending-shear composite stress due to the deformation difference
between the steel beam and concrete slab at ambient temperature. So, the failure mechanism is very
complicate. However, the failure mechanism is more complicate at elevated temperatures due to the
thermal stress caused by the non-uniform temperature distribution across the section. Little research on
the performance of headed stud shear connectors in fire could be found at present. In 1995, Zhao and
Kruppa[4] conducted a series of push-out tests to determine the shear capacity and load-slip relationship
of headed studs and angled connectors, subject to the standard ISO fire, in conjunction with solid slabs
and composite slabs with both trapezoidal and re-entrant profiled steel sheet. All specimens were heated
until collapse while the load was constant and different load levels were considered in the test. It was
observed that the collapse of specimens with flat concrete slab and composite slab with re-entrant profiled
steel sheet was always caused by the shearing off of headed studs just at the level of the flange, while the
mode of failure for the specimen with composite slab with trapezoidal steel sheet was the shearing of
studs accompanied by shearing off of the concrete rib. The mode of failure with angle connectors was the
shearing off of pins used for fixing the connectors in the steel flange. Based on these experimental results,
the empirical equations to calculate the shear resistance of shear connectors at elevated temperatures were
achieved, which were applied in the Eurocode EN 1994-1-2[5]. The formulas to determine the load-slip
relationship of shear connectors at elevated temperatures were also derived. In 2009, Sengkwan Choi et
al[6] also did some experimental research on the structural behaviour of headed stud shear connectors
with solid slabs, employing modified push-out test instrument which comprised one steel beam and only
one concrete slab. All specimens were loaded to failure after they were heated to specified temperatures.
The shear failure at the weld-collar interface was consistently observed. The equation to evaluate the
strength of the stud was proposed. The mechanical properties of studs both in and after fire were studied
by Imagawa et al[7] with experiments. It was found that the fatigue strength of the stud after fire in case
of the furnace temperature was 700 oC showed remarkable decrease due to the undesirable slip behaviour.
In 2011, Mirza et al[8] conducted 8 push-out tests on headed stud shear connectors with solid slabs and
composite slabs. It was observed that the ultimate load in solid slabs was generally higher that the
profiled slabs, while the profiled slab achieved greater ductility than the solid slab. The formulas to
determine the degradation of the shear resistance with temperature were presented.
Although there are already several equations to calculate the shear resistance degradation with
temperature of shear connectors, they were mostly proposed by researchers only based on the test result
obtained by them which is limited. So, the accuracy of these equations needs to be further verified with
more test result. Also, the behaviour of studs in profiled slabs with the corrugation of the deck run
parallel to the steel beam, which was usually the main beam, has not been well studied.

2 EXPERIMENTAL INVESTIGATION
2.1 Objectives
The properties of shear connectors most relevant to composite design are the shear capacity and loadslip characteristic at the interface. In general, 24 push-out tests were carried out in the Structure Fire
Resistance Laboratory at Tongji University. The test series are primarily designed to investigate the
temperature distribution, failure mechanism, degradation of shear capacity of stud shear connectors at
elevated temperatures, and the force-slip relationship of stud shear connectors at high temperatures which
is the basis of the shear connection design in composite beams.
2.2 Test specimens and test set-up
All specimens were designed based on the recommendations in Eurocode EN 1994-1-1[9]. However,
some modification has been made due to furnace limitation. Each push-out specimen (Fig.1 (a), (b), (c))
consisted of a welded H type steel beam, two rectangular concrete slabs and two studs. Different types of
concrete slabs including the flat concrete slab, composite slab with profiled steel sheet perpendicular to
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the steel beam, and composite slab with profiled steel sheet parallel to the steel beam were considered in
the test. The details of specimens were shown in Table1.
All studs were of the same dimension and welded to steel beam at the centre of the beam. The
diameter of the studs was taken as 19mm, and the height was 100mm. The commercial concrete was used,
and nine coupons (three were cubic and other six were prismatic) were casted at the same time to obtain
the strength of the concrete. The cubic compressive strength of concrete after 28 days curing period was
an average of 38.5 N/mm2 and the elastic modulus was an average of 2.84×104 N/mm2. The rebar with the
diameter of 10 mm was put in the slab and the arrangement was shown in Fig.1. The measured strength of
steel plate and reinforcement was listed in Table 2. The overall instrumentation arrangement of the test
was shown in Fig.2. The relative displacement between the top of steel beam and concrete slab and
absolute displacement of steel beam and concrete slab were recorded respectively with displacement
gauges (Fig.3). K-type thermocouples were installed to measure temperature developments of the flanges
and web in the steel beam, locations at 15mm, 25mm depths of the headed studs and locations at 15mm,
50mm, 100mm depths of the concrete slabs from the fire exposed surface as shown in Fig.3.

(a) solid slab

(b) composite slab with profiled
(c) composite slab with profiled steel
steel sheet parallel to the steel beam
sheet perpendicular to the steel beam
Figure 1. Dimensions of push-out specimens.

Figure 3. Locations of thermocouples and displacement
gauge.

Figure 2. Arrangement of the instrument.
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Table 1. Details of push-out specimens.

Specimen number
F-P-20
F-P-400
F-P-500
F-P-600
F-YP-20
F-YP-400
F-YP-500
F-YP-600
F-YC-20
F-YC-400
F-YC-500
F-YC-600

Slab type
Solid slab

Composite slab with the deck
parallel to the steel beam

Composite slab with the deck
perpendicular to the steel beam

Temperatures (oC)
20
400
500
600
20
400
500
600
20
400
500
600

Number
2
2
2
2
2
2
2
2
2
2
2
2

Table 2. Measured strength of components in tests.

Component

Dimension˄mm˅

Material

Steel flange
Steel web
Rebar

12
8
10

Q235B
Q235B
HRB335

Yield strength˄
N/mm2˅
241.0
244.1
345.8

Ultimate tensile strength
˄N/mm2˅
346.2
339.9
462.1

2.3 Test procedures
The push-out specimens were pre-loaded at about 30% of the ultimate load at ambient temperature to
ensure the arrangements were in right state and the load was loaded along the axis of the cross section.
After the pre-load process, they were heated to a given temperature, in which the temperature measured at
the basis of stud was considered (10mm from the flange of the steel beam). Then the load was loaded
until the failure of the specimen. The reason why the temperature of the stud at 10mm from the flange of
the steel beam was taken into consideration was as follows. First, the temperature distribution of the stud
in the longitudinal direction is un-uniform; the temperature at some points should be taken to represent
the temperature of the stud. On the other hand, the stress state at the basis of the stud is the most severe,
and it was observed in the previous experiments that the shear failure always occurred at the weld-collar
interface. So, the bottom part of the stud plays an important role in the shear bearing capacity of the
whole stud. In addition, the temperature of the stud below 10mm from the flange of the steel beam is
close and the arrangement of the thermocouples at 10mm would cause little affect on the behaviour of
connectors. Therefore, it is reasonable to adopt the temperature of the stud at 10mm from the flange of the
steel beam as the temperature of the stud.

3 RESULTS AND DISCUSSION
Concerning the headed studs with solid slabs, it was observed in the tests that the collapse of
specimen was always caused by the shearing off of headed studs just above the weld collar as shown in
Fig.4(a). This is also the case for the headed studs with composite slabs with the corrugation of the deck
run parallel to the steel beam as shown in Fig.4(b). However, when the corrugation of the deck run
perpendicular to the steel beam, the mode of failure is no longer the same and the shearing off of concrete
ribs were observed at low temperatures while the failure mode turned to stud shear failure at high
temperatures as shown in Fig.5. That is probably because the temperature of the concrete was lower than
that of stud resulting relatively higher strength of concrete at high temperatures. But the limit of this
change needs further research. Test results were listed in Table 3.
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(i) Surface of steel section

(i) Surface of steel section

(ii) Surface of concrete section

(ii) Surface of concrete section
(b) composite slab with profiled steel sheet
(a) solid slab
parallel to the steel beam
Figure 4. Typical failure mode of stud shear connector after push-out test.

(i) Surface of steel section

(ii) Surface of concrete section
(a) at ambient temperature
(b) at elevated temperature
Figure 5. Failure mode of stud shear connector in composite slab with deck perpendicular to the steel beam
observed from the test.
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Table 3. Summaries of test results.

Measured
temperature (oC)

Ultimate shear
load (KN)

1
2
1
2
1
2
1
2

20
20
400
400
500
500
600
600

280
230.4
203.6
188.8
150.8
133.7
87.3
102.9

1

20

197

Specimen number
F-P-20
F-P-400
F-P-500
F-P-600

F-YP-20

F-YP-400
F-YP-500
F-YP-600
F-YC-20
F-YC-400
F-YC-500
F-YC-600

Average (KN)
255.2
196.2
142.3
95.1

199.5
2

20

202

1
2
1
2
1
2
1
2
1
2
1
2
1
2

400
400
500
500
600
580
20
20
400
350
500
500
580
585

175.8
190.5
140.8
107.4
108.5
85.4
138.4
128.8
109.7
142.5
141.3
108
79.1
84.1

366.3
248.2
193.9
133.6
126.1
124.7
81.6

Failure mode
Stud failure
Stud failure
Stud failure
Stud failure
Stud failure
Stud failure
Stud failure
Stud failure
Separation
between the deck
and concrete,
stud failure
Separation
between the deck
and concrete,
stud failure
Stud failure
Stud failure
Stud failure
Stud failure
Stud failure
Stud failure
Concrete failure
Concrete failure
Concrete failure
Weld failure
Stud failure
Stud failure
Stud failure
Stud failure

3.1 Temperature distribution
It was apparent that the temperature distribution of the concrete slab was un-uniform. The
temperature development curves of steel beam, shear connector and concrete slab with time were shown
in Fig.6. Since the temperature of the furnace did not increase according to the standard ISO834 curve
and the rate of the temperature heated with electricity was relatively low, the temperature distribution of
the concrete slab and shear connector in test was not the same with that in the standard experiment of
composite beams at elevated temperatures.
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Steel flange
Steel web
Furnace
Concrete at 50mm depth
Stud at 25mm depth
Concrete at 100mm depth
Stud at 10mm depth
Concrete at 15mm depth

700
600

o

Temperature ( C)

500
400
300
200
100
0
0

100

200

300

400

Time (min)

Figure 6. Measured temperature development.

3.2 Load-slip relationship
The load-slip relationship for solid slab, composite slab with profiled steel sheet perpendicular to the
steel beam, and composite slab with profiled steel sheet parallel to the steel beam under elevated
temperatures is illustrated respectively in Fig.7(a), (b) and (c). It was observed that the ultimate load and
stiffness decreased with increasing temperature for all slabs. The failure mode of F-YC-400-2 was weld
failure due to the defect of the weld between the steel beam and stud.
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o
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o
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o
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0
0

2

4

6

8

10

12

14

Slip (mm)

Slip (mm)

(c) Composite slab with profiled
steel sheet perpendicular to the steel
sheet parallel to the steel beam
beam
Figure 7. Load-slip relationship of headed studs at elevated temperatures.

(a) Solid slab

(b) Composite slab with profiled steel

3.3 Ultimate load
The ultimate load for all studs can be determined from Fig.7. Fig.8 illustrates the ultimate shear load
reduces significantly according to temperature.
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Choi-solid
Mirza-solid
Mirza-composite-perpendicular
Zhao-solid
Zhao-re-entrant
Zhao-composite-perpendicular
Imagawa-solid
Test result-solid
Zhao-composite-perpendicular
Zhao-composite-perpendicular
EC4: part 2
Eq.(5)
Eq.(6)
Eq.(7)

1.0
1.0

0.9

Reduction factor of stud shear strength

Reduction factor of stud shear strength
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Figure 8. Ultimate shear load versus temperature.

Figure 9. Comparison between existing test results.

3.4 Proposed equations
The proposed equations to calculate the degradation of shear resistance with temperature were listed
as follows.
3.4.1 Equations in EN 1994-1-2
The shear resistance of shear connectors at high temperatures was taken as the minor of the results
obtained with Eq. (3) and Eq. (4).


°Qd
°
®
°Q
°̄ d

QdT
®
¯QdT
D

0.8 fu S d 2 4

Jv
0.29D d

2

Ec fck

Jv

(1)

(2)

0.8kuT Qd

with Qd as obtained from equation (1)

(3)

kcT Qd

with Qd as obtained from equation (2)

(4)

where, D is the factor considering the effect of the stud height, when 3 d h / d d 4 ,
0.2[(h / d )  1] d 1.0 ; when h/d>4, D =1; d is the diameter of the shank of the stud(mm); h is the

overall nominal height of the stud (mm); fu is the specified ultimate tensile strength of the material of the
stud but not greater than 500 N/mm2; Ec is the elastic modulus of concrete(N/mm2); fck is the
characteristic value of the cylinder compressive strength of concrete at 28 days; J v is the partial factor,
generally taken as 1.0 at elevated temperatures; kuT is the reduction factor for the ultimate tensile strength
of structural steel at elevated temperatures, the temperature of the stud connectors may be taken as 80%
of the temperature of the upper flange of the beam; k cT is the reduction factor for the compressive
strength of concrete at elevated temperatures, the temperature of the concrete may be taken as 40% of the
temperature of the upper flange of the beam.
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3.4.2 Equations by Choi
Eq.(5) was proposed by Choi to evaluate the shear strength of stud at elevated temperatures, in which
the ultimate capacity of stud at a slip of 5mm was calculated. That was because the consideration of the
acceptable connector ductility in composite plastic design was in a form of 5mm available slip.
(5)
Q
f k Sd2 4
uT

u uT

3.4.3 Equations by Mirza
Mirza presented that the ultimate shear load which relates to different temperatures at the 4mm slip
for shear connectors with the solid slab and profiled slab could be determined from Eq (6) and (7)
respectively.
2

QuT

QuT

7

o

o

o

o

0.0003T  0.0525T  186.67 for 0 C d T d 600 C
3

2

4 u 10 T  0.0004T  0.034T  38.721 for 0 C d T d 600 C

(6)
(7)

3.4.4 Comparison
The Eq.(3), Eq.(4) and Eq.(5) are proposed based on the empirical equations to determine the shear
resistance of stud at ambient temperature, while Eq.(6), Eq.(7) are directly derived from experimental
result with curve-fitting. Although the equations to calculate the shear resistance of stud at room
temperature were also developed with empirical method, The Eq.(3), Eq.(4) and Eq.(5) seemed to be
more reasonable since the degradation of the shear resistance of the stud is caused by the strength and
stiffness degradation of the steel and concrete materials. Also, a plenty of existing research achievements
on the behaviour of studs at room temperature could be used. The comparison of these equations with the
push-out tests result at elevated temperatures conducted by Zhao and Kruppa, Sengkwan Choi, Imagawa
and Mirza was illustrated in Fig.9. It can be observed that Eq.(3), Eq.(4) is able to predict the shear
strength of stud shear connectors at elevated temperatures with acceptable accuracy, while Eq.(7) is too
conservative.

4 CONCLUSION
Tests conducted in this paper were designed to investigate the structural behaviour of headed stud
shear connectors at elevated temperatures. In general, 24 push-out tests were carried out in Tongji
University. Different types of concrete slabs including the flat concrete slab, composite slab with profiled
steel sheet perpendicular to the steel beam, and composite slab with profiled steel sheet parallel to the
steel beam were considered in the test. An electric furnace was applied to heat the specimens.
Temperature development was measured across the section and the stud shank and the relative
displacement between the steel beam and concrete slab were continually recorded. Furthermore, the
comparison between the proposed equations which were proposed to calculate the shear strength
retention properties of the stud with existing test results was made.
The main conclusions are summarized as follows:
1 The predominant mode of failure for the solid slabs and profiled slabs with the corrugation of the
deck run parallel to the steel beam was headed stud shear connection failure while the predominant mode
of failure for the profiled slabs with the corrugation of the deck run perpendicular to the steel beam was
concrete cracking failure.
2 The ultimate load in solid slabs was generally higher than the profiled slabs. The ultimate load and
stiffness decreased with increasing temperature for all slabs.
3 The calculation formula specified in the Eurocode EN 1994-1-2 to calculate the shear strength at
elevated temperatures is reasonable and able to predict the shear strength of stud shear connectors at
elevated temperatures with acceptable accuracy.
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Abstract. This study aims to investigate experimentally the behaviour of large-scale concrete-filled steel
box columns subjected to axial load at elevated temperatures. Three specimens were filled with highstrength self-compacting concrete. During the ISO standard fire test, axial compression force,
corresponding to 64%, 63.6% and 35.8% of the calculated compression strength of the columns, was
applied to the specimens. Test results indicated that fire protection can enhance fire resistance rating.
During the fire test, sound of the concrete bursting was continued heard. But the fire induced spalling of
concrete did not cause immediate failure of the column due to the confinement provided by structural
steel plate. The failure mode of the concrete-filled box columns was the bulge of the steel plate and
crushing of the outer concrete. The load ratio is a major variable affecting the axial deformation for the
concrete-filled box column.

1 INTRODUCTION
Hollow structural steel sections or pipes that are filled with structural concrete are often used to
enhance the column strength and stiffness. The use of concrete-filled tube columns leads to several
advantages such as possessing excellent strength and stiffness compared with steel or reinforced concrete
columns, using steel tube to replace formwork and simplifying the construction process, and providing
confinement for the concrete through the use of steel tube. However, to be used for medium- and highrise buildings, concrete-filled box columns are frequently designed instead of the concrete-filled tube
columns because the concrete-filled box columns can provide greater strength than concrete-filled tube
columns do. A steel box column is fabricated by welding four structural steel plates through the complete
joint penetration weld or partial penetration weld.
In addition to analytical and numerical work [1-3], experimental work on the behaviour of the
concrete-filled tube columns has been conducted by a number of researchers [1,2,4-10]. The test
specimens included various test variables such as size of the cross section, shape of the steel tube,
thickness of the fire protection, load ratio, load eccentricity, concrete strength, type of the concrete
material, and fire duration time, etc. Moreover, the specimens tested in the literature were mostly smallscale. Although the behaviour of the concrete-filled tube columns in fire has been extensively studied,
experimental work carried out for large-scale concrete-filled box columns is very few due to the
limitation of the test equipment. Furthermore, the behaviour of the concrete-filled box columns at
elevated temperature is not yet well established.
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The structural steel used in the concrete-filled box columns possesses high strength and ductility, but
with higher thermal conductivity, and the strength will be significantly decrease at elevated temperature.
Concrete has good compression strength, and low thermal conductivity, and has better fire resistance than
the steel. The concrete-filled box columns must subject to axial compression, and the structural behaviour
and thermal response is complex at elevated temperature. The purpose of this study is to investigate
experimentally the behaviour of the large-scale concrete-filled box columns subjected to axial load at
elevated temperatures.

2 EXPERIMENTAL STUDIES
The experimental program was conducted to study the fire resistance of three concrete-filled steel
box columns. Specimens were axially loaded and subjected to fire to explore the axial deformation, axial
stiffness, and mode of failure.
2.1 Test specimens
The experiment consisted of fire tests on three large-scale concrete-filled box column (CFBC)
specimens, filled with high-strength self-compacting concrete which the thermal properties has been
studied as presented in the literature [11-13]. Specimen designation is tabulated in Table 1. The cross
section of the specimens was 500 mm square and the length was 4350 mm. The structural steel box
column was 500 mm square and 22 mm thick. As depicted in figure 1, the box column was fabricated by
welding four steel plates through completely joint penetration weld and ultrasonic test was performed to
confirm the welding quality. The average tensile strength of the steel plate was 372 MPa. Selfcompacting concrete was used to fill the box column. The average concrete compressive strength was
59.7 MPa (for specimen CFBC-1) and 66.0 MPa (for specimens CFBC-2 and CFBC-3) when the
specimens were tested. Two of the specimens, CFBC-1 and CFBC-2, had been sprayed with fire
protection for two hours fire resistance rating. The average thickness of the fire protection was 15.3 and
14.3 mm for specimens CFBC-1 and CFBC-2, respectively.
Table 1. Specimen designation.

Specimen
Tensile strength of the structural steel (MPa)
Concrete compressive strength (MPa)
Thickness of fire protection (mm)
Axial compression force (kN)

CFBC-1
372
59.7
15.3
15,190

CFBC-2
372
66.0
14.3
15,680

CFBC-3
372
66.0
8,820

2.2 Instrumentations and test apparatus
In order to measure the temperature distribution of the specimens, type-K thermocouples were
installed at four sections of the columns as indicated in figure 2 which also depicts the numbering of the
thermocouples. The fire test was carried out on a fire test furnace as shown in figure 3. The furnace was
programmed to execute the specified fire time-temperature curve.
2.3 Test procedure
ISO-834 [14] standard fire time-temperature curve was followed for the fire test. During the ISO
standard fire test, axial compression force, corresponding to 64%, 63.6% and 35.8% of the calculated
compression strength of the specimens based on the material strengths, was applied to three specimens
CFBC-1 to CFBC-3, respectively, to study their behaviour and failure in fire. The axial compression
force was 15,190, 15,680 and 8,820 kN for three specimens, respectively.
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Figure 1. Cross section of the specimens.

Figure 2. Location and numbering of thermocouples.

Figure 3. Sketch of the furnace and test setup.

3 RESULTS AND DISCUSSION
3.1 Specimen behaviour
Test results indicated that two specimens with two hours fire protection, specimens CFBC-1 and
CFBC-2, can reach two hours fire resistance rating. During the specimen tested at elevated temperature,
sound of the concrete bursting was continued heard which did not cause immediate failure of the
specimen.
Specimen CFBC-1, with two hours fire protection, was subjected to two hours standard fire test and
the highest temperature in the concrete was only 93°C while that in the structural steel was 287°C. The
average temperature in the steel was 256°C. Figure 4 shows the measured temperatures as a function of
time at cross section A. The elongation of this specimen was 3.8 mm. Figure 5 presents the specimen
appearance after the test. Further, in order to explore the effect of the temperature on the specimen’s
structural behaviour, axial compression test was carried out again after the specimen had been cooled
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down. The axial load-axial deformation curve illustrated that the axial stiffness of the specimen was
recovered and the specimen behaved linearly elastic within the range of the design load, as indicated in
figure 6.

Figure 4. Measured temperatures at cross section A of Spec. CFBC-1.
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Figure 5. Spec. CFBC-1 at conclusion of the test. Figure 6. Axial deformation of Spec. CFBC-1 before and after fire.

Test results of specimen CFBC-2 demonstrated typical column behaviour that the column elongated,
reached maximum elongation, compressed and finally failed while subjected to elevated temperature.
Specimen CFBC-2 failed at 179 minutes and the highest temperature in the concrete reached 146°C while
that in the steel was 512°C. Figure 7 presents the measured temperatures for specimen CFBC-2.
Specimen CFBC-2 reached to the maximum elongation of 4.0 mm. The final failure mode was the bulge
of the column steel plate and concrete crushing, as shown in figure 8.
Specimen CFBC-3 was tested without fire protection. As presented in figure 9, the highest concrete
temperature was 470°C. The highest steel temperature reached 847°C and the average temperature in the
steel was 758°C. The axial compressive load applied to this specimen was only 35.8% of the compression
strength of the column which was even less than concrete strength in the ambient temperature. However,
owing to the concrete bursting, specimen CFBC-3 failed at 43 minutes with maximum elongation of 17.3
mm. As demonstrated in figure 10, the bulge of the column steel plate occurred at several locations were
also observed. After the specimen cooled down, the steel plate was flame cut, and the crushed concrete
inside the steel plate was noticed.
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Figure 7. Measured temperatures at cross section A of Spec. CFBC-2.

Figure 8. Appearance of Spec. CFBC-2 at conclusion of the test.

Figure 9. Measured temperatures at cross section A of Spec. CFBC-3.
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Figure 10. Appearance of Spec. CFBC-3 at conclusion of the test.

Figure 11 presents the axial deformation versus fire time relations for three specimens and the distinct
behaviour of specimen CFBC-3 was indicated. It is noted that the load ratio is a major variable affecting
the axial deformation for the column. Structural steel plates provided the confinement for concrete
exposure and prevented immediate failure of the column. Acceptable fire resistance of the concrete-filled
box columns was also observed.
18
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Figure 11. Axial deformation versus fire time.

3.2 Test results
As indicated in figures 4 and 7, temperatures at inner portion of the concrete rose slowly as compared
to outer portion of the concrete. Unlike the behaviour observed from reinforced concrete columns that the
rate of temperature rose in concrete slows down around 100°C due to the evaporation of water in
concrete, no distinct temperature plateau was observed in these tests. This can be primarily attributed to
the fact that the concrete was fully confined by the structural steel plates. Table 2 summarizes the test
results, including the structural behaviour and thermal response for all three specimens. It is noted that
the maximum axial elongation of specimen CFBC-3 during the fire duration was 17.3 mm which
indicated an axial strain of 0.0057. Owing to lack of the shear studs for structural steel plate, this axial
strain might imply the bond loss between steel plate and the concrete.
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Table 2. Test results.

Specimen
Fire duration time*/fire resistance time (min)
Max. axial elongation (mm)
Time at max. axial elongation (min)
At conclusion of the test:
Average temperature in steel (°C)
Max. temperature in steel (°C)
Average temperature in concrete at a depth of 76 mm (°C)
Max. temperature in concrete at a depth of 76 mm (°C)
Average temperature in concrete at a depth of 152 mm (°C)
Max. temperature in concrete at a depth of 152 mm (°C)
Average temperature in concrete at the center of column (°C)
Max. temperature in concrete at the center of column (°C)

CFBC-1
120*
3.8
114

CFBC-2
179
4.0
125

CFBC-3
43
17.3
27

256.0
286.7
84.6
93.4
52.7
58.2
38.6
41.7

390.9
512.0
129.1
145.5
80.7
92.5
73.6
76.5

758.2
847.4
266.8
470.2
201.9
484.1
112.5
249.4

4 CONCLUSIONS
The following conclusions can be drawn from the results of this research.
(1) Fire protection sprayed for the concrete-filled box columns significantly enhance the fire
resistance.
(2) For specimen CFBC-1 with fire protection did not fail within two hour fire exposure, axial
compression test was performed after the specimen had been cooled down. The axial stiffness of
the specimen was recovered and the specimen behaved linearly elastic within the range of the
design load.
(3) The failure mode of the concrete-filled box columns was the bulge of the steel plate and
crushing of the outer concrete. Structural steel plates provided the confinement for concrete fire
induced spalling and prevented immediate failure of the column.
(4) No distinct temperature plateau around 100°C in concrete due to the evaporation of water in
concrete was observed in these tests owing to the fact that the concrete was fully confined by the
structural steel plates.
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Abstract. This paper presents the outcomes of the first ever conducted experimental research to
investigate the performance of elliptical hollow and concrete filled steel columns subjected to severe
hydrocarbon fire. The test programme involved 6 columns of a 200x100x8mm oval section yielding a
slenderness O = 51 and tested under the severe hydrocarbon fire curve. The 1800mm columns were
tested under loadings ratios ranging between 0.2 and 0.6 of the ultimate strength determined using
EC2, EC3 and EC4. Three columns were concrete filled and three columns had hollow sections. The
paper presents the results of the fire tests including measured displacements, and failure time. The tests
have shown that the concrete filled sections have demonstrated an improved fire resistance when
compared to the hollow sections under the low loading ratios. A finite element study was performed and
a model for the EHS was built. The finite element model showed an excellent agreement with the tests
results for failure time, axial displacements and failure modes.

1 INTRODUCTION
Within the construction industry there is a growing trend in the use of elliptical hollow and concrete
filled steel columns in buildings due to their aesthetically pleasing shape compared to rectangular and
circular hollow sections. There are also the added advantages when adopting the filled sections as they
increase the load carrying capacity of the hollow section as well as preventing spalling from occurring as
the concrete is totally encased. There is however limited research carried out on the performance of the
elliptical columns under fire conditions. In recent years, research has investigated the performance of
other types of hollow sections (circular, rectangular and square) under fire conditions. Han et. al. [1, 2]
carried out tests on square and circular concrete filled columns with and without fire protection under
different axial loadings. The research also involved tests on sections filled with self-consolidating
concrete. A research carried out by Kodur [3] investigated the performance of concrete filled square and
circular columns under fire. It is important to indicate that there has been some research carried out on
the performance of stub elliptical columns by Chan and Gardner [4] and Lam and Testo [5] for concrete
filled sections. However, these studies were carried out under normal temperatures. Although, there has
been a limited research carried out on hollow elliptical columns in fire [6, 7] there is no experimental
research performed on concrete filled elliptical sections under fire situations. This paper presents the
results of a test programme to investigate the performance of elliptical steel columns in fire. The tests
involved six columns (three hollow and three concrete filled) tested under three loading ratios of 0.2,
0.4 and 0.6 of the ultimate strength. All the columns have been subjected to the hydrocarbon fire curve
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shown in Figure 1. The ultimate strength of the columns has been calculated using EC2 [8], EC3 [9] and
EC4 [10].

Figure 1. Hydrocarbon fire curve with test curve

2 TESTING PROGRAMME
The columns have been tested at the FireSERT research facilities at the University of Ulster. The
test programme involved testing 1800 mm steel columns with an oval section 200x100x8mm (EHS-A)
and slenderness O = 51. The columns were tested under loadings levels of 0.2, 0.4 and 0.6 of the EC3
ultimate strength for both the hollow (EHS-A) and concrete filled (ECFS-A) sections giving a total of 6
tests. The columns were pin ended at the top and bottom. This was achieved using half-moon steel
bearings at each end. To reduce the friction at the supports, graphite paper was incorporated between
the two steel surfaces. In determining the ultimate loading of the concrete filled sections, three
100x100x100mm cube were cast during the filling process. The cubes were cured and tested after 28
days from the date of the casting giving an average compressive strength of 28N/mm2. The columns
were filled with concrete where a vibration poker was used during casting.
2.1 Test Methodology
The loading was imposed gradually on the columns in ten equal steps to allow the column to settle
under each load step and get a stabilised reading for the axial displacement. Once the load level was
reached the burner was ignited and the column was subjected to the hydrocarbon fire curve. The column
is deemed to have failed once the axial displacement has passed beyond the starting (before heating)
point.
2.2 Test Instrumentation
Thermocouples were located throughout the length of the columns measuring the temperature at
sections located at 250mm from the top, at the midpoint of the column, and at 250mm from the bottom
of the column. At each of these levels, four thermocouples were placed around the outer edge of the
elliptical section as shown in Figure 2. In the case of the concrete filled sections an additional three
thermocouples were embedded in the section at (mid-height of the column) during the casting process
before the concrete has been given time to set (Figure 2).
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Figure 2. Thermocouple locations.

Four linear variable displacement transducers (LVDT’s) were used to measure the axial
displacements. Two at the top of the column and two at the bottom of the column and the average value
was calculated. In order to accurately measure the lateral displacements of the columns, quartz rods
were used due to their low thermal expansion coefficient. They were placed through the side of the
furnace unto the surface of the column with the other end contacted to an LVDT outside the furnace.

3 TEST RESULTS
3.1 Elliptical Hollow Columns
The data gathered from the tests were used to plot the curves representing the development of the
axial displacements with time as shown in Figure 3. The results for columns EHS-A show that
increasing the load ratio reduced the time for failure from 15mins for 0.2 loading, to 10mins for 0.4
loading and 8mins for 0.6 loading. It can also be noticed that the axial displacement increases linearly
as the time increases. Once the columns have reached their peak the deformation starts to decrease in
slow rates. After that a rapid decrease in the displacement rate takes place until fai lure. This can be
observed more clearly in the load levels of 0.6 of the ultimate loading as there is 30 seconds between
the peak deformation and the columns failing where as it takes the 0.2 loaded sections between 1min
30secs to 2mins.

Figure 3. Time v axial displacement for unfilled EHS-A.

All the columns failed by overall buckling mode accompanied by localised buckling as shown in
Figure 4.

277

Nathan Goodfellow, Faris Ali, Tom Scullion, Ali Nadjai and Tony Mc Parland

Figure 4. Failure mode of elliptical hollow column.

3.2 Concrete filled columns
The three concrete filled columns were tested 28 days after casting using the same testing
methodology as for the hollow sections with the introduction of vent holes in the top and bottom of the
column in order to prevent the build-up of steam pressure within the section under heating as per EC4.
In all the tests the concrete temperature was measured in 3 locations at the concrete core and at half
distance between the concrete core and the steel wall from both sides as shown in Figure 3. The results
from the tests indicate that the concrete temperature shows no significant increase if compared with the
increase in the steel temperature as shown in Figure 5. This means that during heating, the steel
expanded faster than the concrete core. Therefore, the applied load was resisted by the steel skin and
not by the concrete core during most of the fire test period.

Figure 5. Concrete and steel temperatures in concrete filled column.

The axial displacements obtained during the testing show that failure time of the ECFS-A (Figure 6)
has decreased with the increase in the loading level from 16mins for 0.2 loading, to 12mins for 0.4
loading and 8mins for 0.6 loading.
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Figure 6. Time v axial displacements for concrete filled ECFS-A.

The failure modes of the concrete filled columns (Figure 7) were similar to those of the hollow
sections with overall buckling accompanied by localised buckling occurring in some of the steel
columns.

Figure 7. Failure mode of the concrete filled elliptical column.

4 TEST SUMMARY
The summary of the results in Table 1 and 2 indicate that the infilling of the elliptical sections has
increased the fire resistance of the section under law loadings. It is noted that there is an increase in 0.2
and 0.4 load ratios. However, for the 0.6 loading the failure occurred approximately at the same time.
There is also a decrease in the amount of axial deformation if the hollow section is filled with concrete
due to the concrete steel interface which produces a friction force due to the expanding steel and the
concrete not expanding.
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Table 1. Summary of test results for elliptical hollow columns.

Section

Slenderness

Load
Ratio

Load
(kN)

EHS-A.0.2
EHS-A.0.4
EHS-A.0.6

50.85

0.2
0.4
0.6

208
417
625

Time of
Failure
(mins)
14
10
8

Table 2. Summary of test results for concrete filled elliptical columns.

Section

Slenderness

Load
Ratio

Load
(kN)

ECFS-A.0.2
ECFS-A.0.4
ECFS-A.0.6

50.85

0.2
0.4
0.6

249
497
746

Time of
Failure
(mins)
16
12
8

5 FINITE ELEMENT MODEL
A 3-D finite element model was created using TNO Diana [11] for the EHS-A. The model was built
using 20 node iso-parametric brick element, CHX60, and the boundary heated element, BQ4HT, which
is a four-node iso-parametric quadrilateral element was used to describe boundaries in threedimensional general potential flow analysis. The final model consists of 38845 nodes and 10445
elements that represent the structural and temperature elements as shown in Figure 8.

Figure 8. FEM created for the elliptical hollow sections.

The non-linear properties of the steel at high temperatures were taken from EC3 [12]. The results
from the finite element analysis are shown in Figure 9 for the EHS-A section. The results show an
excellent agreement between the time of failure and maximum axial deformation with slight divergence
when the load ratio is reduced to 0.2 of the ultimate capacity.
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Figure 9. Time v Deflection for test results and FEM for EHS-A.

The failure mechanism that was observed in the testing was generally by overall buckling of the
elliptical columns accompanied by local buckling. The FE model has also shown an excellent capability
of predicting the mode of failure including the local and the overall buckling. Figure 10 shows that the
model was successful in predicting the location of the local buckling failure to be at the same position as
in the tests.

Figure 10. Comparison of failure modes of the test and FEM for EHS-A
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6 CONCLUSIONS
Resulting from the testing programme the following conclusions can be drawn:
x
In general, filling the elliptical hollow sections with concrete has improved the fire
resistance of columns subject to low loadings.
x
The maximum axial displacement in the concrete filled sections was less if compared to
the hollow sections due to the restraining factor on the concrete/steel interface.
x
Failure of the tested columns was by combination of overall and localised buckling
occurring in the steel section.
x
Failure time decreases more as the loading level is increased; for both of the hollow and
concrete filled columns
x
The hollow sections’ failure was more instantaneous when compared to the concrete filled
sections which showed a plateau stage before failing, increasing the time to failure.
x
The FEM model results are in excellent agreement with the test results sections with
regards to failure times, axial deformation and failure modes.
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Abstract. Partially encased beams (PEB) are composite steel and concrete elements that present several
advantages with respect to steel bare elements. This paper presents a set of experimental tests developed
using two different beam lengths and two different shear conditions between stirrups and web (W –
welded and NW – not welded), at high temperature (200, 400, 600 ºC) and room temperature. The
composite section was built-up with IPE100 steel profile and reinforced concrete between flanges. The
deformed shape mode and the bending resistance were compared for different temperature levels and
stirrup shear conditions (W and NW). The behaviour of PEB was also compared with bare steel at room
temperature. Most of the beams attained the ultimate limit state by lateral torsional buckling (LTB), with
exception for those tested at 600 ºC, which collapsed by the formation of a plastic hinge (PH).

1 INTRODUCTION
PEB have been widely tested at room temperature, but only a small number of testes are reported
under fire or under high temperature. The most relevant tests were developed by Kindmann et al [1],
proving the importance of the reinforced concrete between flanges for bending resistance. Lindner and
Budassis in 2000 [2] developed a new design proposal for lateral torsional buckling. Maquoi et al [3],
improved the knowledge on the elastic critical moment and on the lateral torsional buckling resistant
moment. Makamura et al. [4], tested 3 partially encased girders with longitudinal and transversal rebars
(W and NW) to flanges, concluding that bending strength of the PEB was almost two times higher than
conventional bare steel girders and specimens with rebar not welded to flanges presented a decrease of 15
% for maximum load bearing when compared to the welded rebar (W) specimens.
PEC (partially encased columns) were also tested at room and elevated temperatures. Hunaiti et al.
[5], analysed the behaviour of 19 PEC without additional shear connectors, and tested those fabricated
with shear connectors and batten plates for different loading conditions. All columns presented full
composite action and similar strength, regardless of the type of additional steel. Stefan Winter and Jörg
Lange [6], determined the ultimate load of 8 PEC at room temperature using high strength-steel. Authors
developed some full scale tests under fire conditions and concluded for equal ultimate load for both
materials. Brent and Robert [7], investigated the behaviour of PEC, comparing the performance of High
Strength Concrete (HSC) and Normal Strength Concrete (NSC), evaluating the ultimate load and failure
mode. Authors verified that PEC with HSC had more brittle failure mode than NSC, concluding that
introducing steel fibres and reducing spaces between stirrups would improve ductility. A. Correia and
João P. Rodrigues [8], studied the effect of load level and thermal elongation restraint on 3.0 m length
PEC, built with HEA 160 and HEA 200, under fire conditions. They concluded that the surrounding
stiffness had a major influence on fire element behaviour for lower load levels. The increasing of the
surrounding stiffness is responsible for reducing critical time. Critical time remains practically unchanged
for higher load levels.
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A small number of 15 experiments were already developed on PEB under fire conditions (small
series) to determine fire resistance, reported by authors in a previous work [9]. This current work intends
to present high temperature tests for medium and large series, using the same cross section type with two
different lengths, three different temperature levels of 200, 400 and 600 ºC, calculating bending
resistance.

2 SPECIMENS
PEB were prepared by filling the space between the flanges of a steel IPE100 profile, using
reinforced concrete (RC). Partially encased sections achieve higher fire resistance when compared to bare
steel sections. The increase in fire resistance is due to the encased material, reducing the exposed steel
surface area, introducing concrete which has a low thermal conductivity. Higher fire resistance can also
be achieved by increasing the amount of reinforcement to compensate for the reduction of steel strength
in case of fire, as reported by several researchers.
Two different shear configurations for stirrups were used, both represented in figure 1. According to
EN1994-1-1 [10], this composite steel and concrete section is classified as class 1.

Figure 1. Cross section geometry

Figure 2. Plastic stress distribution in cross section

The plastic neutral axis is referenced to “epl”, reinforced concrete block dimensions are represented
by “b1” and “h1”, while “er” represents the relative position for reinforcement.
According to EN1994-1-2 [11], member analysis under fire conditions may be verified using either
tabulated data, simplified or advanced calculation methods. Tabulated data refers only to composite
beams rather than PEB, depends on load level, and is only valid for standard fire exposure and simple
supporting conditions. A simple calculation method may be used to determine fire resistance of PEB
without shear connection to the concrete slab. The rules for composite beams may be applied to PEB,
assuming no mechanical resistance of the reinforced concrete slab, and establishing reduced effective
areas of the cross section. An advanced calculation method may also be used to analyse partially encased
beams. These models may include separate calculation programs for temperature and displacement.
In order to define load level dependence for partially encased sections at room temperature, the
plastic moment was calculated using characteristic values for material properties, assuming certain
hypotheses based on stress field distribution, see figure 2 and eq. 1, [2].
The plastic moment at room temperature was calculated, assuming that the effective area of the steel
profile may be stressed in compression and tension, up to its characteristic yield strength (fyk); the
effective area of longitudinal reinforcement (As) may be stressed to their characteristic yield strength (f sk)
in tension and compression, and the effective area of concrete in compression may be stressed up to the
characteristic value of concrete cylinder compressive strength fck, constant over the compressive part of
concrete. The contribution of IPE100 bare steel to the plastic moment is equal to 80%, while the
contribution of RC to the plastic moment represents 20%.
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The shear resistance was also verified at room temperature. The contribution of web encasement to
shear may be taken into account if stirrups are fully welded to the web, otherwise shear reinforcement
should not be considered. The distribution of the total shear resistance into steel resistance and RC
resistance may be assumed to be in the same proportion as it is for bending resistance, [10]. The design
resistance for bending and shear were determined by 14.8 kNm and 102 kN. These limits helped to
decide about the capacity of the hydraulic jack to be used.
PEB were made of IPE100 with steel S275 JR, using C20 encased concrete with siliceous aggregates.
Four longitudinal steel B500 rebar were used with diameter of 8 mm. Stirrups were designed with B500
rebar with a diameter of 6 mm, spaced every 167 mm. Stirrups were also partially welded to the
longitudinal steel reinforcement, as represented in figure 1.

3 EXPERIMENTS
Twenty PEB and two bare steel beams were tested under four-point bending. Tests were grouped in
eight series to determine bending resistance at different temperature levels. Two series were prepared to
analyse the behaviour of stirrups not welded to the web (NW), four series were prepared for high
temperature levels using welded stirrups (W) and two series were defined to be tested at room
temperature. Two slenderness ratio were considered, using beams with Lt=2.5 m and Lt=4.0 m. Three
tests were defined for high temperature series, with exception for series 7 and 8, see table 1.
Table 1. List of partially encased beams to be tested (specimens).

Series
1

2

3

4

5

6
7
8

Specimen
B/2.4-01
B/2.4-02
B/2.4-03
B/2.4-04
B/2.4-05
B/2.4-06
B/2.4-07
B/2.4-08
B/2.4-09
B/3.9-01
B/3.9-02
B/3.9-03
B/3.9-04
B/3.9-05
B/3.9-06
B/3.9-07
B/3.9-08
B/3.9-09
B/3.9-11
B/3.9-12
B/3.9-11A
B/3.9-12A

Length Ls [m]

Stirrups [W/NW]

Temp. [ºC]

2.4

W

400

2.4

W

200

2.4

NW

400

3.9

W

400

3.9

W

600

3.9

NW

400

3.9

W

room

3.9

W

room

Max. impe. [mm]
2
2
2
1
2
1
1
1
1
2
5
3
2
2
5
5
5
2
2
5
1
3

Table 1 identifies each PEB tested, the length between supports (Ls), the shear condition for stirrups,
the maximum temperature used during heating and the maximum geometric imperfection. The initial outof-straightness was measured using a laser beam.
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Specimens were tested using a steel portal frame, see figure 3. Room temperature tests were
developed in one single stage, using small increments of load, while high temperature tests were
developed in two stages. The first stage was used for heating the beam along the length “Lf”, using a
constant heating rate and a dwell time for constant temperature. During the second stage, temperature
was kept constant and load was slowly increased.

Figure 3. Testing conditions and main cross sections.

Five different cross sections were defined to measure temperature (S1, S1A, S2, S3A and S3), in case
of high temperature tests and one cross section was used to measure strain (SM at room temperature),
displacements (vertical ZG, lateral YG) and cross section rotation TG.
Table 2 defines the lengths for medium and large test series.
Table 2. Lengths defined for each beam (specimen).

Specimen
B/2.4
B/3.9

Total length
Lt [m]
2.5
4.0

Length supports
Ls [m]
2.4
3.9

Length load
Ll [m]
1.5
3.0

Heating length
Lf [m]
1.3
2.8

Two fork supports were applied on each four-point bending test. Restraint against Y/Z displacement
and restraint against X rotation was considered at each support. A special interface was developed to
apply vertical load, introducing a certain level of restrain against X rotation but allowing for lateral
displacement Y. Teflon was used to reduce friction between the beam and the hydraulic jack. see figure
4.

Figure 4. Testing supports with load cell (left) and load applied by the hydraulic jacks (right).

The distance between load and support was kept constant for large and medium series. The length of
specimens to be heated was shorter than the length between supports. This effect may be negligible
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because bending moment is reduced in the region nearest the supports and will not be affected by
heating. Free thermal elongation was allowed before adjusting both supports and starting with each test.
3.1 Materials
Each material was characterized according to international standards [12] for hot rolled and cold
formed steel, see table 3. Three samples were collected from the web of steel hot rolled profile and two
more samples were collected from steel reinforcement.
Table 3. Tensile tests for hot rolled and cold formed steel.

Properties

Steel profile
Steel reinforcement
Average
Std. Deviation
Average
Std. Deviation
E [GPa]
197.901
2.948
203.294
2.110
Rp.0.2% [MPa]
300.738
6.720
524.993
3.521
ReH [MPa] (fyk) (fsk)
302.466
5.749
531.508
7.908
ReL [MPa]
300.856
4.028
520.825
4.068
Rm [MPa] (fu)
431.252
5.020
626.574
11.539
At [%]
41.584
0.231
25.155
0.495
E- Elastic modulus, Rp.0.2%- proof strength for 0.2%, ReH- upper yield strength, ReL- lower yield
strength, Rm- tensile strength, At- total extension at the moment of fracture.
Concrete was made with Portland cement, sand and siliceous aggregates. The concrete composition
was prepared according to table 4. Aggregates (gravel and sand) were characterized by the sieving
method and tested according to international standard [13] to determine particle size dimension. Due to
the small size of the steel section and considering the offset dimension for the concrete cover of the
stirrups, the concrete was made up with small-sized aggregates. The percentage of aggregates with
diameters between 4-6 mm was 90%, while the percentage of sand with diameters between 0.063-0.5 mm
was 80%. The aggregate dimensions limit the value of the compressive resistance of concrete as
concluded by Keru et al, [14]. The high level of permeability at elevated temperature was responsible for
decreasing pore pressure. This fact justifies the absence of explosive spalling.
Table 4. Mix proportions of concrete.

1 [m3] concrete
1322.7 [kg]
451.1 [kg]
198 [l]
466.7 [kg]
45 %

Component for
Sand
Aggregates
Water
Cement
Water / Cement

Table 5 shows the results for the compressive strength of concrete, using three compressive tests for
cubic samples (fck,cube) and three compressive tests for cylindrical samples (fck).
Table 5. Compressive tests results for concrete.

Properties
fck,cube [MPa]
fck [MPa]

Cure
[days]
29
29

Average

Std. Deviation

21.45
20.36

1.03
0.30

An increase of 100% on the compressive strength of concrete would lead to an increase of 2% in the
bending resistance of PEB at room temperature. This means that this section type is not sensitive to the
value of the compressive strength of concrete.
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3.2 Instrumentation
PEB were prepared to be tested at room temperature, measuring strain in central section (SM). Figure
5 represents the location for strain gauges, over steel flange and web, in hot rolled section (SM-WS and
SM-OS) and over concrete (SM-RC1 and SM-RC2). Whereas perfect bond was considered between
concrete and reinforcement, concrete strain was measured on steel reinforcement; for the latter
measurement, rebars were machined 1 mm in depth and 15 mm in length, in respect to the dimensions of
the electrical strain gauge. Five strain gauges (HBM reference 1-LY11-3/120) were used. All strain
gauges were protected with gloss and special viscous putty (HBM reference Ak22) against moisture,
water and mechanical damage.

Figure 5. Strain gauge positions for steel and concrete.

Figure 6. Thermocouple positions for all cross sections

PEB were also prepared to be tested at high temperatures, using thermocouples type K positioned
along the length of each element, according to figure 6. Thermocouples were positioned in place, using
the spot welding machine. For the concrete temperature measurements, positions Si-IC and Si-OC,
thermocouples were welded to a small steel washer, wrapped in concrete.
3.3 Testing procedures
Tests developed at room temperature used quasi-static load increments, based on load cell readings.
Load was applied with two synchronized hydraulic jacks. Strain, displacement and cross section rotation
were determined at central section (SM). Transversal and lateral displacements (ZG, YG) as well as cross
section rotation were based on three wire potentiometric displacement transducers. Some important force
events were recorded for each test. The force value for plastic moment (FMpl) was determined using the
intersection method between two straight lines drawn from linear and non-linear interaction. The load
event for transversal displacement equal to L/30 was also determined (FL/30) and the maximum load level
for the asymptotic behaviour of the transversal displacement was identified by (Fu).
Tests developed at elevated temperature used electro-ceramic heating device to increase and sustain
temperature during loading. A heating rate of 800 ºC/hour was applied, which lead to heating periods of
15, 30 and 45 minutes. An insulation ceramic mat was applied to increase heating efficiency. Supports
were adjusted and load was applied after temperature stabilization (60, 90 and 120 minutes after the start
of heating). The same procedure was used to measure transversal and lateral displacement, as well as,
cross section rotation. Load events were also recorded as well and temperature measurements in the main
cross section.

4 RESULTS
Four-point bending tests were performed to evaluate bending resistance of PEB at high and room
temperature. Bending resistance was also compared to bare steel beams, using the same cross section for
steel. Two different beam lengths were tested (medium and large series). Two different conditions were
tested for stirrups (W and NW) at elevated temperature (400 ºC). Several performance criteria were
defined to compare the effect of different conditions. Force events were defined when the cross section
became plastic (FMpl), when the transversal displacement reached L/30 (FL/30) and when force reached its
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maximum value (Fu). Temperature evolution in time was represented for certain periods of time and
temperature distribution over each beam length was also represented.
4.1 Bending resistance of PEB (medium series)
The medium series includes results of PEB with Ls=2.4 m. All tested beams reached lateral torsional
buckling as deformed shape mode. Figures 7-12 present the results for PEB with welded stirrups.

Figure 7. Deflection behaviour at mid span for series 1/2.

Figure 8. Lateral displacement for series 1/2.

Figure 9. Temp. distribution and evolution for series 1.

Figure 10. Temp. distribution and evolution for series 2.

Figure 11. Deformed shape mode for B/2.4-01.

Figure 12. Temperature at the end of test for B/2.4-01.

Displacement results were determined for PEB with stirrups NW. Series 3 presented almost the same
behaviour as series 1. Table 6 presents the main force events during each test for medium series. The
results agree very well with exception for the ultimate load (Fu). Differences may be explained by the
friction effect near the supports / load and by the deformation mode shape developed at high load level.
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Table 6. Force results for medium series.

Series
1

2

3

Specimen
B/2.4-01
B/2.4-02
B/2.4-03
B/2.4-04
B/2.4-05
B/2.4-06
B/2.4-07
B/2.4-08
B/2.4-09

F(Mpl) [N]
18890
21760
19920
31430
30350
31380
20610
19270
20850

F(L/30) [N]
24932
26583
24878
34060
32953
33930
24898
25135
25722

Fu [N]
38864
31533
33568
36875
39042
34712
29000
40861
33246

4.2 Bending resistance of PEB (large series)
The large series includes results of PEB with Ls=3.9 m. Figures 13-18 present the results for
transversal and lateral displacements. Results agree very well with each other, with exception to the end
of the tests. Temperature evolution and distribution is also plotted in graphs. Temperature is not uniform
along the beam because the insulation is not perfect and heat flows by conduction, mainly along the steel
part of PEB. The deformed shape mode for series 4 was lateral torsional buckling. Plastic hinge
formation was the dominant deformed shape mode verified for series 5. Some lateral displacement did
also occur.

Figure 13. Deflection behaviour at SM for series 4/5/7.

Figure 14. Lateral displacement at SM for series 4/5/7.

Figure 15. Temp. distribution and evolution for series 4.

Figure 16. Temp. distribution and evolution for series 5.
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Figure 17. Deformed shape mode for B/3.9-05.

Figure 18. Temperature at the end of test for B/3.9-07.

Displacement results were determined for PEB with stirrups NW. Series 6 presented results in
agreement with series 4. Table 7 presents the main force events during each test. The results agree very
well with exception for the ultimate load (Fu). Differences may be explained as discussed previously.
Table 7. Force results for large series.

Series
4

5

6
7
8

Specimen
B/3.9-01
B/3.9-02
B/3.9-03
B/3.9-04
B/3.9-05
B/3.9-06
B/3.9-07
B/3.9-08
B/3.9-09
B/3.9-11
B/3.9-12
B/3.9-11A
B/3.9-12A

F(Mpl) [N]
16370
16360
14850
9620
9759
9110
15000
15600
15100
31600
32100
-

F(L/30) [N]
22126
22715
22573
12641
12996
12025
22665
24234
23207
35428
36161
-

Fu [N]
30204
27290
28337
22456
21662
22770
23591
32642
24816
38718
36380
19436
21272

5 CONCLUSIONS
Four-point bending tests were performed to evaluate bending resistance of PEB at high and room
temperature. Force and displacement results are presented to compare bending resistance. The bending
strength of the PEB at room temperature is almost two times the bending resistance of bare steel beam.
The reduction on bending resistance of PEB is not directly proportional to the increase of temperature.
An increase of temperature form 200ºC to 400 ºC leads to a reduction of 24 % on F(L/30) for medium
series, while an increase from room to 400ºC, 600ºC leads to a reduction of 37 % and 64% on F(L/30),
respectively.
The deformed shape mode was LTB for all tested PEB and bare steel beams, with exception to those
tested at 600 ºC.
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Abstract. The mains results from an experimental and numerical investigation on a composite floor
made of cellular beams at elevated temperatures are presented. A full-scale natural fire test is conducted
on a purpose-built composite floor. A mechanical load is applied via evenly spaced sand bags on top of
the slab to represent a realistic uniformly distributed load, while wooden cribs set on the ground are
ignited to heat up the compartment. The test lasted for 150 min, including a cooling phase. The measured
material properties and temperatures are used to calibrate a 3D finite element model. The behaviour of
the composite floor is simulated under ANSYS code. A good correlation between the test and the
numerical simulation is observed, in terms of temperatures, deformed shape and deflections.

1 INTRODUCTION
The behaviour of composite floors at elevated temperatures has been subjected to a growing interest
from building designers over last decade. In a fire situation, real scale fire tests [1] have shown that a
composite floor slab can undergo significant displacements without any failure. A change of the
behaviour of a thin slab, spanning in two directions with at least vertical support on its four corners, from
simple bending to membrane action enables to increase its load-bearing capacity.
Taking into account membrane action in the design of a composite slab can lead to significant savings
in terms of concrete thickness and fire protection. Initially developed by Bailey [2], an analytical method
based on this upper-bound mechanism has been proposed to assess the load-bearing capacity of a
composite floor slab in a given floor design zone [1]. Named FRACOF (Fire Resistance Assessment of
partially protected COmposite Floors), this method considers that only perimeter beams and columns in
the design zone should be protected to provide vertical support to the slab. The secondary beams which
are not connected to the columns are left unprotected to allow large displacements of the slab. Designed
as composite, their moment resistance is taken account of in the load-bearing capacity of the whole floor.
The method has been validated against full scale tests under standard fire or natural fire conditions
[1]. It applies to flat composite slabs – including a steel deck – connected to hot-rolled steel beams
spanning up to 15 m. However, large span floor panels require cross-sections with a great second moment
of area, in order to meet serviceability limit state requirements. This can be achieved by using cellular
beams, with savings in terms of constructional steel. Nevertheless, little research has been conducted on
the behaviour of cellular beams in a fire situation, especially as parts of a structure. Some fire tests were
carried out on isolated cellular composite beams [3]-[5], leading to numerical and analytical models [6]-
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[8], but no data are available about composite floors made of such beams, either at normal or elevated
temperature.
In the scope of a European research project FICEB (FIre resistance of long span CEllular Beams
made of hot-rolled profiles), this paper aims at proposing a numerical model validated on the
experimental results of a large scale fire test. The test was conducted on a purpose-built structure,
including a composite floor slab connected to cellular beams. The results from the test are then used to
calibrate the numerical model based on finite element analysis regarding the evolution of temperature, the
deflection and the failure shape of the whole structural system. A simplified approach is used to represent
the unprotected cellular beams in the numerical model.

2 FULL SCALE NATURAL FIRE TEST
2.1 Geometric and mechanical properties
The 15×9×3 m composite structure comprised a composite slab attached to a steel frame. In addition
to the UC 203×203×86 steel columns at the four corners of the building, two UC 152×152×23 steel
columns framed a glass window on the facade, reducing the beam span on that particular side. Thus, the
slab was connected to two 9-m cellular primary beams (beams 1 and 2), three UB 305×165×40 5-m
secondary solid beams on the façade (beams 6 to 8), and one 15-m cellular secondary beam on its 4th edge
(Beam 3). The structure also included two 15-m cellular internal beams (beams 4 and 5) (see Figure 1).
The geometrical data of the cellular beams are given in Table 1.
The 120-mm deep composite slab was made of a 40-mm Kingspan Multideck 50 ® dovetail steel
deck vertical to the secondary beams, and A393 reinforcement mesh set 40 mm above the deck. The slab
was fully connected to each beam by one row of evenly spaced Nelson shear studs.
C25/30 class normal weight concrete was used, while reinforcement and constructional steel had a
nominal yield strength of 500 N/mm2 and 355 N/mm2 respectively.
WINDOW

Beam 6

Beam 7

Beam 8

Beam 3
15 m

Figure 1. Frame of the purpose-built structure
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Table 1. Geometrical properties of the cellular beams.

Span (m)
Section
Upper member
Depth htop (mm)
Section
Lower member
Depth hbot (mm)
Number n
Pitch e (mm)
Cells
Diameter a0 (mm)
Height hsc (mm)
Shear studs
Diameter d (mm)
Spacing s (mm)

Primary beams
Beams 1 and 2
ℓ=9
UB 533×210×109
300
UB 533×210×109
300
15
600
400

200

Secondary beams
Beam 3
Beams 4 and 5
L = 15
UB 406×178×60
276,3
UB 457×191×98
306.7
22
21
650
400
95
19
150

2.2 Loading conditions
In order to represent the behaviour of a typical office fire in accordance with [9] and [10], 44 sand
bags, each weighing 1 ton, were evenly set on the top side of the slab, corresponding to a 3.26 kN/m 2
uniformly distributed load. The pre-design of the floor follows the principles of FRACOF method: only
the columns and perimeter beams were applied a 2-h standard fire protection. In order to keep their
aesthetical aspect, cellular beams are usually protected with intumescent coating. However, this type of
fire protection was not suitable for such a wet environment as during the test. Thus 50-mm thick ceramic
fibre blanket was applied.
45 wooden cribs set on the floor were ignited with paraffin to provide a thermal load of 700 MJ/m2,
and to obtain a natural fire curve, including a cooling phase. The maximum temperature at the centre of
the fire compartment is given in Figure 2. The temperatures in the fire compartment and on the structure,
as well as the displacements of the beams, were recorded all through the test with thermocouples and
LVDT sensors.
2.3 Experimental results
The protected perimeter beams remained rather “cold”, with average temperatures below 160 °C for
the whole test duration. Thus, as they kept their full yield strength and more than 90 % of their Young’s
modulus values at 20 °C [11], the perimeter beams deflected very little from the beginning to the end of
the fire test, providing sufficient vertical support to the slab.
The maximum fire compartment temperature reached 1036 °C after 72 min from the beginning of the
test. However, the maximum deflection of these two beams was recorded after 100 min, when the average
temperature of the compartment had decreased to 522 °C (see Figure 2). This maximum deflection is
close to 750 mm representing 1/20th of the greater span of the slab. This limit is lower than the maximum
allowable deflection of FRACOF method (greater span + smaller span)/30 equal to 800 mm. Since no
vertical displacement was measured on the slab, the comparison is made between the deflection of the
unprotected beams and this FRACOF criterion. The latter takes into account the slab thermal bowing, the
reduction of the mechanical strength of the steel reinforcement, and the deflection of the beams.
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1200
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Figure 2. Gas maximum temperature and deflections of the unprotected beams.

It must be noted that both unprotected cellular beams failed owing to significant inwards lateral
torsional buckling and end web-post buckling. On the one hand, maximum vertical shear forces combined
with restraints at both ends of the unprotected caused web-post buckling around end openings. On the
other hand, in their central part, the unprotected beams tended to twist outwards following the slab
rotation. Since this twisting movement was prevented by the stiff connection to the primary beams, the
upper flanges moved outwards whereas the lower flanges moved inwards.
These two opposite movements of the upper and lower parts resulted in inwards lateral torsional
buckling of the internal beams, without causing any overall collapse of the structure (see Figure 3).
Actually, an improper reinforcement mesh lap led to full-depth cracking in the shorter direction of the
slab, generating failure in terms of integrity and mechanical resistance (see Figure 4). Before this fulldepth cracking, the slab had already undergone very large displacements without failing, which implies
that tensile membrane action did occur.
It was also observed that the steel deck, which reached a maximum temperature close to 900 °C, debonded from the slab. This implies a very little contribution from the steel deck in the mechanical
resistance of the floor, which justifies ignoring this contribution in FRACOF method.
The results from this fire test are then used to calibrate a 3D numerical model described hereafter.

Figure 3. Deformed state of the internal beams after test.

Figure 4. Full depth cracking of the slab after test.

298

Gisèle Bihina, Bin Zhao and Abdelhamid Bouchaïr

3 NUMERICAL MODEL
The numerical model is based on finite element analysis under ANSYS code [12]. It was initially
developed for composite floors made of solid beams for the European research project FRACOF, and has
been “updated” for cellular beams.
All the floor components are modelled, with an average mesh size of 300 mm (see Figure 5).
SHELL91 : solid slab
(including reinforcement mesh
PIPE16 : slab-beams
connection

BEAM24 : steel deck
(including concrete)

BEAM24 : steel profiles

Figure 5. Modelling of a composite floor.

During the fire test described above, very small deflections were observed on perimeter cellular
beams which were protected. This allows “simplifying” the modelling of protected cellular beams,
considering their gross cross-section (between adjacent openings), and using double-T BEAM24
elements to account for possibly asymmetrical sections. Regarding unprotected cellular beams, a first
modelling option consists in representing their actual geometry with 8-node shell elements (SHELL281;
average size: 30 mm). In case of long span beams, this leads to a very great number of finite elements.
Hence, a second modelling option consists in using double-T BEAM24 elements and taking account of
lateral torsional buckling observed in the fire test.
Prior to simulating the real scale fire test (15×3 m slab), a smaller composite floor is modelled (9×9 m
slab), using the above described mesh. The composite slab is connected to cellular beams on its four
edges and to two internal cellular beams. The cellular beams have the same cell diameter and pitch as in
the test.
3.1 First model of small composite floor
The 9×9 m slab comprises a 58-mm deep, trapezoidal Cofraplus 60 ® steel deck, one of the most
commonly used on the French construction market. The slab is designed according to FRACOF method
and [11], in order to meet R (load-bearing capacity), I (insulation) and E (integrity) criteria. The beams
are designed according to the analytical method given in [6] considering a uniformly distributed load.
As this simulation aims at representing the behaviour of a realistic office fire in France, a fire factored
load of 3.75 kN/m2 (dead load = 1.25 kN/m2, variable load = 5 kN/m2) - without any dead weight – is
considered, a slightly greater value than in the test.
Moreover, since attention is focused on the behaviour of cellular beams at elevated temperatures, a 90
min ISO fire is considered, without any cooling phase. Considering C25/30 normal weight concrete and
S500 reinforcement mesh, this leads to a 140 mm composite slab depth and ST25C reinforcement mesh,
positioned 45 mm above the deck, in accordance with [13]. European S355 IPE steel profiles and
symmetrical sections are selected:
- primary beams:
IPE 450, overall cross-section depth = 609 mm;
- secondary beams:
IPE 360, overall cross-section depth = 500 mm.
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As the temperatures of the protected columns were not measured during the test, the columns remain
cold in the simulation, considering a temperature of 20 °C.
An elasto-plastic behaviour is considered for all the elements, except for the shear studs which heat
up a little due to the surrounding concrete, and which maintain an elastic behaviour thanks to their little
mechanical load. ANSYS Drucker-Prager model is applied to the concrete, while the stress-strain curve
of both structural and reinforcement steel are taken as in [11].
In a cost-effective purpose, the floor is assumed to be symmetrical, allowing modelling only its half,
with ad hoc boundary conditions. However, in accordance with the test configuration, the slab must have
no horizontal restraint, leading to the boundary conditions given in Figure 6.
UY, RX and RZ
restrained

Z
Y

X
UX, UY, UZ and RZ
restrained

Figure 6. Boundary conditions in model 1.

Like in the test, a fin-plate beam-to-beam connection is modelled at both ends of the internal beam.
Assuming a uniform gas temperature distribution, a 2D heat transfer calculation is run, in accordance
with [11], considering the gross cross-section of the perimeter beams and the net cross-section of the
internal beam. Two mechanical calculations are carried out. The first calculation takes account of the
connection between the unprotected secondary beam and the protected primary beams. This approach
generates a longitudinal thermal gradient at the two ends of the unprotected beam (model 1a). The second
calculation considers a uniform temperature distribution along the unprotected beam (model 1b) (see
Figure 7).
Primary beam (BEAM24)

Primary beam (BEAM24)

Unprotected secondary beam
(SHELL281)

Unprotected secondary beam
(SHELL281)

a)

Model 1a

b)

Model 1b

Figure 7. Temperatures at the beam-to-beam connection at t = 90 min.

In both calculations (models 1a and 1b), no sign of global collapse is observed after 90 min. Inwards
lateral torsional buckling and end web-post buckling are observed on the unprotected beam (see Figure
8), in which the maximum temperature reaches 1001 °C, like in the natural fire test. A comparison
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between the results of the two calculations does not put into evidence any noticeable deviation. The beam
and slab time-deflection curves are very similar, underlining that the longitudinal thermal gradient on the
unprotected beam can be neglected in the calculation [5]. When removing the initial displacements of the
structure (at t = 0 min), this particular beam deflects to less than 450 mm (span/20), while the slab
deflects to less than 600 mm, which is the maximum allowable deflection according to FRACOF method.

-565
-499
-432
-366
-299
-233
-166
-100
-33
33

-563
-496
-430
-364
-298
-231
-165
-99
-33
33

a)

Model 1a

b)

Model 1b

Figure 8. Vertical deflections of the steel frame at t = 90 min calculated with model 1 (9×9m).

This model is able to simulate the thermo-mechanical behaviour of a composite floor made of
unprotected cellular beams. It allows the development of a numerical parametric study used to extend the
existing FRACOF method to cellular beams [5]. The existing method accounts for the moment resistance
of the unprotected beams as a contribution to the overall load-bearing capacity of the floor. Thus, using
cellular beams implies to simplify their real geometry but also to provide conservative results. The
following options are considered (see Figure 9):
a) using the net cross-section of an unprotected beam to determine its moment resistance (model
2a);
b) same as option a), but, owing to lateral torsional buckling, neglecting the mechanical properties
of the lower T from 600 °C, when both steel yield strength and Young’s modulus are reduced to
less than 50 % of their ambient temperature value - without recovering them when cooling
down;
c) same as option b) but reducing the cross-section depth (thus its second moment of area) instead
of neglecting the lower T.
These three options are checked in the second numerical model described hereafter.
3.2 Second model of small composite floor
The 9×9 m composite floor described above is modelled using 2-T BEAM24 elements, and a uniform
longitudinal temperature distribution on all beams (protected or not). The results of these simulations are
compared against those of the first model (see Figure 10).
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hw2
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a0/2
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b2

tf2

hw2

tw2

a)

b2

tf2

tw2

tw1

tf1

b1

b1

Model 2a

b)

Model 2b

c)

Model 2c

Figure 9. Cross-sections of the unprotected cellular beams in model 2.

All the parameters are kept constant except the shape of the unprotected cellular beam. At the
beginning of the fire, greatest deflections are observed on model 2c. The floor deflects least with model 1
whether the ends of the beam are less hot than the rest of it (b) or not (a). Then, once the temperature of
the upper T reaches 600 °C and until the end of the fire-exposure, the greatest deflections are observed
with model 2b. Also, once lateral torsional buckling is initialised (model 1), the slope of the time –
deflection curves starts increasing, leading to greater deflections than with models 2a and 2c.
In the end, considering a reduced cross-section depth provides more realistic results than neglecting
the lower T. In order to confirm this conclusion, the fire test is simulated with double-T beam elements
for unprotected cellular beams, modelling the whole floor and using the measured average temperatures.
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Internal beam
Model 1a

30

Model 1b

b)
Model 2a

Model 2b

Slab
Model 2c

Figure 10. Deflection vs. time graph.

3.3 Simulation of the real composite floor
The real scale fire test is simulated using model 2 described above, i.e. representing the unprotected
beams with a 2-T cross-section. The simulation takes account of the test configuration to allow free
horizontal movement of the slab. Boundary conditions are applied on top and bottom of all six columns.
No displacement is allowed at the bottom of the steel frame, as well as rotation about the vertical axis to
prevent column torsion. In addition, for numerical stability, partial displacement restraints are applied at
the top of three corner columns, leaving the three other ones free to move, as shown in Figure 11, where
U refers to the displacements and R refers to the rotations.
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Z

X

Z

UX restrained

UX, UY, UZ and RZ
restrained

Y

UX and UY
restrained

Y

UY restrained

X

UX and UY
restrained

UX, UY, UZ and RZ
restrained

UX, UY, UZ and
RZ restrained

UX, UY, UZ and RZ
restrained

UY restrained

a)

UX restrained

Top view

b)

Bottom view

Figure 11. Boundary conditions of the model representing the real fire test.

Average temperatures measured on the beams are directly input in the model. Each protected beam is
assumed to have a uniform longitudinal temperature distribution, while the unprotected beams are divided
in five zones, corresponding to the five zones of thermocouples locations.
0
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-900
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Time (min)
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c) Beam 4

d) Beam 5

120

150

Figure 12. Deflection vs. time graph of the fire-tested unprotected cellular beams.

Model 2c allows representing unprotected cellular beams from their net cross-section with a cell
diameter reduced to 50 %. It can then used in a parametric study to compare finite element simulation and
FRACOF method extended to cellular beams [5].

4 CONCLUSION
In this paper, the behaviour of composite floors made of cellular beams at elevated temperatures was
investigated experimentally and numerically.
A real scale fire test was conducted under natural fire conditions to give a better understanding of
such a floor in a realistic situation. The cellular internal beams were left unprotected following the
principles of FRACOF method to allow large displacements of the slab, and hence membrane action.
With the temperature increase, significant deflections were observed on the unprotected parts of the
floors. The internal beams failed owing to web-post buckling combined with lateral torsional buckling,
without inducing any overall collapse of the floor. Global failure was rather caused by full-depth cracking
of the slab, due to an improper reinforcement mesh lap in the central part of the slab.
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These test results were then used to calibrate a 3D finite element model, which was capable of
simulating the thermo-mechanical behaviour of the purpose-built floor. The numerical model was then
simplified, using double-T beam finite elements to represent the unprotected beams and reducing their
cell diameter. A comparison between the experimental results and this simplified numerical model has
highlighted its accuracy.
Nevertheless, the validation of this numerical model is based on cellular beams with large web-posts.
A question arises about its accuracy and conservativeness when the cells are closer to each other, which
may lead to a different behaviour than that observed during the test. As a consequence, further analyses
should be conducted to enlarge the field of application of the proposed model, and to propose an
extension of FRACOF method to cellular beams.
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Abstract. Experimental tests were conducted at Purdue University to study the thermal and structural
response of concrete slabs subjected to high temperatures. The objective was to develop an
understanding of the behavior of the concrete portion of composite floor systems in the event of a fire. A
series of small, unrestrained concrete slabs were subjected to high temperatures using radiant heating
panels. No additional vertical loading was applied. The experimental data was used to verify finite
element models and to conduct a brief concrete coefficient of thermal expansion sensitivity analysis. The
results from these investigations will be used for future testing and modeling of large-scale composite
beam tests that are going to be conducted at Purdue in the near future.

1 INTRODUCTION
This paper focuses on experimental tests that were conducted to investigate the thermal and structural
behavior of the concrete portions of composite floor systems subjected to fire loading. The results are
used to improve 3D finite element modeling approaches to more accurately predict the thermal and
structural behavior of composite floor systems. The objective was study the response and behavior of
concrete slabs, focusing on the response to thermal loading without any applied gravity loads.
A number of tests have been previously conducted to study the behavior of concrete slabs at both
ambient and elevated temperature, and numerous analytical investigations were conducted following the
Cardington tests [1]. Many of these studies were conducted to study the behavior of the concrete slab
without the steel deck. It is assumed that at elevated temperatures, the strength and stiffness of the steel
deck is reduced to a point that it no longer has significant contribution to the system. The tests included
thermal and structural loading, and many of them focused on the development of tensile membrane action
in the concrete slab [2-5].
The goal of the tests presented in this paper was to investigate what happens to the slab when there is
only thermal loading. No additional gravity loading was applied. The effects of varying the
reinforcement and the slab thickness were evaluated. These tests allowed for observations regarding the
temperature and the displacement responses to be obtained, and the results were used to validate finite
element models. A sequentially coupled thermal-structural finite element modeling approach was used to
predict the behavior, and results from both the thermal and structural models were verified using the
experimental data. A brief sensitivity analysis was conducted to determine what material parameters have
the most significant effect on predicting the behavior.
The findings and experimental methods in these tests will be used to conduct future studies on largescale composite beam tests at Purdue University. The setup has already been designed and is currently
being constructed; the next set of experimental tests will be conducted in the near future.
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2 TEST METHODOLOGY
2.1 Specimen Design and Test Matrix
The test matrix included four concrete slabs that were 0.813m x 1.98m in plan dimensions and were
subjected to thermal loading only. Using high-temperature ceramic radiant heating panels at Purdue
University, the bottom surfaces of the slabs were subjected to temperatures as high as 700°C. In order to
study the thermal profile through the cross-section of the slab, the time-temperature response was
monitored using Type-K thermocouples that were embedded at various depths in the concrete. The
deformation behavior was measured using close-range photogrammetry and digital imaging techniques,
as well as conventional voltage-based linear displacement sensors.
Parameters of interest included reinforcing scheme and slab depth. The slabs that were reinforced had
Grade 60 reinforcement, which was provided by either a welded wire mesh or standard reinforcing steel.
The provided reinforcement ratio was 0.18%, which is the minimum temperature and shrinkage
reinforcement for concrete slabs per ACI 318-11 [6]. The objectives included investigating (i) the thermal
gradient that develops through the thickness of the slab as a result of heating one side and (ii) the
structural response of the slab when subjected to only thermal loading.
The slabs were constructed using normal weight concrete with a compressive strength of
approximately 35MPa. The size of the slab was determined by the desired heater layout, and the goal was
to use four heaters positioned side by side. The heaters are 0.91m x 0.41m in plan dimensions. Roller
supports were placed 0.076m from each end of the slab.
Table 1: Testing Matrix

Specimen
#

Parameter

1

Concrete only

2

Wire Mesh

3

Rebar

4

Slab Depth

Size
fc'
(MPa)

Reinforcement

Width
(m)

Length
(m)

Depth
(m)

35.1

0.813

1.98

34.3

0.813

1.98

34.8

0.813

34.0

0.813

Reinf.
Ratio

Wire
Mesh

Rebar

0.089

No

No

0%

0.089

Yes

No

0.18%

1.98

0.089

No

Yes

0.18%

1.98

0.127

Yes

No

0.18%

2.2 Testing Setup
All slabs were set up on rollers and subjected to thermal loading on the bottom surface using the four
ceramic radiant heating panels. The heaters are capable of reaching a maximum surface temperature of
1275°C. The ceramic heaters were placed in custom-built metal frames that were suspended from the
slab in such a way that the same distance between the heater and the concrete surface could be maintained
as the slab deflected during the experiment. The starting position of the heater could be adjusted using
the threaded rods and the goal was to position the heaters as close to the slab surface as possible without
clamping the heater to the concrete. The ceramic heaters and the support frames were lightweight, with a
total weight of less than 10% of the slab self-weight.
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Heater Support Frame

Concrete Slab

Ceramic Heaters

Roller
Support

Figure 1: Test setup for concrete slab subjected to thermal loading

Camera Target

Thermal Insulation

Digital Camera

Figure 2: Top view of test setup

PID controllers were used to operate each heater individually using a feedback control loop that
referenced a thermocouple on the heated surface of the concrete. The slabs were heated to a maximum
temperature of 700°C at a rate of approximately 20°C/min. Cooling was initiated once the maximum
temperature was obtained. In some tests, it was possible to control the cooling at 12°C/min. However, in
Test 3, some of the heated surface thermocouples malfunctioned near the maximum test temperature and
it was not possible to have control of the cooling phase.
Table 2: Summary of heating and cooling protocols for each test

1

Maximum Heated
Surface
Temperature
500°C

2

700°C

20 °C / min

12 °C / min

3

700°C

20 °C / min

Uncontrolled

4

700°C

20 °C / min

12 °C / min

Test

Average Heating
Rate

Cooling
Rate

20 °C / min

12 °C / min
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2.4 Instrumentation
In order to study the thermal profile through the cross-section of the slab, the time-temperature
response was monitored using Type-K thermocouples that were embedded at various depths in the
concrete. The thermocouple “trees” were placed at four locations. Each tree consisted of a small
diameter steel rod with multiple thermocouples that were welded to the rod at different locations along
the length. The junction of the thermocouple extended just beyond the rod in order to measure the
temperature in the concrete. Thermocouples were also attached on the top and bottom surface at the same
location as the trees to get the complete thermal gradient.
Vertical displacement measurements were monitored using linear displacement transducers that were
positioned at four locations (Figure 3). The deflection at midspan was measured in addition to the
deflection at the quarter points. The displacement transducers were attached to a frame that was
independent from the test setup in order to keep the sensors at a safe distance away from heat. The
sensors and the wires were also insulated to protect them from the effects of heat and steam.
Digital cameras and close-range photogrammetry techniques were used to measure the vertical and
horizontal displacements of the edge of the slab. This measurement technique is very useful in elevated
temperature testing because it is a non-contact form of measurement. Digital cameras are positioned at a
distance from the specimen where they are safe from the elevated temperatures. Using a network of
cameras, it is possible to track the movement of target points positioned at specified locations on the test
specimen. The images are time-stamped and post-processed using close-range photogrammetry and
pattern-matching techniques to determine the two-dimensional displacement of the target point.
Five camera targets were placed on the side of the slab and the movement of each target was captured
by a digital camera. The cameras have a fixed focal length so two different sized lenses were used in
order to provide two different sized viewing areas. A larger viewing area was required for the mid-span
deflection; a smaller viewing area was adequate for the camera targets at the supports where relatively
small displacements were observed. Pattern matching techniques using LabView Vision Assistant were
used for the post-processing of the camera data. Previous evaluation of the camera’s resolution indicated
that the cameras can capture displacements with a precision of 0.001in [7].

Figure 3: Instrumentation layout
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3 EXPERIMENTAL RESULTS
The results from the four slab tests are presented in the following sections. The thermal and structural
results are discussed separately.
3.1 Thermal Results
The figures below present the thermal profile through the thickness of the slab. The temperature
measurements at each thermocouple tree were averaged to obtain the time-temperature histories. The
thermal gradient is similar for each of the four test specimens. It should be noted that in Test #1, there
was an accidental cooling phase that occurred near 30 minutes. Control of the heaters was regained and
testing continued until the heated surface temperature reached 500°C. In the remaining three tests, heat
was applied to a maximum heated surface temperature of 700°C, at which a cooling phase of 12°C/min
was initiated.

Figure 4: Time-temperature histories from slab tests
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3.2 Vertical Displacement Results
The following plots display the vertical displacement measurements obtained from the displacement
transducers. The average heated surface temperature is also included in the plots for better comparison of
the four tests. Similar behavior was observed for the slabs reinforced with the wire mesh and the
reinforcing steel. The slab with the increased thickness had smaller displacements than the other three
test specimens, even though the time-temperature history and the thermal gradient was very similar to the
other three slabs.

Figure 5: Displacement-time histories for the slab tests

4 FINITE ELEMENT MODELING
4.1 Modeling Approach and Methodology
The 3D finite element models were developed and analyzed using the commercially available finite
element analysis program, ABAQUS [8]. This program was used because it is capable of including
(i) temperature dependent material constitutive models, (ii) nonlinear heat transfer analysis, and
(iii) sequentially and fully coupled thermal and structural analysis. The analysis was conducted using the
sequentially coupled thermal-structural analysis approach, which is commonly used for building
structural analysis under fire loads. As part of this approach, two identical finite element meshes were
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developed: (i) with thermal finite elements for heat transfer analysis and (ii) with stress based finite
elements for structural analysis.
The thermal model was used first to conduct the nonlinear heat transfer analysis to obtain the thermal
response and the nodal temperature histories (T-t responses). These nodal temperature histories were used
to define the thermal loading while conducting the structural analysis. The 3D models used solid 8-node
elements with reduced integration for the concrete slab (DC3D8R for thermal and C3D8R for structural).
These types of elements are suitable for large displacements and inelastic analyses. The wire mesh
reinforcement was modelled using embedded truss elements.

Figure 6: (a) Thermal and structural mesh (side view) and (b) vertical displaced shape

4.2 Material Models
Temperature dependent material properties from Eurocode were used with these models [9]. These
properties include both thermal properties, such as specific heat, conductivity, density, and thermal
expansion, as well as nonlinear mechanical properties for the steel and concrete. In the stress analysis,
the Concrete Damaged Plasticity (CDP) model developed by Lee and Fenves [10] and implemented in
ABAQUS was used to model the temperature dependent compressive inelasticity, smeared tension
cracking, and shear retention behavior of concrete. The CDP model accounts for multiaxial behaviour,
and in order to completely define the yield surface, the parameters in the following table were used.
Standard uniaxial compression tests were conducted to help develop the concrete stress-strain
relationship.
Table 3: Assumed CDP material model parameters

Concrete Damaged Plasticity (CDP)
Parameter
fbc'/fc’ (Ratio of biaxial compressive
strength to uniaxial strength)
K (ratio of the tensile-to-compressive
meridian of the yield surface in
deviatoric stress space)
Uniaxial compression stress-plastic
strain relationship
Uniaxial tension stress-strain curve

Assumed
Value
1.16 [11]
0.67 [12]
σ-ε provided
by Eurocode,
with reduction
factors [9]
ft = 0.09fc’

Figure 7: Coefficient of Thermal
Expansion (Eurocode)

The reinforcing steel elastic properties were defined using a multi-axial isotropic elastic model that
includes temperature dependency. The inelastic steel properties were defined using a multi-axial plasticity
model with associated flow rule, kinematic hardening, Von Mises yield criterion, and temperature
dependence. The uniaxial compressive and tensile stress-strain relationships were determined using the
mathematical models provided by Eurocode [9].
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4.3 Comparison of Model Results to Experimental Data
The average heated surface temperatures for each test were used in the respective finite element
models. The time-temperature history was applied to the appropriate area on the bottom of the modelled
slab. A heat transfer analysis was conducted using these applied temperature boundary conditions and
the results were then used and applied in the structural model to obtain the displacement response.
The midspan deflection of the slab obtained from the finite element models are compared to the
experimental results in Figure 7. Overall, there is good agreement and the models provide acceptable
predictions of the displacement during the heating phase. The finite element models tend to over-predict
the displacement at the higher temperatures.
The most noticeable discrepancy between the experimental results and the models is during the
cooling phases. Work is still being conducted to refine these models and to obtain an understanding of
why there is such a difference in the cooling phase.

Figure 8: Comparison of midspan deflection obtained from experimental data and finite element model

5 SENSITIVITY ANALYSIS
In order to investigate if the numerical modeling approach is sensitive to changes in the
coefficient of thermal expansion, a brief sensitivity analysis was conducted. Using the finite element
models for the four slab tests, the coefficient of thermal expansion was varied as a percentage of the
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temperature dependent values presented by Eurocode. Four cases were considered: (i) 50% reduction,
(ii) 25% reduction, (iii) 25% increase, and (iv) 50% increase. The results for two of the slabs are shown
graphically in the plots below. Varying the temperature-dependent coefficient of thermal expansion does
have a noticeable effect on the displacement response. If it is necessary to refine the modeling approach,
then it would be beneficial to conduct thermal expansion material testing to obtain a material model that
is more accurate. However, using the values provided by Eurocode is sufficient for predicting the
behavior.

Figure 9: Concrete coefficient of thermal expansion sensitivity analysis results

An additional study was conducted to determine if the results are sensitive to changes in the
uniaxial tensile strength of the concrete. Two sets of models were considered: (i) with ft = 0.09fc’ and (ii)
with ft = 0.05fc’. The results from two of the studies are presented in Figure 10, and the only noticeable
difference between the results from the two models is at the beginning of the cooling phase.

Figure 10: Concrete uniaxial tensile strength sensitivity analysis results
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6 CONCLUSIONS
This paper presented the results from experimental tests that were conducted on small concrete slabs
to investigate the thermal and structural response to thermal loading without additional gravity loads.
Ceramic radiant heating panels were used to apply heat to the bottom of the slabs. Varying the type of
reinforcement (wire mesh vs. rebar) while maintaining the reinforcement ratio does not appear to change
the response of the slab. The concrete slab with increased thickness had similar thermal gradients but
smaller vertical displacements. The temperature and vertical displacement data was used to verify 3D
finite element models and there was good agreement for the heating phase. A brief sensitivity analysis
was conducted, and it was determined that the concrete coefficient of thermal expansion provided by
Eurocode and the uniaxial concrete tensile strength of ft = 0.09fc’ is adequate for making predictions.
Both the experimental and numerical results from these studies will be used in future large-scale
composite floor system testing that will be conducted at Purdue University in the near future.
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Abstract. This paper describes a series of three full-scale furnace tests on post-tensioned LVL box
beams loaded with vertical loads, and presents a proposed fire design method for post-tensioned timber
members. The design method is adapted from the calculation methods given in Eurocode 5 and NZS:3603
which includes the effects of changing geometry and several failure mechanisms specific to posttensioned timber. The design procedures include an estimation of the heating of the tendons within the
timber cavities, and relaxation of post-tensioning forces. Additionally, comparisons of the designs and
assumptions used in the proposed fire design method and the results of the full-scale furnace tests are
made. The experimental investigation and development of a design method have shown several areas
which need to be addressed. It is important to calculate shear stresses in the timber section, as shear is
much more likely to govern compared to solid timber. The investigation has shown that whilst tensile
failures are less likely to govern the fire design of post-tensioned timber members, due to the axial
compression of the post-tensioning, tensile stresses must still be calculated due to the changing centroid
of the members as the fire progresses. Research has also highlighted the importance of monitoring
additional deflections and moments caused by the high level of axial loads.

1 INTRODUCTION
Timber is the material of choice for residential construction in New Zealand, Australia and many
parts of the world, however commercial and industrial construction are dominated by steel and concrete.
Post-tensioned timber is a building technique designed to offer a timber solution for multi-storey
industrial and commercial buildings with long spans and open floor plans serving as an alternative to steel
and concrete. There are many benefits in using post-tensioned timber over steel and concrete in that
buildings can be constructed very quickly with substantially smaller lifting equipment, timber is an easy
material to work with, and timber is also a green and sustainable building material which is becoming
increasingly important when making decisions about building materials for larger buildings [1-3].
Post-tensioned (PT) timber construction is an adaptation of the mature technology of post-tensioned
pre-stressed concrete. PT timber is made with large timber cross sections, constructed from engineered
timber products such as glue laminated timber (Glulam) or laminated veneer lumber (LVL). Timber boxbeams are post-tensioned with un-bonded high strength steel bars or wire tendons which run through
cavities within members, fixed to steel anchorages at either end of the beams or frames [4]. The posttensioning can be run through multiple bays of a frame to form the primary moment resisting beamcolumn connections as demonstrated in Figure 1.
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Anchorage

Post-tensioning tendon
Figure 1: Left - 2/3rd scale post-tensioned timber frame used for seismic testing. Right - Multiple beam-column
connections made with post-tensioning. (Thicker lines represent the steel tendons and anchorages).

Post-tensioning can be used to reduce deflections of heavy timber beams. The tendons can be draped
to provide uplift at mid-span. In seismic designs the post-tensioning serves to re-centre the building
following an earthquake, eliminating residual displacement. Energy dissipation can be achieved with
easily replaceable mild steel energy dissipaters.[5-8]
As with any timber construction there is a commonly perceived increased risk in fire. While the fire
performance of heavy timber structures is well established, PT timber has a number of factors which
could lead to unique and unfavourable failure mechanisms in fire. Complications include cavities within
timber members and the use of high strength steel tendons. As a result, corner rounding due to charring
may have a greater influence on a PT timber member compared to a timber member with no cavity. A
small rise in tendon temperature may result in substantial relaxation of the post-tensioning force,
potentially causing premature loss of connections or the failure of a member.
In order to demonstrate the fire performance of post-tensioned timber members a series of 3 full-scale
furnace tests on post-tensioned timber members were completed. These tests also provide data for the
validation of the fire design method developed for post-tensioned timber members. The design method
provides advice on the analysis of post-tensioned timber members under fire conditions, and the failure
mechanisms which are important to consider.

2 FULL-SCALE FURNACE TESTS
The experimental testing took place utilising a 4m by 3m furnace at the Wellington based Building
Research Association of New Zealand (BRANZ) testing facility. The beams were designated A, B and C,
and were LVL box beams, each post-tensioned with two 7-wire strand (12.7mm diameter) tendons. Beam
A was 426mm by 300mm, Beam B was 236mm by 190mm, and Beam C was 300mm by 190mm. Each
beam was constructed from 63mm thick LVL having a published bending stiffness of 13 GPa. Beams A
and B had approximately 210kN of post tensioning applied and Beam C had 230 kN post tensioning
applied. Beam B failure prematurely with an unexpected failure mechanism which lead to revisions in the
design calculations and eventually the construction and testing of Beam C. Because of this, no all the data
for Beam B is not presented here. Further details of this series of tests is available in [9].
2.1 Failure times
The failure times for the three tests are given in Table 1, together with the failure mechanisms and the
char depth.
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Table 1: Char depths and failure times and mechanisms from the full-scale test series.

Beam

Char depth

Failure time

Failure mechanism

A

48mm

64 min

Shear in lower corner

B

18mm

22 min

Premature disconnection of top flange

C

40mm

56 min

Bending and compression at end of beam
and beneath loading point.

2.2 Displacements
During the Beam A test the deflections remained in the order of 0.5mm-1mm for the first 45 minutes
then started to increase steadily until approximately 64 minutes when the beam became unable to carry
the applied load. The deflection profile during the Beam C test was similar to the Beam A test, however,
due to the beam being more flexible due to its geometry, deflections were greater. The deflections
measured during each test are presented in Figure 2 (left).
0
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Figure 2: (left) Vertical deflections of the test beams during standard fire exposure; (right) Thermal profile through
the bottom flange of Beam A.

2.3 Thermal results
The temperature profiles of each beam did not vary significantly, therefore only the behaviour of a
single beam is presented. During exposure to the ISO834 fire, the temperature profiles close to the surface
followed the random variations in the furnace temperature. Further into the section these features became
less evident and the curves became comparatively smoother. Deeper than 17mm into the section, the
temperatures approached 100 °C slowly and once 100°C was reached, heated more quickly. The bottom
flanges heated slightly more quickly than the webs since the flanges shields the web from some of the
furnace heat and therefore receive more radiation. Another possibility is that the width of the beam is
small enough that the 2-dimensional heat transfer serves to increase the temperature more quickly. The
temperature distribution for Beam A is presented in Figure 2 (right).
The temperature of the inside face of the LVL did not appreciably rise beyond 100°C whilst the
beams were still intact. The tendon temperature lagged behind the internal timber surface temperature as
expected. After 45 minutes the internal timber surface was approximately 25-30 °C hotter than the
tendons within Beam A. The temperature of the internal surface and the tendon are presented in Figure 3
(left). The position of the tendon within the cavity in Beam A showed little effect on tendon temperature.
The temperature profiles for the tendon at various positions are presented in Figure 3 (right).
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Figure 3: (Left) Average temperature of the post-tensioning tendon and the internal surface of the timber cavity of
beam A; (right) Temperature profiles tendons at different positions in cavity.

2.4 Tendon post-tension force and relaxation
Over the course of each test the post-tensioning forces decreased with time. The causes of these
decreases were due to the heating of the tendons and their subsequent thermal expansion and loss of
stiffness, but also the loss of timber cross section, and rotation of end anchorages. During the Beam A
test, at 60 minutes the tendons had lost approximately 25% of the initial applied stress. At this time the
tendon temperatures were approximately 58°C.

3 FIRE DESIGN METHOD
3.1 Failure mechanisms
Under fire conditions it is important to check: combined bending and compression at mid span and at
the end of beams, as well as shear in the lower corners and webs. The shear in lower corners needs to be
considered due to the geometry of the beams; charring rounds the exposed corners leading to the thinnest
region of the beam occurring there. These failure modes can be considered using standard methods such
as a combined stress index for bending and compression and ensuring adequate strength in shear.
3.2 Section Shape during fire exposure
LVL has a char rate of 0.72mm/min, as published by the manufacturer. The corners of a timber
section exposed to fire round as they char. This can be modelled by assuming the corner radius is equal to
the char depth [10]. These assumptions can be used to estimate the section geometry over the fire
duration. Shown in Figure 4 is a visual comparison between the geometry constructed from the above
assumptions and a similar timber section which has been exposed to fire. The section geometry can be
made up from a series of simple geometric shapes, which can then be used to calculate the second
moment of area (I), cross-sectional area (ܣ್ೝǡಷೝ ), centroid location, and therefore tendon eccentricity
(݁ೝ ሻ.
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Dimension Key:
b – Beam breadth
d – Beam depth
c – Char depth
z – Zero-strength layer
tf – Flange thickness
tw – Web thickness

Figure 4: Comparison between an actual fire exposed timber section and the model geometry. (Note: pink
coloured areas are removed for sectional analyses.)

3.3 Deflection and post tensioning relaxation analysis
When heated, the post-tensioning loses tensile load due to thermal expansion of the steel and a
reduction of Young’s Modulus with increased temperature. There are additional changes to the force
within the tendons due to anchorage rotations, beam deflections, and the increase in compressive stresses
due to the loss of area resulting in shortening of the beam. These geometry effects can be included in the
analysis as effective strains. The strains in the tendon can be represented as shown in Equation (1)Error!
Reference source not found., where: ߝబǡ is the total mechanical strain of the tendon at ambient
conditions, ߝೌೌ is the axial strain due to the applied axial force, ߝೝೌ is the thermal strain,
ߝೝೌ is the effective strain due to the rotation of the anchorages and subsequent elongation of the
tendons final length, and ߝೝೞೞ is the effective strain due to the increased axial deflections of the
timber beam.

H 0,mech  H rotation  H compression H mechanical  H thermal

(1)

As the calculation of deflections and post-tensioning force are non-linear and depend on one another,
the calculation lends itself to being solved iteratively.
In-order to calculate the components of strain within the tendon it is important to calculate the initial
length of the tendon so that each strain component is calculated with the same reference length. The
initial length of the tendon can be calculated as shown in Equation (2), where,ܧ is the Modulus of
Elasticity of the tendon, ܣ is the cross sectional area of the tendons,  ܮis the length of the beam,
andܨು is the ambient initial post tensioning force applied to the tendons.
Lo

ETendon Atendon L
FPT  ETendon Atendon

(2)

3.3.1 Post-tensioning force
The goal of this calculation is to determine the reduced post-tensioning force in the tendons after a
specified fire duration. However, due to the iterative nature of this calculation it is required that an initial
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value is assumed. It is easiest to assume the ambient temperature post-tensioning force as this initial value
as it will allow the calculation to converge quickly.
3.3.2 Post-tensioning moment
The applied post-tensioning moment is determined from the post-tensioning force and the calculated
eccentricity. It is important to include the effect of the changing eccentricity due to the changing cross
section geometry.
3.3.3 Transverse loading
The external loads are determined as dictated by the fire limit state loading and will not change
between iterations. The Australia and New Zealand Strucutral design actions standard AS/NZS:1170 [11]
states that the fire limit state load case to be the dead load plus 40% of the live load.
3.3.4 Tendon temperature
The temperature of the tendon can be assumed to be the same temperature as the internal surface of
the cavity within the timber member. This is a conservative assumption as the tendons will take additional
time to heat. The internal timber temperature and therefore the tendon temperature can be estimated using
an assumed temperature distribution for the timber underneath the char layer. Structural design for fire
safety [12] presents the parabolic distribution presented in Equation (3) where:ܶሺݔሻ is the temperature of
the timber at a distance  ݔbeneath the char layer,ܶ is the initial or ambient temperature of the timber
(20°C), ܶ is the charring or pyrolysis temperature of the timber (300°C), ܽ is the thickness of the heataffected layer (40mm).

T x

x·
§
Ti  Tp  Ti ¨1  ¸
a
©
¹

2

(3)

3.3.5 Thermal strain
The thermal strain in the tendon can then be estimated using the relationship presented in Section 3.4
of Eurocode 2 which provides the thermal strain for a pre-stressing steel [13]. This calculation is intended
for use with pre-stressed concrete and since the tendons being used for post-tensioned timber are the same
as those used for pre-stressed concrete, it is appropriate to use this calculation. Equation (4) presents the
thermal strain relationship adapted from Eurocode 2 where ߝ௧ the strain is induced in the tendon
due to its temperature, and ߠis the temperature of the tendon in °C.

H thermal

2.016E 4  105T  0.4 u 108T 2

(4)

3.3.6 Beam deflections
Under fire conditions it is important to consider the deflections of a post-tensioned timber beam so
that the bowing moment induced by the axial loads can be included in the calculation. The deflection
components which need to be monitored during design are flexural deflection due to external loads
(ܦௗ ),shear deflection (ܦௌ ) due to external loads, flexural deflections due to the post-tensioning
moment (ܦ் ), and bowing deflection caused by the axial post-tensioning force acting on an initially
deflected member (ܦ௪ ).The moment and deflections due to axial loads are dependent on the total
deflection, which includes a component of its own deflection making this a non-linear problem. Equation
(5) presents components of deflection and Equation (6) presents the calculation of the bowing deflection.

DTotal

DLoad  DPT  DShear  DBowing
DBowing

FPT DTotal L2
S 2 ETimber I
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3.3.7 Beam end rotations
Rotation at end anchorages affects the forces developed in tendons. This occurs under both ambient
and fire conditions. The beam end rotation components (߮ௗ , Equation (7)) to consider include the end
rotation due to transverse loading (߮ௗ ), post-tensioning (்߮ ), and axial bowing (߮௪ Equation
(8)). Tendon elongation due to rotation at the anchorages can be converted to strain using Equation (9)
which depends on the initial tendon length (ܮ ) as a reference and the tendon eccentricity (݁ி ).

Mend

M Bowing

MLoad  MPT  MBowing

(7)

FPT , Fire Dtotal L §
§SL · ·
¨  cos ¨
¸  1¸
S ETimber I ©
© 4 ¹ ¹

(8)

2Mend eFire
Lo

(9)

H rotation

3.3.8 Additional timber compression
As the timber is post-tensioned there are large axial loads which compress the timber resulting in
deflections parallel to the longitudinal axis of the beams. This is implicitly taken into account during
stressing, however, during fire exposure the timber area resisting the axial load is reduced which increases
the stress developed in the cross section and therefore increases compression deflections. It is only the
change in compressive strain which is of interest during this calculation which can be calculated using
Equation (10).

H compression

FPT , fire L
Lo Etimber ATimber , fire



FPT L
Lo Etimber ATimber

(10)

3.3.9 Tendon strain
The mechanical strain, which is used to calculate the force within the tendon, can then be calculated
using Equation (11).

H mechanical

H 0,mech  H rotation  H compression  H thermal

(11)

3.3.10 Stiffness reduction
As a tendon is heated, Young’s modulus decreases. Eurocode 2 section 3.2.4 [13] provides a
relationship between the reduction of Young’s modulus and tendon temperature.
3.3.11 Post-tensioning tendon force
The reduced tendon force for each iteration can then be calculated with Equation (12). Where ܧೝ is
the temperature reduced young’s modulus of the post tensioning tendon.
i 1
FPT
, Fire

H mechanical E fire Atendon

(12)

3.4 Design Actions
כ
The mid-span bending action can be calculated with Equation (13): where ܯ௪
is the moment
כ
due to axial loads as calculated in Equation (14), ܯ் is the moment due to post-tensioning and
כ
is the moment due to loading. The end moment due solely to post-tensioning, as all other
ܯௗǡி
components are zero at the ends of beams. The axial action on beams should be the reduced posttensioning force. The shear flow action should be calculated for the web at the centroid and at the bottom
corners of beams. Stresses can then be combined in an appropriate manner and checked against strength
capacities in order to design adequately performing members.
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4 DISCUSSION
The char rate recommendation of this research is 0.72mm/min with an additional 7mm layer. Using
this recommended char rate provides the best correlation between the fullscale test failure times and those
predicted by the proposed design method. The predicted char depths and failure times for the three beams
tested are shown in Table 2
Table 2: Predicted failure times using a 0.72mm/min char rate and 7mm zero strength layer.

Beam
A
B
C

Predicted
Char depth
47.5 mm
33.5 mm
45 mm

Predicted
Failure time
61 min
37 min
53 min

Measured
Char depth
48mm
18mm
40mm

Measured
Failure time
64 min
22 min
56 min

The hand calculation method of estimating the temperature of the inner surface of the timber has been
shown to provide reasonable results, and is able to be used to estimate tendon temperatures
conservatively. The hand calculation method gives results slightly cooler than those observed on the
timber surface but approximately 10°C higher than the tendon temperatures recorded anywhere in the
cavity. The recorded temperatures of the timber cavity surface and the tendons within beam C and those
predicted with the hand calculation method are compared in Figure 5.

Temperature (°C)

100

Hand calculation cavity surface temperature

80

Experimental timber cavity temperature
Experimental tendon Temperature

60
40
20
0

0

10

20

30
Time (min)

40

50

60

Figure 5: Tendon temperatures estimated by hand calculations and as recorded during full scale testing of Beam C.

4.1 Tendon relaxation
The simplified calculation method provides a reasonable estimate of the relaxation of the post
tensioning tendons. Figure 6 shows the calculated tendon strength for Beams A and B compared to the
full-scale experimental results. It was found that the tendon force is significantly better modelled by
including the effects of tendon elongation or shortening due to end rotations and increased timber
compression as well as the loss of stiffness and increased thermal strain. Rotation of the anchorages
increases strain in the tendons. Compression stresses and strains in the timber due to axial post-tensioning
increase during a fire due to the reduction in timber cross-section. Before including these effects, the
relaxation calculation depended only on the thermal strain and reduction of Young’s modulus and greatly
over predicted the remaining force in the post-tensioning
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Figure 6: Simplified calculation method tendon relaxation for Beam A (left) and Beam C (right) compared with
experimental results

4.2 Deflections
Deflections calculated by the hand calculation method substantially under-predict the beams
deflections. Figure 7 shows the calculated deflections for both beams compared to the experimental
deflections recorded. Experimental deflections were measured at the loading points and mid-span
deflections were therefore slightly larger than shown. The calculated deflections for Beam A were
positive due to the post-tensioning moment overcoming the loading and causing the beam to deflect
upwards. The calculated deflections for Beam C follow the shape of the recorded deflections better than
Beam A, but still substantially under predict deflections. Due to the non-linear nature of the deflection
calculation, it can become numerically unstable and fail to reach a solution. This however should not
occur before the calculation method predicts failure. The inability of the calculation method to predict
deflections, casts doubt on the rest of the calculation which depends on the deflections, particularly the
post-tensioning relaxation, and the design actions. A possible source of error in this calculation is the
assumption for the elasticity of the timber. Timber plasticity or thermally accelerated creep may account
for the increased downwards deflections observed during testing
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Figure 7: Calculated and experimental beam deflections
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5 CONCLUSIONS
A series of full-scale fire tests were conducted on loaded post-tensioned timber beams and a design
method has been proposed. The design method includes the following failure mechanisms which need to
be considered during the fire design of post-tensioned timber beams:
Shear failure in the webs at the centroid,
Shear failure in bottom corners,
Bending and compression failure at mid-span,
Bending and compression failure at the ends of the beam
The proposed design method is able to predict the fire resistance of a post-tensioned timber beam and
the tendon relaxation reasonably accurately. The design method recommends a char rate of 0.72mm/min
and an additional 7mm zero strength layer. The design method does not yet capture the beam deflections
at failure, possibly due to the lack of a model for plasticity of wood at elevated temperatures, which needs
further investigation.
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Abstract. In recent years residential buildings have been increasingly equipped by technological devices
and service supplies to gain an appropriate standard of comfort. Despite these service installations and
associated penetrations the fire resistance of fire separating elements must not be negatively influenced.
There are currently no approved systems or recommendations for fire safe penetration sealing products
in separating timber elements available. However, new measures and recommendations for fire safe
service installations in timber structures can be derived from numerical simulations and fire tests
conducted in a European research project and further work of the authors.

1 INTRODUCTION
The separating function for wall and floor elements represents one of the most essential capacities in
the case of fire, besides the structural stability. The building occupants and fire service must have
confidence in the correct function of these elements. The evaluation of the fire resistance for such
building elements occurs normally on basis of standardised fire tests, such as listed in EN 13501-2 [1], as
well as approved calculation methods, such as those presented in EC 5-1-2 [2]. These methods don’t
normally take into account any junctions to neighbouring elements, mounting parts such as wall sockets
and switches or penetrations of service installations for the likes of electrical wirings, heating systems,
water and sewage pipes. However, these service installations are necessary and essential for the use of a
building. Simultaneously the guarantee of fire prevention requires that for all building materials and
construction methods certified sealing compounds and penetration sealing systems are used, which have
the same fire resistance time as the separating building elements, to avoid the spread of fire as well as
early ignition of wooden panels or combustible materials inside the elements.
However inspections and surveys of new and existing buildings repeatedly report that for all building
materials and construction methods the risk for an early fire spread from one fire cell to the next is
mainly caused by blocked doors and especially by inappropriately designed and sealed service
installations in walls and floors. At the same time a survey found that 50% of the service installations
were not installed properly and would not be able to perform well in the case of fire, resulting in
significant limitations of usability for egress ways and the structural elements.
Several fire tests and technical approvals show that every type of service installation passing through fire
separating elements has its own specific characteristic, level of performance and therefore range of
application. Hence there is no single solution or product that will be used for all services and protect all
elements in the same manner to avoid early fire spread.
For the selection and arrangement of an adequate penetration sealing system the services must be
classified under consideration of number, size, material of the supply lines and transported substances.
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2 ARRANGEMENT CONCEPTS AND STANDARDS
2.1 Arrangement of service installations
Penetrations of building services through separating assemblies are unavoidable, and must be planned
and allowed for from the beginning of a project. This helps to avoid unnecessary penetrations and
complex and expensive solutions in the latter stages of the construction. Therefore it should be aimed to
include all service installations to previously defined fire compartments. This can be done by the
application of following design concepts (depicted in Figure 1):
a)
b)
c)

central distribution in fire rated service shafts and ducts with appropriate sealing of the
penetrated areas
penetration sealing in each separating element (wall, floor) with approved sealing compounds
and systems
continuous encasing of each service line throughout its entire length
a)

b)

c)

Figure 1. Arrangement concepts of service installations

All of these solutions must not only satisfy the requirements for fire safety but also the requirements for
acoustic, moisture and thermal performance. Furthermore, the accessibility for revision, maintenance and
additional installations should be allowed for. Based on these considerations and taking into account
further aspects, such as practical execution on site and durability the solution of a service shaft in
combination with timber structures shows some disadvantages. Most notably the problems of airborne
sound transmission between compartments through service shafts, cracks caused by different settlement
and moisture movement, and the necessity to seal each penetration through the shaft or duct and finally
the high costs can be mentioned. Therefore designs of sealing the penetration of service installations in
each separating element may be recommended for timber structures.
2.2 State of the art
Until now, fire tests of penetration sealing systems and sealing compounds for penetrations in timber
frame and solid timber constructions are missing and acceptable solutions are rare. Approved sealing
systems are typically only available for concrete or drywall construction at the moment. Further
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recommendations and acceptable solutions for these structures are made in the literature all over the
world [4], [5], [6]. For penetrations of service installations in timber assemblies the following weak
points can be identified:

Service installations made from combustible materials and materials that melt at fairly low
temperatures, such as wirings or plastic pipes, may lead in combination with wood based panels to a
quick formation of gaps or holes in the penetration area during a fire.

Metal pipe work can increase the heat flow through the assembly, thus an early flame spread to the
unexposed side or inside the assembly may be possible.

The application of penetration sealing systems, such as coated mineral wool boards, usually reduces
the cross section of the timber structures (see Figure 13). Gaps and the unprotected reveal area may
lead to an early fire spread to the inside cavity of the timber assembly and a sideways passing of the
penetration sealing system.
To check the applicability of existing penetration sealing systems and sealing compounds for timber
frame and solid timber structures, as well as develop further design rules, numerous fire tests for
penetrations of electrical wiring, pipes as well as for the fire save installation of switches and sockets
have been carried out.

3 EXPERIMENTAL INVESTIGATION
The series of experiments in these investigations have been split in to three parts. In the first part,
different types of penetration sealing compounds for electrical wiring, in combination with wood based
panels and solid timber elements were assessed. As timber framed and lined assemblies and noncombustible drywall constructions have similar failure mechanisms when exposed to fire (attrition and
the collapse of the lining) the main focus in this study was laid on the modification of existing and
already approved penetration sealing systems for drywall constructions, to achieve fire safety in
combination with timber structures too. Special attention was paid to the development of measures to line
and frame, the reveal area (see Figure 13) to get similar boundary and installation conditions for all
sealing systems. The third step in this investigation considered the fire safe design of wall
sockets / switches in separating timber elements.
3.1 Test setup for sealing of electrical cables
For the assessment of a fire safe sealing of electrical wirings in combination with wood based panels
five small scale fire tests were conducted. The assemblies were made of OSB with dimensions of
W x H = 540 mm x 540 mm and thickness of 15 mm and 25 mm respectively. One 15 mm thick panel
was additionally lined with 9.5 mm thick gypsum plasterboard. The bulk density of the panels was
~ 580 kg/m³ and moisture content ~ 7 %. All panels were screwed to a wooden frame to ensure more
stability in the fire tests and the mounting at the furnace. The single electrical cables or cable bundles
applied in these tests are specific for electrical wiring in building structures. These consist of 3
respectively 5 PVC insulated copper conductors with a further outer PVC sheathing and can be classified
according to DIN VDE 0250. All electrical cables were supported on the unexposed side, to ensure
practical conditions. In these investigations gypsum putty, mineral fibre insulation plugs, fire retardant
foams and mastics as well as intumescent wraps and sealing compounds were used to seal the penetration
area. The tests were carried out under variation of panel thickness, type of sealing, size of annular gap
(0 - 10 mm) and number of electrical wiring per penetration. In each test four different sealing setups
were assessed (depicted in Figure 2). The temperature formation on unexposed side was measured at each
cable and 25 mm beside the penetration area as well as in the centre of the OSB panel, to compare the
failure times at penetrations and the plane undisturbed panels to each other.
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Figure 2. Setup of fire tests for sealing compounds

Figure 3. Failure at penetration sealing with non
fire retardant PU foam

3.2 Test setup with penetration sealing systems
To assess the applicability of in drywall constructions approved sealing systems four small scale tests
for timber frame and solid timber assemblies were conducted by TU Munich and two full scale tests for
timber frame assemblies by the German Society for Wood Research (DGfH e.V.). The tests included
sealing systems for plastic pipes, copper and steel pipes, various cables and cable bundles as well as
measures for multiple penetrations of cables and pipes. In the small scale tests assembly dimensions of
W x H = 1180mm x 1180 mm were used. The first timber frame wall was designed for a fire resistance of
30 minutes, the second and the solid timber assemblies for a fire resistance of 90 minutes each. The
design and cross section of the timber frame assemblies can be taken from Figure 4. For the fire tests of
solid timber elements, 120 mm thick cross laminated timber panels (CLT) were used, consisting of 5
single layers each and bonded together with melamine resin. These panels had no additional lining. In
contrast to the timber frame elements an additional multi penetration sealing system was investigated in
the two CLT panels. The used system was made up of an 80 mm thick mineral wool board and coated
with an intumescent painting. The board was fitted tightly in the previous with fire rated gypsum
plasterboards lined opening in each test. Gaps between the mineral wool board and plasterboard lining
were filled by an intumescent painting according to the technical approval of the system.
To ensure appropriate fire safety in the reveal area the required thickness of the attached lining has been
determined approximately by numerical simulation in advance. Lining thicknesses from 2 x 10 mm to
2 x 18 mm in combination with a 100 mm wide framed lining around the exposed surface were
investigated with respect to heat flow and protection capacity for the timber members located behind.
Under consideration of a critical temperature of 300°C (in accordance with EC 5-1-2) the protection
capacity of the cladding was determined for point “A” - directly in the corner and “I” - 35 mm above the
corne (see Figure 8).
The additional influence of joints in the gypsum plasterboards were not investigated in this manner. In
the FE simulations, the lined corners of the reveal areas were exposed to the ISO 834 [7] fire curve over
30, 60 and 90 minutes respectively. The applied thermal force considered a conductive and a radiative
fraction at the exposed surface. Therefore emissivity İ and convection coefficient h were assumed equal
to 0.8 and 25 W/m2K, respectively, as suggested by Eurocode 1-1-2 [3]. For the unexposed side a
convective coefficient of 9 W/m²K (considering of radiation losses too) and ambient temperature of 20°C
were used. The thermal dependent material properties for conductivity (k), specific heat (c) and density
(ρ) of timber and gypsum plasterboard were taken from Eurocode 5-1-2 [2] and from a research report [8]
respectively. In addition, the influence of fasteners normally used to fix the gypsum plasterboards to each
other and to the supporting timber structure such as screws and staples were investigated with respect to
thermal degradation of the supporting timber members in the reveal area.
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Figure 4. Setup of timber frame assemblies with
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Figure 5. Small scale fire tests assembly (setup 2 - EI90)

Furthermore, two full scale fire tests with a timber frame wall and floor assembly in combination with a
mineral wool board multi penetration sealing system and installed services were conducted [9], [10].
Before lining the reveal areas a support infill frame was attached in the opening of the timber frame wall
and floor, to stabilise and support the gypsum plasterboard cladding. For these fire tests two layers of
18 mm gypsum plasterboards were used to line the reveal area. The wall and floor assembly were also
lined in the entire exposed surface with the same plasterboards.
Each penetration sealing in the small and full scale fire tests was equipped with several type K
thermocouples to measure the temperature formation and compare these results to the standard
benchmarks. The tests were carried out in accordance with EN 1366-3 and under ISO 834 fire curve
exposure. The failure criteria in all tests were measured in terms of:

integrity (E) considering ignition of cotton pad and flame ejection on unexposed surface and

insulation (I) with temperature increase less than 180°C above the initial ambient temperature.
Stability or structural adequacy was not recorded for these tests and so no additional load was applied.

4 EXPERIMENTAL RESULTS
4.1 Sealing for electrical wirings
Due to the large number of examined setups [12] only general results will be presented in this
paragraph. Several of the examined approved sealing compounds showed excellent results in combination
with cable penetrations in OSB panels and solid timber elements, in respect of equal failure times in the
penetrated and un-penetrated areas. All conducted tests showed larger heat transfer through the cables
itself in comparison to the plane panels and sealing compounds. As expected, an increase in the number
and conductor diameter led to an increase of heat transfer throughout the cables and faster temperature
formation in the penetration area. For one cable bundle and for inappropriate sealings an early ignition at
unexposed side of the OSB lining occurred (see Figure 3).
All test results showed an influence of the annular gap size and the used sealing compounds for the
temperature formation at OSB lining in the penetration areas. The tight executed cable penetration,
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without annular gap, showed a self sealing effect in the penetration, due to the thermal expansion of the
outer PVC sheathing. However this execution caused slightly higher temperatures in the penetration area
compared to penetrations with a regular sealed annular gap. For the examined penetration sealings of
electrical wirings with an annular gap sizes between 5 and 10 mm a formation of joints was obvious
between the lining and the sealing material in all fire tests. Those gaps increased by time of exposure and
were more distinctive for “passive” sealing compounds, such as uncompressed mineral wool plugs.
Therefore a pre compression of flexible mineral wool plugs is needed for durable fire safe sealings.
However better results were reached by the use of flexible sealing compounds or by the use of gypsum
putty.
4.2 Penetration sealing systems
4.2.1 Single systems
As for the sealing compounds excellent results have also been reached for approved penetration
sealing systems in timber structures [11], [13]. Therefore equal failure times for the plane timber
elements and penetration areas have been reached (see Figure 6). As the most critical area for an early
failure, the junction of penetration sealing system and timber element was found in all tests. This has
been caused by problems to fill the joints properly in the entire depth of the lining (see Figure 7). This
problem was more significant for multilayer and thick linings in combination with gypsum putty or
viscous mastics when compared with intumescent sealing compounds. Here gaps and small voids in the
sealed joints were subsequently closed by thermal expansion of the intumescent material.

Figure 6. Failure of small scale timber frame assembly

Figure 7. Failure in sealed penetration junction

4.2.2 Lining of reveal area for multi penetration systems
For designing the setup of fire tests numerical simulations were conducted to determine
approximately the required thickness of gypsum plasterboard cladding in the reveal area for various fire
resistance. The temperature formation between the reveal lining and the timber element can be taken
from Figure 9. In the numerical simulations the 2D heat transfer influence became apparent for the
corner, as expected, and resulting in a faster temperature rise as for measurement point “I”. For this point,
with less thermal exposure no exceed of critical temperatures were detected in those setups with linings
of at least:

2 x 10 mm for 30 minutes,

12.5 mm x 15 mm for 60 minutes and

2 x 18 mm for 90 minutes.
The thermal degradation of the timber members was accepted in the area of exposed corner. In this
manner designed and conducted reveal areas showed excellent performance under fire exposure in
combination with the 100 mm wide framed lining [13], [9], [10].
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Figure 9. Temperature formation for different of reveal linings

In the pre-examinations as well as in the fire tests the influence of fasteners for the gypsum board lining
was examined also. Fasteners penetrating the plasterboard lining caused higher temperatures in the timber
compared to the undisturbed area of plasterboards. Screws with a larger penetration
length in timber led to lower temperatures
compared to shorter ones and slowed down
the degradation process alongside the
fasteners (see Figure 10). Furthermore skinny
fastener caused less colouring and degradation
in timber compared to larger fastener
diameters. However no negative influences
such as excessive local degradation of timber
and no early ignition caused by fasteners were
recorded in the tests [14].
Figure 10. Charring alongside a screw (left 4.3x55mm; right
4.3x35mm) penetrating a 12.5 mm plasterboard

5 RECOMMENDATIONS
5.1 Penetration sealing for electrical wirings in timber structures
The results obtained in this study show the necessity of a proper sealing for electrical wirings in the
penetration area to reach fire safety in combination with timber frame- and solid timber structures. As
timber frame and drywall structures have similar failure mechanisms and material behaviour of the lining
when exposed to fire, many approved sealing measures for drywall structures are appropriate for timber
constructions too and should be used as presented in Table 1. Special attention must be paid to the
gapless and void free sealing of the 5 – 10 mm wide annular gap in complete thickness in the penetrated
lining on both sides of the elements. For solid timber elements a sealing depth of at least 40 mm on both
sides is recommended to reach a fire resistance time up to 90 minutes. In the case of an annular gap less
than 0.5 mm no additional sealing is needed for skinny cables. For thicker cables and cable bundles the
conducted heat through the penetration increases and only highly efficient and durable measures or
special penetration sealing systems shall be used.
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In addition the following conditions must be observed:

distance d between adjacent cable penetrations ≥ largest penetration diameter (see Figure 11)

density of penetrated wooden panel ≥ 400 kg/m³ reaction to fire class at least D s2 d0 (EN 13501-1)

for smoke proof connections use of permanent flexible sealing compounds or mastics
Table 1. Recommended sealing measures

Sealing measure

no further sealing
gypsum putty

Annular gap
size

Single cable
NYM* ≤
5x16mm²

≤ 0,5 mm
5 to 10 mm

intumescent wrappings
sealing compounds
fire retard. polyurethane foam
(with technical approval)

Type of electrical cable
Cable bundle **
≤ 3 cables
≤ 5 cables
1 x NYM ≤ (5x16mm²)
5 x NYM ≤
+ 2 x NYM ≤
(3x2,5mm²)
(3x2,5mm²)














flexible stone wool plugs,


density ≥ 70 kg/m³)
*) cable NYM Y x Z mm²: Y PVC insulated copper conductors with a further outer PVC sheathing, cross
section of conductors Z mm² each (in accordance with DIN VDE 0250)
**) for combustible cavity insulation use of non-combustible stone wool pipe linings around the cables
5.2 Application of penetration sealing systems in timber structures
5.2.1 Single systems
The assessed systems contained combustible and non-combustible service pipes in addition to
penetrations of cable bundles. It is found that systems with intumescent materials (“active systems”),
which expand when exposed to high temperatures, efficiently seal the gap between the sealing system
and lining of the timber frame or solid timber elements. For systems with “passive” sealing materials,
such as gypsum putty, the fully gapless filling throughout the complete depth of the lining is needed too.
For thick linings of separating timber frame elements the application of a consistent sealing becomes
difficult. To optimize these joints for fire conditions an additional 100 mm wide and minimum 12.5 mm
thick non-combustible framed lining with gypsum plasterboards is strongly recommended (see Figure
12).
framed lining

"passive" joint
sealing

"active" joint sealing

sealing system

Figure 11. Penetration sealing for electrical wirings

Figure 12. Joint sealing for penetration sealing systems
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5.2.1 Multi systems
For the installation of multi penetration sealing systems in compartment timber structures comparable
conditions to those used in concrete or drywall constructions must exist. Through this the fire spread
inside the timber structure and sidewise passing of the sealing system can be excluded. The main concept
is to line the reveal area of the penetrations / openings with a non-combustible encasing cladding, such as
gypsum plaster - or gypsum fibre boards over the entire thickness of the separating element, including the
attachment of an additional framed lining of at least 100 mm wide around both sides of the surface. This
is to create joint steps and avoid continuous joints for convective heat flow through the structure and
between reveal lining and structural timber element. For the setup of reveal linings two layers are
preferable. In addition for timber frame constructions a support infill frame with at least 40 mm in the
opening area is necessary to stabilise and support the reveal lining and the framed lining (see Figure 13).

1
2
3
4
5

combustible or non-combustible lining
non-combustible encasing cladding in reveal area
penetration sealing system
framed timber structure
framed lining of encasing cladding minimal 100 mm

a/b

solid timber structure / timber frame structure

Figure 13. Fire safe lining of reveal area

6 CONCLUSION
The investigations show that the selected approved penetration sealings and systems for separating
timber elements are applicable in accordance with the specified design restrictions and no early failure of
the penetration will occur in the case of fire. The lining of the reveal area represents an efficient fire
safety concept that provides for multiplicity of existing penetration sealing systems similar and fire safe
installation conditions. National and international knowledge as well the executed fire tests show that
existing penetration sealing systems can be used in combination with timber structures to assure fire
safety.
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Abstract. This paper deals with protection provided by mineral wool to timber frame assemblies. New
classification of mineral wools regarding fire resistance is needed. Protection by heat-resistant and nonheat-resistant mineral wool is analysed and compared to existing design method in EN 1995-1-2. Work is
based on model-scale and full-scale fire testing.

1 INTRODUCTION
Mineral wool is used for cavity insulation in many types of structures. It has to satisfy different needs,
among others heat and acoustic insulation during the life time, but it may also contribute to the fire
resistance of the structure. In EN 1995-1-2 terms “insulation made of glass fibre” (glass wool) and
“insulation made of rock fibre” (stone wool) were introduced without any further definition. A later
European standard for thermal insulation products specifies mineral wool but doesn’t distinguish between
glass and stone wool. Insulation products are classified regarding their “reaction to fire” but no
classification of mineral wool is available for the structural fire design and the ability of the insulation to
contribute to the protection of load bearing members. The existing distinction between “insulation made
of glass fibre” and “insulation made of rock fibre” is based on fire resistance tests from which it is widely
known that stone wool performs better than glass wool when directly exposed to fire. At the moment, no
standardized test method exists to quantify the difference in terms of product properties nor their
contribution to the protection of timber members. In a revision of EN 1995-1-2 these facts have to be
considered not least because the availability of a novel product on the market which is a basically glass
wool, but performs in fire as a “traditional stone wool”. Furthermore other topics as the ability of the
insulation to stay in place after the failure of the lining are not addressed in EN 1995-1-2.
Present research was performed with typical Scandinavian cross-sections of timber frame members
with width of 45 mm.

2 MINERAL WOOL
In timber assemblies (timber frame floors and walls) timber construction members are enclosed by
e.g. gypsum plasterboards or wood based panels or combinations. This cladding on the fire exposed sides
provides protection of the timber member. Besides the protection of the narrow sides of timber studs or
joists in timber frame assemblies additionally partly protection of the wide sides may be provided by
cavity insulation. Mineral wool is often used to fill the cavities.

337

Alar Just and Joachim Schmid

a)
b)
c)

Structure of stone wool at 100μm (left) and 20 μm scale (right).
Structure of glass wool at 100μm (left) and 20 μm scale (right).
Structure of the heat-resistant glass wool at 100μm (left) and 20 μm scale (right).
Figure 1. Microstructure of mineral wools [9].
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Stone wool is a mineral wool manufactured predominantly from molten naturally occurring igneous
rocks. Steam of air is blown through the molten rock of about 1600°C. After formation, the fibres are
sprayed with binding agents, water repellents and mineral oil, and are passed through an oven and are
formed into the appropriate products. The final product is a mass of fine, intertwined fibres with a typical
diameter of 6 to 10 micrometers. Densities of stone wool insulations, used in structures, are usually 26 to
50 kg/m3. Traditional stone wool is not sensitive to high temperatures in a standard fire.
Glass wool is a mineral wool manufactured predominantly from sand and molten recycled glass. It
consists of intertwined and flexible glass fibres, which cause it to trap air, resulting in a low density that
can be varied through compression and binder content. After fusion of a mixture of natural sand and
recycled glass at 1450°C, the glass that is produced is converted into fibres. The cohesion and mechanical
strength of the product is provided by the presence of a binder that “cements” the fibres together. Ideally,
a drop of bonder is placed at each fibre intersection. This fibre mat is then heated to around 200 °C to
polymerize the resin, and is calendared to give it strength and stability. Densities of glass wool
insulations, used in structures, are usually 14 to 20 kg/m3. Traditional glass wool is sensitive for high
temperatures in fires. When the temperature exceeds 500°C, there can be a fast recession of traditional
glass wool insulation. This will occur usually after the cladding failure.
In the market situation today there are products that do not suite into this classification. For example
heat resistant glass wool (high temperature extruded wool) is also a glass wool. Fire protection provided
by this wool is comparable to stone wool [6]. This type of wool can resist up to 1000°C or more.
Therefore the classification to heat-resistant and non-heat-resistant mineral wool is more appropriate to
use for design rules.
The product standard for mineral wool EN 13162 [2] does not classify mineral wools according to
provided fire protection to timber member in timber frame assemblies. From experiences of fire resistance
tests it is known that different mineral wool products may provide different fire protection, mainly based
on the source material. The product standard requires the declaration among others the heat conductivity
reached by the specific product but does not require the declaration of density. Hence the latter is used by
[1] and the new component additive method [8] to describe the protection ability of mineral wool. This
results subsequently in a problem for designers.
EN 1995-1-2 gives design rules for timber assemblies insulated with mineral wools made of two
different sources - glass and stone. By doing so [1] classifies mineral wool different from [2]. But the
design standard EN 1995-1-2 is not a classification standard , it may not be reasonable to keep this
definition in the future. Hence different approach for different insulation materials in EN 1995-1-2 is
purely caused by different protective properties in fire and has to be taken into account by the design
models provided.

3 DESIGN METHODS OF EN 1995-1-2
The European design standard EN 1995-1-2 [1] provides rules for the design of timber structures in
fire. Structural design is based on the charring model by König et al [3], who performed extensive
experimental and simulation studies of timber-frame assemblies.
Charring is a central parameter for determining the degree of fire resistance of a timber member: the
original cross-section is reduced by the charring depth.
For protected members, charring is divided into different phases, see Figure 2. No charring occurs
during Phase 1 until a temperature of 300°C is reached behind a protective layer. Phase 2 is referred to as
the protection phase, and protection is assumed to remain in place until the end of this phase – which is
failure time tf. The charring is relatively slow during this phase. Phase 3 is the post-protection phase, and
starts at failure time of cladding. The charring is fast due to the lack of the char coal layer as thermal
barrier. Mineral wool may provide protection on the wide sides of timber members during the protected
phase and even during the post-protection phase when it is heat-resistant that means is not reduced in
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failure cladding

charring depth

start of charring

depth. Charring of timber member may be faster when the cross-section is smaller, due to twodimensional heat flux within the member, this is considered by means of the cross-section factor ks.

phase 3

phase 2
phase 1

time
Figure 2. Charring phases of protected timber member.

According to the main part of [EN 1995-1-2] as well as the Annex C for light weight timber floors
and walls cavities can be filled with any mineral wool as long as any cladding is in place, protecting the
members and the cavity insulation. As soon as the cladding fails (tf), verification can be done only if stone
wool is used, since glass wool will undergo rapid decomposition. According to present design model in
EN 1995-1-2 the failure of timber member is regarded to occur at time of failure of the cladding tf when
glass wool is used as insulation. For stone wool insulated assemblies and assemblies with void cavities,
design rules are given for the post-protection phase in [1].
In timber frame assemblies the charring rate of initially protected timber members is given as

En

k p k s kn E 0

(1)

where β0 is a basic one-dimensional charring rate taken as 0,65 mm/min for softwood.
The protection factor kp takes into account the protection phase. When the cladding is still in place,
factor k2 is to be applied, when the cladding has fallen off, factor k 3 applies for the post-protection phase.
Here the sub-index indicates the phase of charring. The cross-section factor ks takes into account the
width of cross-section and factor kn is to convert actual cross-section into notional rectangular crosssection. Charring depth is taken as
dchar , n Ent
(2)
where t express time from the beginning of fire. The resulting cross-section is a notional rectangular
cross-section, see Figure 3.

4 PROTECTION BY HEAT-RESISTANT MINERAL WOOL
Timber frame members protected by stone wool can be calculated using method at EN 1995-1-2.
Only charring from one side should be considered for the protected and unprotected phase according to
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Equations (1) and (2), the effect of heat on the wides sides and corner roundings respectively is
considered by using a corresponding rectangular cross-section, see Figure 3
Stone wool of different producers using different production processes is available on the market. In
Annex E of [1], it is assumed that the quality of protection by stone wool is related to the density but
recent research showed that the density might not be the crucial factor. The models presented in [1] base
on a 30 kg/m3 dense product available in Scandinavia. In recent research, different products, both stone
wool and heat resistant glass wool were compared in a full scale wall test with direct fire exposure [4]. It
shows that the models of [1] are based on one of the best products, while other products satisfying the
description stone wool and representing equal densities do the same protection against heat.
Stone wool products should be additionally researched and classified by the mineral wool standard,
alternatively a standard for the protection ability of insulation products for timber members may be
needed.
During the last years, a novel product combining advantages of glass wool (high flexibility, lower
density) and fire resistance ability of stone wool was introduced on the market. Due to the limitations of
EN 1995-1-2 described above it can’t be used to design timber frame structures after the failure of the
cladding, although its protection ability was proven in both non load bearing and load bearing model scale
and full scale tests.

Key:
1
2

Solid timber member (stud or joist)
Cladding

3
4

Insulation
Residual cross-section (real shape)

5
6

Char layer (real shape)
Equivalent residual cross-section

7

Char layer with notional charring depth

Figure 3. Charring of timber frame member (stud or joist): a. Section through assembly. b. Real residual cross-section
and char layer. c. Notional charring depth and equivalent residual cross-section [3]

Figure 4 and Figure 5 show the comparison of charring depths of assemblies insulated with stone
wool and heat-resistant glass wool. The protection provided by those two types of mineral wool is similar
and the design model presented in [1] can be used for both. In Figure 4 the charring depth versus time is
shown based on analysis of test results [6]. The charring of studs with cross-sections 45x145 mm is
remarkably faster than determined by EN 1995-1-2. To take increased charring into account increased
cross-section factor ks is recommended according to [5].
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Figure 4. Linear equations for the charring rates of studs insulated by high temperature extruded glass wool and stone
wool.

Load ratio Mf /M0

100%

Comparison f ire tests

80%
60%

Series S1 [König, 1995]
Serie 1 (unprotected)

40%
20%
0%
0

10

20

30

40

Time to f ailure tu [min]

Figure 5. Comparison of failure times in fire tests of existing results using stone wool (red) and tests using high
temperature extruded glass wool (blue).

There is a wide range of different stone wool products in the market. When EN 1995-1-2 was drafted
there was little information available on the influence on the load bearing capacity of timber frameworks
of different insulation products. It was assumed that differences are little. Based on research [6] it was
shown that the design model in EN 1995-1-2 is based on one of the best products in the market. Based on
full-scale test series with different stone wool products [4] the conclusion can be drawn that protection
provided by stone wool may be overestimated for many stone wool products in the market.
Further research work is needed to investigate properties of different stone wool products used for fire
protection.
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Figure 6. Temperature rise behind mineral wool of 145 mm thickness exposed to standard fire. [4]

5 PROTECTION BY NON-HEAT-RESISTANT MINERAL WOOL
Non-heat-resistant mineral wool products will undergo decomposition when exposed directly to fire.
A proposal for a post-protection stage is worked out which takes a recession speed of the insulation into
account; for most of the traditional glass wool products in Europe a value of v = 30 mm/min is proposed
[7]. The design model for assemblies with cavities filled with glass wool insulation may be applied to
other insulation materials that undergo thermal degradation above a critical temperature. In this case, the
surface recession rate must be determined, e.g. by performing fire tests with the insulation in dense
contact with the timber member.
The principle to determine the residual cross-section is shown on Figure 7. During the protected
phase, the charring scenario is similar to the case with heat-resistant mineral wool. Charring at protected
phase is regarded according to Equations (1) and (2) as for heat resistant mineral wool. There will be
charring from three sides during the post-protection phase with respect to the delay of charring following
the recession of mineral wool.
Further simplifications for this trapezoidal model are proposed in [7] where the use of equivalent
rectangular cross-sections is proposed where different cross-sections can be determined for different
applications (beams and studs).
The practical range of interest in Figure 8 is Wfi/W = 0,2 to 0,4. Wfi is the section modulus of the
residual cross-section needed to provide load carrying capacity in fire situation. If the stud has dimensions
for example 95x195 mm there is a significant additional protection time provided by glass wool.
Compared to limitations given in [1] the verification of timber construction can be continued at post
protection phase. In the presented example additional 10-15 minutes can be achieved compared to
existing rules in [1].

343

Alar Just and Joachim Schmid

dchar,1,n

a

dchar,2,n

dchar,2,n

b

dchar,2,n

hchar,2b

h

dchar,1,n,unexp
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c

Figure 7. Charring of timber member when insulated by traditional glass wool [7]

1,0
0,8

Wfi/W

0,7
0,6

0,5

Model for stone
wool [1]

0,4
0,3

model for
traditional glass
wool [7]

0,2
0,1
0,0

0

End of present design model
according to [1]

0,9

20 t [min] 40
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Figure 8. Example of new design model for structure with gypsum plasterboard type F (hp=15 mm) and timber studs
95 mm x 195 mm.

The model for traditional glass wool presented here may be implemented for other non-heat-resistant
insulations after determining specific recession speeds.

6 DISCUSSION
According to data given in [3] the principle for design equations to determine the charring depth are
based on the assumption that failure will occur before the charring depth has reached 30 mm. For larger
charring depths the method may give overestimated results since a two dimensional heat effect increases
the charring rate during a later stage depending on the cross-section width. This is contrary to unprotected
timber members where an increased charring on the narrow side of timber cross-sections can be neglected
[11]. It is proposed to take into account an increased charring rate for timber frame assemblies with
insulated cavities having in mind the charring depth of 40 mm which may be realistic in many cases.
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Figure 9 shows the reference fire test results with stone wool for the method reported in [3], new tests
with the existing linear charring curve according to [1] and a proposed new linear curve with different
slope.
Simplifications of charred cross-sections protected by heat-resistant mineral wool on the wide sides
are based on the equal section modulus of the real charred cross-section and the simplified rectangular
cross-section. This principle of simplifications give good results for bending elements (beams) but is
conservative for studs, loaded by compression only. Different simplifications for studs and for joists are
provided already for the method for non-heat-resistant mineral wool.
An important issue concerning mineral wool that must be considered by designing frame assemblies
is the fixing of the mineral wool between studs and joists. Mechanical fixing can be done by fasteners or
by gluing, for example. The efficiency of fixing must be proved. In some extent also overdimensions may
be a solution to keep the insulation batts on place. Test results [4] show that 145 mm thick heat resistant
mineral wool is staying at place in a wall assembly during 60 minutes fire without cladding at fire
exposed side from the beginning of fire. Thinner mineral wool batts may fall off during fire. Mechanical
fixing of the cavity insulation is even more important for floor structures. If the insulation batts are not
fixed, they can fall off during the fire and the protective effect can not be taken into account.
70
60

dchar [mm]

50
40

Tests (König) 2000

30

Tests (Just) 2009

20

Tests (Schmid) 2010
45 u 95
45 u 145
45 u 195

10
0

0

EN 1995-1-2
proposal

10 20 30 40 50 60 70 80 90

t [min]
Figure 9. New and reference test results [3],[4], [10] with 45 mm wide cross-sections. Charring depth line of EN 19951-2 and proposal by authors of this paper is presented.

Figure 10. Hot air stream may cause local decompositions of the material (left side). Photo taken after fire test SP
Wood Technology

Air tightness of assemblies is an important issue. With air flow through the structure at high
temperatures local decompositions of mineral wool may occur. See Figure 10.
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7 CONCLUSIONS
Existing design methods in EN 1995-1-2 should be slightly revised and improved for next revision of
EN 1995-1-2. Classification of mineral wool should not be a subject of EN 1995-1-2. Grouping into heatresistant mineral wool and non-heat-resistant mineral wool is proposed by authors of this paper.
Simplified design rules should be revised taking into account different approaches for beams or studs.
Research work for different stone wool products is needed.
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Abstract. For timber members with fire resistance requirements, design models usually consider the loss
in cross-section due to charring and the temperature-dependent reduction in strength and stiffness of
timber. For bonded timber elements such as glued laminated timber beams, it has been assumed that the
adhesive does not influence the fire resistance of structural timber beams significantly; however, some
concern was raised recently [1]. Thus, a comprehensive research project is in progress to investigate the
influence of adhesive in bonded timber elements and to develop a simplified design model for the fire
resistance of bonded structural timber elements considering the behaviour of the adhesive at elevated
temperature. This paper presents the results of an extensive test series on finger-jointed timber members
loaded in tension and exposed to ISO-fire. Taking into account the different failure modes, no significant
influence of the adhesive on the load-carrying capacity of finger-jointed timber boards was observed.

1 INTRODUCTION
Traditionally, for bonded connections in timber structures, such as finger joints, phenolic resorcinol
formaldehyde adhesives (PRF) have been used. To prevent some of the disadvantages of PRF, novel
adhesives have been developed and put on the market. These latter adhesives are cheaper, permit shorter
hardening times (in the case of melamine-urea formaldehyde adhesives, MUF) and, in the case of
polyurethane adhesives (PUR), are also free from formaldehyde. However, fire tests carried out by König
et al. [1] on glued laminated timber beams with PUR and MUF adhesives in the finger joints exhibited
bending resistances of only 70 to 80% of the bending resistance of the beams with PRF-bonded finger
joints. Further, on the basis of a series of tensile tests with finger joints at elevated temperatures by
Frangi et al. [2], it can be expected that the behaviour of the adhesive at elevated temperature may
influence the fire performance.
A comprehensive research project on the fire resistance of bonded timber elements (e.g. glued
laminated timber beams, cross-laminated timber panels) is currently in progress at the ETH Zurich. The
objective of the research project is the development of simplified design models for the fire resistance of
bonded structural timber elements taking into account the behaviour of the adhesive at elevated
temperature. As a basis for the structural fire resistance models, an extensive series of fire tests on fingerjointed specimens was performed. This paper presents the results of the fire tests. In addition, a zerostrength layer d0 with the help of the reduced cross-section method given in EN 1995-1-2 [3] is calculated
for all tests as well as a comparison of the test results with the fire design model given in EN 1995-1-2 is
discussed.
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2 MATERIALS AND METHODS
2.1 Test set-up and specimen
The fire tests were performed on the small horizontal furnace with dimensions of 1.0 × 0.8 m using
fire exposure according to ISO 834 [4] at the Swiss Federal Laboratories for Materials Science and
Technology (Empa) in Dubendorf. A special testing frame was developed to apply a defined tensile load
on the finger-jointed board during fire exposure. A cover closed the furnace at its top during the tests (see
Figure 1, left).
The specimens designed for the fire tests should describe the real behaviour of finger joints in a fire
situation relevant for glued laminated timber beams. At normal temperature, failure of such engineered
wood products is usually initiated due to the failure of a finger joint, failure of a knot or other defects of
the naturally grown timber. To decrease variability of the test results, the highest visually graded timber
boards of strength class C30, according to EN 338 [5], were selected and taken from the production line
of glued laminated timber beams (made of spruce wood) in a timber industry company in Switzerland.
Lamellas with visually a low number of knot defects were chosen. The lamellas were preconditioned in a
climate chamber (20/65) to 121% moisture content. The average density of the test specimens was
44736 kg/m3.
The material properties of the test specimens of both timber and adhesives were in accordance to the
tests previously performed by Frangi et al. [2]. Also the same geometry of the finger joint was used. The
specimens consisted of a testing board, which was finger-jointed in the middle, and lamellas glued
together with this testing board on its top and bottom. These lamellas were added in order to protect the
testing board against the fire exposure from its top and bottom during the test. Hereby, a one-dimensional
fire exposure from the side was achieved, which makes the evaluation of the results more reliable. The
testing board was not directly exposed to fire on its bottom because due to the design at normal
temperature and the reduced load level in fire designs, glulam beams normally fail when the bottom fire
exposed lamella is already completely charred. The assembly of a typical test specimen is shown in
Figure 1, right. To ensure that in the finger-jointed region of the testing board no load is carried by the
protective lamellas, a special assembly was designed. Therefore, the protective lamellas were cut and the
adhesive between the protective lamellas and the testing board was only applied as can be seen in Figure
1, right. All finger-jointed specimens were prepared under the strict supervision of the manufacturers of
the adhesives.
In order to achieve failure in the finger-jointed region, the effective testing length was reduced in
most of the tests to about 200 mm situated in the centre of the furnace. This was done with 50 mm thick
insulation material placed on both sides of the specimen (see Figure 5). The insulation material did not
influence the fire exposure in the finger-jointed region, as confirmed by measuring the development of
the timber surface temperature with and without insulation.

.
Figure 1. Test set-up while removing the cover after failure (left) and description of the test specimen (right).
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To analyse the temperature development in the cross-section during the fire tests, two tests were
conducted with specimens containing thermocouples placed at certain points along the cross-section
width.
2.2 Test program and test parameters
The influence of different parameters on the load-bearing capacity of a finger-jointed timber board
was studied. These parameters are the influence of adhesive used in the finger joint, the width of the
cross-section, the load level and the type of fire exposure (one and two-dimensional) on the testing board.
Thereby, two different one-component polyurethane adhesives (1K-PUR) and one melamine-urea
formaldehyde adhesive (MUF) were studied in the finger joint. These adhesives were also used in the
investigations carried out by Frangi et al. [2] at elevated temperatures, so that it should be possible to
establish a link between these two different investigations. All adhesives fulfil current approval criteria in
Europe for use in load-bearing timber components according to EN 301 [6] and EN 15425 [7].

Figure 2. Load level during five different fire tests performed.

Table 1 gives an overview of the test program. In most fire tests a constant tensile loading in the
direction parallel to grain was applied with about 10 N/mm2 (based on the initial cross-section). This
corresponds to about 30% of the mean load-carrying capacity Fu obtained in the tensile tests performed at
normal temperature in [2]. The applied load level throughout the whole test can be taken from Figure 2,
curve no. 1. Further, tests were performed with 20% and 45% of the average determined load- carrying
capacity to study the influence of the load level applied (curve no. 2 and 3, respectively). In addition, the
residual load-carrying capacity after 30 min fire exposure first loaded with 0.3·Fu was determined in one
test (curve no. 4). The failure load determined in this test was then applied as constant load to a specimen
in another fire test (curve no. 5).

3. RESULTS AND DISCUSSION
3.1 Evaluation of the fire tests
In Table 1, the mean one-dimensional charring rate measured by hand on the finger-jointed testing
board after the test and the time of fire resistance is given. The fire resistance is defined as the time from
start of the fire test until failure, i.e. until the applied load could not be held constant. In the following
sections, the results are presented and the influence of the different parameters studied is discussed in
detail.
The specimens in the tests P2.T1 and P2.T2 (according to Table 1) were equipped with
thermocouples along the width of the cross-section in the finger-jointed region. The temperature was
measured on both sides of the board in the depths of 30 mm and 50 mm, as well as in the depth of
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70 mm, which corresponds to the middle of the cross-sections’ width. Figure 3 shows the temperature
development measured by the thermocouples in the finger-jointed region. It is remarkable that the
temperature in 50 mm distance from the edge reached only 100°C after approximately 50 min of fire
exposure. The low temperatures measured in the cross-section are due to protective function of the charlayer which is formed on the fire-exposed surfaces. The char-layer protects the remaining unburned
residual cross-section against heat. This leads to a steep temperature gradient in the cross-section with
low temperatures in the inner cross-section.
Table 1. Overview of test program including charring rate and fire resistance obtained in the fire tests.

Adhesive Width Applied Failure
load
[mm]
loadb
[-]
[-]
P2.T1
P2
140
P2.T2
P2
140
P2.1
P2
140
0.3Fu
P2.2
P2
140
0.3Fu
P2.8
P2
140
0.3Fu
P2.10
P2
140
0.3Fu
P4.1
P4
140
0.3Fu
P4.2
P4
140
0.3Fu
P4.3
P4
140
0.3Fu
M1.1
M1
140
0.3Fu
M1.2
M1
140
0.3Fu
P2.80
P2
80
0.3Fu
P2.200
P2
200
0.3Fu
P2.4
P2
140
0.2Fu
P2.6
P2
140
0.45Fu

Remarks
(parameters tested)

Test
name

a
b

Temperature measured
Load level (1)a,
Adhesive P2

Adhesive P4
Adhesive M1
Width

One-dim.
charring rate
[mm/min.]
0.66
0.63

Fire
resistance
[min.]
-

0.71
0.71
0.78
0.68
0.80
0.68
0.70
0.79
0.67
0.78
0.66
0.72
0.68

47
53
52.5
52

0.78

31.5

0.62

16.5

48
48
41
45
58
24.5
66.5
59.5
35.5

P2.7

P2

140

P2.3

P2

140

0.58Fu

Load level (2)a
Load level (3)a
Determination of residual
strength after 30 min fire
exposure (4)a
P2.7-failure load applied
(5)a

P2.S1
P2.S2

P2
P2

140
140

0.3Fu
0.3Fu

two-dimensional heat
exposure

-

36
42

V1

-

140

0.3Fu

n/a

55

V2

-

140

Solid wood
Solid wood, determination
of residual strength after
40 min fire exposure

0.83

42

0.3Fu

0.3Fu

0.60Fu

0.63Fu

Load level according to Figure 2
Given is the load level at start of the fire test (see Figure 2)

The temperature development measured in the cross-section during the fire tests was compared to
results on the basis of thermal numerical analysis using two-dimensional finite element models
implemented in ABAQUS [8]. The heat transfer to the member’s surface was modelled using
temperature-independent constant values according to EN 1991-1-2 [9] for the resultant emissivity by
radiation res = 0.8 and the coefficient of heat transfer by convection αc = 25 W/(m2·K). The temperaturedependent relationships for density, specific heat and thermal conductivity of wood and charcoal were
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implemented according to EN 1995-1-2. The material properties of wood and charcoal used for the FEthermal analysis were verified with a series of fire tests [10],[11]. In Figure 3, it can be seen that
experimental and numerical results were in good agreement.
Temperature [°C]

1100

Fire test
FEM
Iso-fire curve

1000
900
800

Temperature inside furnace

700
600

Distance to
fire exposed edge: 30mm

500
400

x

300
140mm

200
100
0

x

50mm

70mm

0

10 20 30 40 50 60 70 80 90
Time [min]

Figure 3. Temperature versus time of fire exposure measured in the test P2.T1 (left) and assembly of the thermocouples
in the cross-section; the arrows indicates the location of the shown temperature development (right).

In Table 1, the one-dimensional charring rate for all tests with two sides of fire exposure is
summarized. The charring rate measured by hand varied between 0.62 mm/min and 0.83 mm/min. The
mean charring rate was 0.72 mm/min. This value is higher than the one-dimensional charring rate β0 of
0.65 mm/min given in EN 1995-1-2.
Figure 4 shows the fire resistance as a function of the cross-section width depending on the failure
types. Three different adhesives were tested in the fire tests (two polyurethane based adhesives (P2 and
P4) and one melamine based adhesive (M1)). The adhesives are labelled according to [2]. The fire
resistance varied between 40 min and 60 min for the specimens with a width of 140 mm. All specimens
were loaded with a constant tensile load parallel to grain direction of 0.3·Fu. It could be seen in some tests
that weak sections in the solid wood region such as knots led to premature failure of the board before the
finger joint reaches its maximum load-carrying capacity. Taking into account the different failure modes,
no significant difference on the fire resistance was observed between the adhesives studied. This is in
contradiction to tests at elevated temperatures performed with the same types of adhesives by Frangi et
al. [2], who reported an influence of the adhesive on the load-carrying capacity at elevated temperatures.
Most of the fire tests were performed with 140 mm wide specimens. To study the influence of the
width of the cross-section on the load-carrying capacity, one test was performed with a 80 mm wide
specimen and a 200 mm wide specimen both loaded with 0.3·Fu. A reduction of the cross-sections’ width
from 140 mm to 80 mm decreased the fire resistance significantly. However, an increased cross-section
of 200 mm led to a rather low increase in the fire resistance. A greater fire resistance was expected in this
test. It is interesting to note that additional reference tests at normal temperature on 200 mm wide
specimens from the same production line showed indeed the same tensile strength as 140 mm wide
specimens, however, a noticeable great amount of failure along the fingers was observed. Due to the fact
that only one fire test with increased width of the cross-section was performed a reliable explanation is
not possible.
To study the influence of the load level on fire resistance, one test was conducted with a reduced load
of 6 N/mm2 (0.2·Fu) and one test with an increased load of 14 N/mm2 (0.45·Fu), respectively. All tests
were performed on 140 mm wide specimens with adhesive P2 in the finger joint. For the test with
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reduced load level of 0.2·Fu the fire resistance increased to approximately 59 min which is 8 min (16%)
more than in the average fire resistance with a standard load level of about 0.3·Fu. In the test with
increased load level (0.45·Fu), failure occurred after 35 min of fire exposure which is a decrease of
16 min (31%) in comparison to the mean fire resistance obtained in tests with a load level of 0.3·Fu.
Cross-section width [mm]
Failure in finger joint:

Failure along fingers
Failure of fingers
Mixed type failure
Failure in solid wood region

200

P4
P4 P2 P4
M1
P2
P2
P2

140

80

P2

M1

P2

0

10

20

30

40 50 60 70
Fire resistance [min]

Figure 4. Fire resistance as a function of the cross-section width depending of the failure type and adhesive (P2, P4,
M1). The specimens were loaded with a constant tensile load parallel to grain direction of 0.3·Fu (left) and
corresponding crack patterns observed (right).

To investigate the difference of fire resistance for timber lamellas with different location in a glued
laminated timber beam, two tests were performed with only one protective lamella glued on the bottom
of the testing board, see Figure 5, left. This assembly leads to an influence of fire exposure on the testing
boards from three sides. The fire resistance for two tests performed with this assembly was 10 to 15
minutes lower than the mean fire resistance (51 min.) obtained for finger-jointed lamellas protected until
failure on its top and bottom and only exposed to fire on two sides. With the comparison of these tests, it
is possible to draw conclusions about the influence of the lamellas’ location in a glulam beam on the fire
resistance.

Figure 5. Test specimen (P2.S2) before the fire test equipped with insulation material on its side (left) and finger joint
of test P2.S2 after the fire test, which was influenced by heat/fire from three sides (right).

Figure 5, right shows failure pattern of a finger joint exposed to heat/fire on three sides, whereas the
bottom side was initially protected by a 40 mm thick timber lamella. It can be seen from the failure
pattern that in the inner region of the lamella with comparatively low temperature failure of timber fibers
occurred (indicated by failure of fingers). Closer to the fire exposed sides and with increasing
temperature, more failure along the fingers occurred. This is in accordance to tests at elevated
temperature in [2], which showed very often failure along the fingers with increasing temperatures.
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3.2 Determination of zero-strength layer thickness d0
Fire reduces the cross-section and the stiffness and strength of the heated timber close to the burning
surface. The pyrolysis zone can be located between 200°C and 300°C; the front of the charred layer is
found at a temperature of about 300°C [12],[13]. The temperature-dependent reduction in strength and
stiffness near the charred layer can be considered by introducing an effective cross-section using the
“Reduced cross-section method” according to EN 1995-1-2. Thus, an additional layer d0 is added to the
notional charring depth dchar,n. This additional layer d0 is called “zero-strength layer” and for columns and
beams has a constant depth of 7 mm. This approach was originally derived for glued-laminated timber
beams. Here, the depth of the zero-strength layer was 0.3 inches (corresponding to 7.6 mm) [14]. It is
assumed that the zero-strength layer is built up linearly with time during the first 20 minutes of fire
exposure [12], see Figure 6. By using the reduced cross-section method, the designer requires only
strength and stiffness properties of timber at normal temperature. The remaining cross-section is not
affected by the temperature, hence, the modification factor is taken as kmod,fi = 1.0 for the effective crosssection. The one-dimensional charring depth dchar,0 is determined from the relevant time of fire exposure
and the one-dimensional charring rate 0. Thus, the effective charring depth def is calculated as follows:
d ef  d char,0  k 0  d 0 
0  t  k 0  d 0

(1)

def

effective charring depth
dchar,0
one-dimensional charring depth
0
one-dimensional charring rate perpendicular to the grain
t
time of fire exposure
k0
k0 = 1.0 for t ≥ 20 minutes; k0 = t/20 for t < 20 minutes
d0
zero-strength layer: d0 = 7 mm
For the performed fire tests, the finger-jointed specimens were exposed to fire on two sides since the
testing board was protected on its top and bottom by the protective lamellas (see Figure 1, right). For the
fire tests, the zero-strength layer d0 was calculated back using the mean tensile strength at normal
temperature ft,m obtained in [2]. According to the reduced cross-section method, the failure load Ft,fi
measured in the tests (see Table 1) can be calculated by multiplying the mean tensile strength ft,m with the
effective cross-section Aef as follows:

Ft,fi  A ef  f t,m 

 h  (b  2  (0  t  d 0 ))  f t,m

(2)

with h being the height (h = 40 mm) and b the width of the initial cross-section of the testing board.
The zero-strength layer d0 was calculated by using equation (2) and the one-dimensional charring rate
0 measured by hand (see Table 1) in each fire test. Figure 6 shows the zero-strength layer d0 depending
on the fire resistance obtained in the tests. The mean zero-strength layer d0,mean for all fire tests was
calculated as 14.1 mm. However, some values differ significantly from this mean value and are indicated
in Figure 6 by a surrounding circle. Very high d0-values were obtained for tests in which a comparatively
high amount of failure of the fingers occurred. This failure is caused by exceeding the wood fibres’
tensile strength (test P4.2 and P4.3). For specimen P2.200, a rather high d0-value was calculated since the
fire resistance reached in this test was lower than expected. The high d0-value of specimen P2.3 can be
explained by the high load level of 0.58·Fu and the subsequent failure in the solid wood region. Very low
d0-values were calculated for tests P2.7 and V2, in which the residual strength was investigated after 30
and 40 minutes, respectively (see Figure 2 no. 4). One possible reason for this is that in both tests the load
level was increased rapidly within one and two minutes. Excluding these d0-values, the mean d0-value
was calculated as 13.2 mm. This value is higher than the d0-value currently used in EN 1995-1-2,
however, this fact is not attributed to the adhesive used in the finger joint. It is worth to mention that one
test was performed to obtain the fire resistance on a solid wood specimen (unjointed). This test is marked
with V1 in the diagram and a d0-value of 8.7 mm was calculated.
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Zero-strength layer d0 [mm]

25
P4.3

20

P2.200
P4.2

P2.3

15

10
V1
EN 1995-1-2

5

P2.7

0

0

10

20

30

V2

40 50 60 70
Fire resistance [min]

Figure 6. Zero-strength layer calculated back from the fire tests depending on the fire resistance.

3.3 Comparison to Eurocode 5
The results of the fire tests performed were compared to calculations according to the “Reduced
cross-section method” given in EN 1995-1-2. For the calculation, the timber strength as well as all other
factors were chosen based on European standards. The characteristic tensile strength ft,k of the visual
graded timber (C30) was taken from EN 338 to be 18 N/mm2. For the calculation of the designed fire
resistance Rd,fi the design tensile strength value in fire ft,d,fi of timber is determined according to EN 19951-2 as follows:
f
k f
(3)
f t,d,fi  k mod,fi  t,20  k mod,fi  fi t,k
 M,fi
 M,fi

design tensile strength of timber in fire
5% fractile characteristic strength properties of timber (bending strength, tensile strength, shear
strength, etc) at normal temperature
kfi
modification factor for fire, taking into account the 20% fractiles of strength properties of
timber (ft,20 = kfi·ft,k), kfi = 1.25 for solid timber
kmod,fi
modification factor for fire taking into account the effects of temperature on the strength
properties of timber
M,fi
partial safety factor for timber in fire (M,fi = 1.0)
Figure 7 compares the fire tests with a design according to the reduced cross-section method (RCSM)
in EN 1995-1-2 using 20% fractile of the tensile strength and a zero-strength layer d0 = 7 mm. In this
evaluation the one-dimensional charring rate 0 = 0.72 mm/min, measured in the fire tests of 140 mm
wide specimens, is used. The comparison shows that one of the fire tests performed with a 140 mm wide
cross-section did not fully reach the fire resistance predicted by the standard. However, in this test failure
in the finger joint with a large amount of failure of the fingers occurred (the timber tensile strength was
exceeded). Further, the only test performed with a specimen of a cross-section width of 200 mm did not
reach the fire resistance according to this evaluation based on the reduced cross-section method in
EN 1995-1-2. As described in the above sections, a reliable explanation for this fact based only on one
test is not possible.
ft,d,fi
ft,k
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Figure 7 also shows an assessment according to the reduced cross-section method (RCSM), however,
using the mean tensile strength ft,m. The assessment is shown for a zero-strength layer of both d0 = 7 mm
and d0 = 10 mm. A zero-strength layer d0 = 10 mm was used based on the assessment in [15] in which an
increased value for members subjected to tension was proposed. The calculation of the fire resistance
with an increased d0-value leads obviously to a more conservative approach resulting in a lower design
fire resistance. It is worth to note that the evaluation using an increased d0-value of 10 mm is closer to the
mean fire resistance of the specimens with a cross-section width of 140 mm than the evaluation with a d0value of 7 mm. On the basis of the test results afore discussed, it can be concluded that the fire resistance
was not limited by the adhesive. All adhesives tested in this investigation fulfil current approval criteria
for the use in load-bearing timber components in Europe and exhibited sufficient strength in the fire tests.
2

Cross-section width [mm]

Load level [N/mm ]

RCSM (ft,20, d0=7mm)
RCSM´ (ft,m, d0=7mm)
RCSM´ (ft,m, d0=10mm)
Finger-jointed specimen
Solid wood (unjointed)

200
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80

6

0

10 20 30 40 50 60 70 80 90
Fire resistance [min]

RCSM (ft,20, d0=7mm)
RCSM´ (ft,m, d0=7mm)
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40 50 60 70
Fire resistance [min]

Figure 7. Comparison of the fire tests with a design according to the reduced cross-section method (RCSM) using 20%
fractile of the tensile strength and a zero-strength layer d0 =7 mm according to EN 1995-1-2. The measured charring
rate 0 according to Table 1 is used. In addition, the evaluation is shown with mean tensile strength at normal
temperature (ft,m) for both a zero-strength layer of d0 = 7 mm and d0 = 10 mm.

4 CONCLUSIONS
The behaviour of finger-jointed timber boards was studied with an extensive testing program under
ISO-fire exposure. Particular attention was given to the analysis of different influences on the loadcarrying capacity such as the influence of the adhesive, influence of the width, influence of the load level
and the influence of the type of fire exposure.
The set-up and the specimens’ assembly were suitable for the purpose to investigate the fire
behaviour of finger-jointed timber boards. Three different adhesives were tested in the fire tests. These
adhesives fulfil current approval criteria according to EN 301 and EN 15425 for the use in load-bearing
timber components in Europe. Taking into account the failure pattern, no significant difference was
observed between these adhesives. It could be shown that the higher loss of strength for some adhesives
tested at elevated temperature does not necessarily lead to the same loss of strength in fire, since defects
like knots may be dominant - depending on the strength class (grading). In commercially graded glued
laminated beams including boards with a large knot area ratio these defects may be the main cause of
failure, whereas high quality lamellas will lead to more failures of finger joint.
The specimens tested in this experimental analysis meet the requirements of the design model
according to the “Reduced Cross-Section Method” given in EN 1995 1-2. All adhesives tested showed
sufficient strength in fire.
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Based on the fire tests and additional analysis using finite element software, Monte-Carlo simulations
will be performed to evaluate the fire resistance of glued laminated timber beams considering both the
strength of timber and finger joint. The simulation will give the basis to develop a simplified design
model for the fire resistance of bonded structural timber elements taking into account the behaviour of the
adhesive at elevated temperature.
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DESIGN MODEL FOR WOOD I-JOISTS IN WALL ASSEMBLIES EXPOSED
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Abstract. Recently a first design model for I-joists for single span floor exposed to fire from below was
published in a European handbook for design of timber structures exposed to fire. However other cases
as well as the design of I-joists in wall assemblies are not covered. A study was conducted to investigate
the behaviour of I-joists when the exposed side is in compression. The study includes reference tests at
ambient conditions, loaded model scale fire tests as well as a loaded full scale verification test. As a
result for a design model in terms of known design principals is proposed. Limitations and further
research needs are given.

1 INTRODUCTION
Engineered wood makes optimum use of a renewable forest resource by combining different
materials. Wood I-joists have wood flanges, the web can be metal or wood based material. In this study Ijoists with wood based web are investigated. Wood I-joists provide a lot of advantages compared to sawn
lumber. Wood I-joists are widely used in the Scandinavian countries as well as overseas for floor
constructions where more than 50% of new produced wood frame floor constructions are wood I-joists.
Due to the oil crises first technical approvals for I-joists in wall assemblies were carried out 1978 in
Sweden but buckling design models for fire design are still not available. This is an enormous obstacle
for companies producing wood I-joists since the load bearing fire performance has to be based on costly
full scale test. For single span floors with I-joists a design model was recently published [1].
Eurocode 5 (EN 1995-1-2) [2] is the design standard in Europe for timber structures exposed to fire
but no information is given regarding I-joists. This study provides first proposals for a design model of
wall assemblies with I-joists in terms of the design principles of [2].
The I-joists are assumed to be integrated in floor or wall assemblies consisting of joists, linings made
of gypsum plasterboard or wood-based panels, cavities completely filled with mineral insulation (glass
wool or rock wool), and a decking. Test results are compared to earlier results of a numerical study,
limitations of the design model and the constructions are discussed. Test results are presented in details in
[3].

2 DESIGN OF TIMBER MEMBERS AT ELEVATED TEMPERATURES – THE
MODEL OF EN 1995-1-2
According to the procedure of EN 1995-1-2 [2] the design of timber members shall be performed in
two steps:
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failure cladding

start of charring

charring depth

In a first step the residual cross-section is to be determined considering the timber member itself and
the protection if attached.

phase 3

1

2
phase 2

phase 1

time
(b)

(a)

Figure 1: Charring phases (a) of initially unprotected timber members (1) and initially protected members
(2). Determination of the notional charring depth for I-joists (b).

By using a converting factor kn for a burnt cross-section the residual cross-section is converted to a
rectangular geometry using a notional charring depth, see Figure 1 (b). The after protection phase (phase
3) after failure of the cladding (tf) shows increased charring which is not reduced for small timber
members.
In a second step the strength and stiffness of the residual cross-section are to be reduced since timber
exposed to fire exhibits lower strength and stiffness values. To consider the reduction of mechanical
properties [2] as well as other standards and handbooks provide two methods: The reduced cross-section
method (RCSM) uses a zero-strength layer to compensate losses in strength and stiffness to determine an
effective cross-section the reduced properties method (RPM) gives modification factors in comparison to
available methods for the design of steel structures at elevated temperatures. This paper uses the RPM to
describe the reduction of strength and stiffness although for the practice the RCSM is easier to use. For
this purpose the modification factors proposed here can be used to derive zero-strength values for further
use.

3 DETERMINATION OF MODEL PARAMETERS FOR I-JOISTS IN WALL
ASSEMBLIES
This study bases on model scale tests, one full scale test and a detailed test analysis. After reference
tests to investigate the material properties used for the following model scale tests eight model scale tests
were performed with exposed side in compression. Two tests were performed with exposed side in
tension and one full scale wall test was conducted. For claddings single gypsum plaster boards type A as
well as F according EN 520 [4] and combinations were used. Tests were performed with different loads
which resulted in different times to failure and charring depths respectively. For the design of I-joists at
elevated temperatures modification factors were determined based on (1) and (2).

kmod,fm,fi
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kmod,E,fi
where
M
Mfi
Wr
W
(EI)orig
(EI)fi
Iorig
Ires,cold

( EI ) fi
I orig

( EI )orig I res , cold

(2)

is the bending moment resistance under ambient conditions;
is the bending moment resistance in the fire situation
is the section modulus of the residual cross-section of the I-joist
is the section modulus of the original cross-section of the I-joist
is the flexural stiffness of the original, uncharred cross-section
is the flexural stiffness in the fire situation
is the moment of inertia of the original cross-section
is the moment of inertia of the residual cross-section

The decrease of the load bearing capacity Mfi, the flexural stiffness (EI)fi, the development of the
charring dchar,m as well as the geometry Wr and Ires,cold of the I-joist after fire exposure were investigated
by means of tests.

4 PERFORMED TESTS
Ambient tests were done before the fire tests, followed by model scale tests with exposed side in
compression to simulate the buckling of wall studs. To verify the proposed design procedure one fullscale wall test was performed. To verify the existing model for I-joists in single span floor assemblies [1]
additional model scale tests were done with exposed side in tension. All tests were performed with I-joists
of the same batch. I-joists H200 with a depth of h=200 mm were tested with timber flanges
47mm x 47mm originally graded C30 and cleaved. Additional specific requirements regarding knots have
to be fulfilled. The web is a high density wood based board (HB.HLA2 according to [5]).
4.1 Reference tests
Before the fire tests reference tests were done at ambient conditions to verify actual material
properties and to derive the load bearing capacity for the following loaded model scale fire tests.
Reference tests included the determination of the modulus of elasticity of a total number of 45 I-joists. In
a next step 10 I-joists were selected with equal interval of measured stiffness and bended until failure.
The moment capacity was determined by means of a four-point ramp load tests with span of 18h
(1200 mm+1200 mm+1200 mm). To avoid failure caused by lateral buckling of the flange in compression
the side in compression was supported approximately at every 350 mm.
50
45
40

Beam nr.

35
30
25
20
15
10
5
0
11 000

13 000

15 000

17 000

19 000

E [N/mm2]

Figure 1: Results of dynamic stiffness measurements of 45 I-joists H200 (left). Reference test set-up
with supported flange in compression (right).
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Taking into account the failure type (tension failure and compression failure) the results of the
reference bending tests I-joists were grouped to derive a function between stiffness and moment capacity
at ambient temperature.
It was shown that the correlation of the failure load and the stiffness measured is greater than between
density and failure load as used in other studies. Using the correlation between failure load and modulus
of elasticity the ultimate load for the I-joists tested in the fire situation were determined. Results were
used to define the load applied in the model scale tests. For the full scale wall tests beams with similar
stiffness were used.
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Figure 3: Correlation between failure load in compression and modulus of elasticity (left) and density
(right).

4.2 Model scale tests with exposed side in compression
To consider the buckling behaviour a test series focused on the reduction of stiffness when the
compression side of the I-joist is exposed to fire since wall test specimens with timber frame assemblies
always deflect away from the fire. For the model scale tests a cubic gas fired furnace (d=w=h=1000 mm)
was used, see Figure 4. The supports of the specimens were on the furnace walls outside the heated zone
of one metre. The loads were applied in downward direction to have the flange in compression on the fire
exposed side which corresponds the behaviour of wall assemblies.
e

a

a

b

d

d

e

b

c

1000 mm

1000 mm
1500 mm
a – deformation measuring device
b – plate-thermometer
e – gypsum protection

c – view hole
d – load measuring device
f – wood protection

Ceramic fibre insulation

Gypsum plaster board

Rock fibre insulation

Steel

Figure 4: Test furnace, location of test specimen and loading equipment.

In the model scale tests of this series, specimens with initially protected I-joists with exposed flange
in compression were tested. The loads were applied prior to the fire tests, then the furnace was started and
the loads were kept constant until failure. When the load could not be held constant, the burners were
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turned off, the specimen removed from the furnace and the fire in the wood extinguished with water. The
time elapsed from turning off the burners to extinguishing the fire was normally from 1 to 1,5 minutes.
Since the decrease of stiffness is crucial for the load bearing capacity of columns deflection
measurements were done using a length transducer. The time to failure (TTF) as well as the decrease of
stiffness is highly depending on the protection of the loaded member. Thus different types of test
specimens using different protections were tested; see Figure 2.
For the cladding gypsum plaster boards type F (GtF, fire rated board) and gypsum plaster boards type
A (GtA, regular board) according to [4] were used. No composite action was possible between the I-joist
and lining and the decking respectively. Figure 5 shows two types of tested specimens.

a
b

GtA
GtF

c

GtF+GtA

Figure 2: Cross section of the specimens of tests of series a, b and c.

For the test result and the development of the model to be proposed the data of the model scale test
were evaluated. Test results for the evaluation of the residual cross section and the decrease of strength as
a function of the notional charring depth dchar,n are presented in Figure 6. The charring depth was
evaluated using temperature measurements within the cross section in depths of 6, 12 and 18 mm.
Additionally the charring depth of the residual cross section was determined. The decrease of load
bearing capacity can described as a function of time but as a function of the charring depth as well. The
latter allows the possibility to consider different protections types and combinations.
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Figure 6: Simulated charring depths (curves) and measured depths dchar,m (left); relative bending
resistance vs. time (right).
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T04-B22 11,4% 15,0GtF
T05-B37 8,7% 15,0GtF

Figure 7: Bending stiffness of model scale tests of specimens protected by gypsum plaster boards type F
(left). Modification factors for modulus of elasticity vs. notional charring depth for the tested I-joist
H200 with exposed side in compression (right).

Test 04; Beam 22:
Lateral buckling of the fire
exposed flange at an inclined
knot.

Test 05; Beam 37:
Lateral buckling of the fire
exposed flange at a horizontal
knot.

Test 06; Beam 19:
Lateral buckling of the fire
exposed flange at a horizontal
knot.

Figure 8: Examples of failure modes of I-joists. The fire exposed length was 1000mm. The centre line of
the exposed flange and positions of knots are marked in the figures.
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Using the results of Figure 6 as well as the geometry of the residual cross section at failure by means
of equation (1) modification factors for strength were derived.
Using the geometry of the residual cross section at failure as well as deflection measurements during
the tests and equation (2) modification factor for the stiffness were derived, see Figure 7: the trend line
for kmod,fi;E depending on the notional charring rate dchar,n is a constant line which is not expected.
By investigating the failure modes of the I-joists tested an explanation of the constant value may be
found by a complex stability problem. The failure can always be lead back to a defect of the fire exposed
flange. Beam 19 shows very clearly that the failure is predominantly not a failure of timber: while ca.
200 mm away from the knot a minor residual cross section can be observed the failure was caused by
lateral buckling due to a knot.
Buckling of the exposed flange to the sides was observed to be crucial and linked to the appearance of
centric knots; compare Figure 8 which shows the typical failure mechanism of a charring flange. Defects
and centric knots appear as an important element of uncertainty for I-joists exposed to fire later in the
design model. The failure mode can be described by a mechanical model using “weak-link” springs,
shown in Figure 9.
For small timber members used for I-joists flanges defects such as knots may be crucial. For the
grading of the lamellae’s knots in the centre are rated as minor important and affect the strength class less
than knots at the edges while in case of fire and advanced charring these have strong effects on the
buckling behaviour.

Figure 9: Failure mechanism of a I-joist flange with a centric knot in compression.

To investigate the effect of different insulation materials the charring behaviour is compared by
means of simulations and tests with glass wool and stone wool insulated assemblies. Furthermore the
influence of finger joints and the adhesive used respectively is demonstrated by means of loaded fire tests.
4.3 Model scale tests with exposed side in tension
Three loaded tests were conducted to compare the load bearing capacity of initially protected I-joists
with and without finger joints. Model scale test were done corresponding to tests presented in 4.2. The
Test were conducted with different types of claddings on the exposed side and were compared to
simulation results, see Figure 10. While the test specimen GtA had no finger-joint within the exposed
length specimens GtF had fire exposed finger joints.
While test GtA agrees well with the simulation result both tests specimens GtF 1 and GtF 2 failed
clearly earlier than predicted due to defects. GtF 1 failed in the finger joint which was analyzed
subsequently (FTIR): The result indicates that the finger joint did not show any adhesive. GtF 2 failed
most likely at a screw  3,9 m which led to very local charring through the flange towards the web. The
distance between the web and the top of the screw was 1 mm.
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Figure 10: Simulation results for bending resistance (curves GtA and GtF) and test results (left). Crosssection of the exposed flange of the burnt but intact finger joint of test GtF 2 after the test.

4.4 Full scale wall test
The full scale test according to EN 1365-1 [7] was instrumented with additional thermocouples in the
interlayer gypsum plasterboard (GtA) and I-joist. Based on the model scale test and the test results a wall
was tested in full scale exposed on one side. Compared to a previous wall test certification for the same Ijoist the load was increased from approximately 9 kN/stud in a 30 minutes test to 22 kN/stud; the test
lasted 57 minutes.
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Figure 11: Full scale wall test (left). Temperature measurements in the interlayer gypsum plasterboard
stud and measurements on stud 2 (right).

Figure 10 shows the failure mode of the wall, the joists at the edges were cut to not disturb the
horizontal movement of the wall. The temperature measurements are shown for the interlayer behind the
gypsum plasterboard, the failure of the cladding is highlighted and occurred between 24 and 35 minutes.
The failure time to be assumed according to [1] is shown in dotted line, the broken line marks the failure
of the wall.
Two reasons can be mentioned for the very late failure of the wall, compared to the aimed 30 minutes:
The failure of the cladding (GtA) occurred late, especially on the studs but more important the support
conditions reflected the reality of the construction system: contrary to [7] no hinge was attached on the
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top end. Thus the load was able to move towards the non-exposed flange which was not reduced by
charring.

5 MODELLING
Modelling of the residual cross section was performed using a thermal analysis (SAFIR). While the
existing model developed in [6] and presented in [1] used only simulations to derive the reduction of
strength in this study mainly measurements of full scale tests were used to derive modification factors for
strength and stiffness.
Based on the test results the calculation model to be presented may be conservative since the
modification factors for strength and stiffness which describe more or less the reduction of clear wood get
mixed up with a more geometrical problem which can’t be described by means of today’s design process
which is independent of knots. Anyhow the usage of the proposed modification factors lead to better
utilization of the material than with existing certification test results. For the design of I-joists exposed on
the side in compression the following relationships are proposed:

kmod,fm,fi

kmod,E,fi

0,32 

0,1 

1000
lcr

1000
lcr

(3)

(4)

where
lcr
is fire exposed length of the initially protected I-joist
Equations (3) and (4) are linear equations since the failure mode is related to the appearance of
defects (knots) and not to a stability problem, compare Figure 7 (right) and Figure 8. By introducing a
length dependency the frequency of knots may be related to the length of the tested set-up since more
information is missing regarding the length dependency.

6 DISCUSSION, LIMITATIONS
For I-joists with exposed side in compression defects are crucial. It was shown that failure was always
related to a knot. In today’s grading standards the appearance of knots is not considered for tension
members the grading does reflect questions of fire design. It is assumed that the appearance of knots
(dimension and frequency) is crucial for the forming of a hinge, thus research has to be done on the
critical length used in (3) and (4). For the time being the equations may be used only of the producer if
the source material of the I-joists is equal to the tested ones.
The support condition is crucial for the load bearing capacity; this is already addressed by the
revision of [8] where a hinge at the top end is not compulsory. The possibility of load distribution to the
unexposed side has to be reflected by the connection between wall and floor, some construction methods
does not allow loads to be transferred to the non-exposed side but show eccentricity towards the fire
exposed side.
For I-joists with exposed side in tension it was shown that small defects may have crucial impact on
the load bearing capacity. It is not clear yet if adhesives may have influence on the load bearing capacity
of timber members exposed to fire. A previous study [8] showed lower moment capacity for beams with
finger joints; it was concluded that some novel adhesives may have considerable influence on the load
bearing capacity. Since I-joists are more sensitive to failure of a finger joint in one lamella a reduction
factor was introduced in [1].
I-joists provide the possibility to test finger joints in tension easily by means of bending tests and may
be used further to investigate the influence of different adhesives. Both tests with finger joints in this
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research did not fail due to the adhesive but due to defects which underlines the importance of further
investigation to ensure safe use of such small cross-sections for building construction. Different adhesives
have to be investigated.
The influence of finger joints on the load bearing capacity of I-joists as studs is assumed to be
negligible although further research is missing: if the geometry of any finger joint fits nearly no margin
for movement is given for the member in compression although the adhesive may fail.
Different materials for the I-joists webs are available on the market. The heating of the end near the
exposed side is limited but no investigations regarding the influence on the load bearing capacity are
available. This is important since webs are cut to cross services which may weaken the structure.

7 CONCLUSION
Data presented in this paper extends the existing model for the design of I-joist assemblies given in
[6] and presented in [1]. The residual cross-section is to be calculated according to [1]. Using the design
equations of this paper the existing model is extended to wall assemblies. The failure of I-joists is
depending on the appearance of defects and reflects a complex building material.
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Abstract. The paper presents a summary of results from a series of experimental and numerical studies
on the fire behavior of steel-to-timber connections subjected to tension perpendicular to grain. Tests are
conducted in cold and under ISO-fire conditions. The experimental results are presented and commented.
These results are then used to validate a finite element model. This model allows simulating the heat
transfer inside the connections as well as their mechanical and thermo-mechanical behaviors. The brittle
character of the wood in the transversal directions has been studied for plastic yielding by Hill criterion,
combined with the Tsaï-Wu failure criterion. The Tsaï-Wu criterion allows to take into account the
asymmetry of behavior of the material between tension and compression. The numerical model allows
calculating the fire resistances of the connections which are compared to the experimental failure times.
It can predict with a good accuracy the thermo-mechanical behavior of the studied connections

1 INTRODUCTION
In order to improve the fire safety of timber structures of buildings, it’s necessary to have highest
knowledge in the fire behavior of the connections, which are key elements. Their complex thermomechanical behaviour is one of the most difficult to predict. The design procedure given in Eurocode 5
(EN 1995-1-2) [1] is based on a limited number of experimental and numerical results [2, 3]. This is due
to the high cost and to the complexity of the large-scale experiments of connection components in fire
conditions.
Most of the available studies concerning the thermo-mechanical behavior of timber connections deal
with connections subjected to tension parallel to grain. However, in real dowelled timber connections,
timber is loaded in tension or compression parallel or perpendicular to grain combined with shear [4].
Thus, there is a need for testing timber connections loaded in tension perpendicular under fire exposure.
In fact, due to the brittle character of the wood material in direction perpendicular to grain, the
knowledge of the behavior of the connections in this direction is of main importance. In normal
conditions, as well as in fire situations, the number of researches on this type of connections is limited [5,
6].
The fire behaviour of timber connections was analysed with an extensive experimental and numerical
programme conducted in France from 1999 to 2010 [7-10]. The experimental part of this programme
allowed to determine the fire resistance of timber connections subjected to various loadings: parallel and
perpendicular-to-grain tension, tension with an angle of 45° to the grain and bending. Numerical models,
validated on the basis of the experimental results, have been developed for timber connections subjected
to a tension parallel to grain [11-13]. These models allowed to simulate with a good accuracy the thermo-
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mechanical behaviour of the connections [12] and were used to analyse the load distribution among the
fasteners of steel-to-timber connections [13].
In this study, these numerical models are adapted for steel-to-timber connections subjected to tension
perpendicular to grain. In a first part, the tested connections are presented and the experimental results
are commented. Then the main assumptions considered in the elaboration of the 3D finite element model
are presented. The thermo-mechanical modelling is made from two different meshes; the first for the
thermal modelling and the second for mechanical modelling. The heat transfer model is validated on the
basis of the temperatures measured inside the connection under fire, whereas the mechanical model is
validated using tests results performed in cold. Finally, the thermo-mechanical model, based on the two
previous modelling, is used to simulate the thermo-mechanical behaviour of the tested connections in
ISO-fire conditions. This model is validated by the comparisons of experimental and simulated fire
failure time resistance of the connections, as well as the comparison of experimental and simulated
(numerical) slip-time curves.

2 EXPERIMENTAL APPROACH
2.1 Characteristics of the connections
Two different types of connections, with different fasteners diameters and timber thicknesses, loaded
in tension perpendicular to grain, have been tested under ISO-fire and in normal conditions (20°C). They
concern a double shear steel-to-timber connection with four dowels. Six tests were realized in normal
conditions in order to determine the load-displacement curves, the load-bearing capacity and mainly the
stiffness of tested connections. Then, four tests were performed at CSTB under ISO-fire exposure for the
same specimen types. The mechanical loads applied for connections tested in fire conditions have been
defined in function of failure loads (Nu) obtained by tests carried out in cold conditions. The load ratios
applied have been taken equal to: Kfi=(10, 30 or 45%)*Nu.
Two dowels diameters associated to two thicknesses of timber elements were considered. Figure 1
and Table 1 show the geometrical configurations and dimensions of the tested connections. The spacings
and dimensions of these connections satisfy the requirements of EN1995-1-2. The perpendicular to grain
loading is applied to the steel plate extremity (Figure 1).
F

Gp

b
a1

a4,t
a2

h

a4,c

L

t1

t1

Figure 1. Geometrical configuration of the tested connections.
Table 1. Geometrical data of the tested connections (mm).

Connections
A16
A20

I

t1

L

h

G

a

a

a4,t

a4,c

afi

115 8
115 10

65
65

60
60

65
88

58
88

42
42

b

16 77.5 2000 267
20 105 2000 320
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2.2 Test results in normal and fire situations
In cold conditions, the relative slip between the metal plate and the timber is measured with
displacement sensors. The experimental loading followed for these tests is the one of the standard NF-EN
26891. After plastic deformations due to the dowel bending, the failure occurs by wood splitting at the
level of the low line of dowels, the most remote from the loaded side.
The ultimate loads obtained during the tests in cold conditions are given in Table 2. These loads are
next used to define the load ratios for fire tests. The difference between the experimental ultimate loads
of connections A16 and A20 is mainly due to the increase of the timber beam thickness. The
experimental values are compared to the ones calculated according to Eurocode 5 (EN1995-1-1) [14].
The comparison shows that the theoretical values lower than the experimental ones. Thus, the prediction
of the failure load and mode seems to be acceptable, because these results are in safety side.
Table 2. Experimental and theoretical load bearing capacities of connections.

Connections
A16
A20

Test 1
84.2
129.1

Nu,test (kN)
Test 2
Test 3
89.0
74.7
139.1
118.1

Mean value
82.6
128.8

Nu,EC5
(kN)
77.1
110.6

During the fire tests, the displacement between the steel plate and the supports of the connection is
measured outside the furnace using a wire displacement sensor. After a pre-loading cycle defined from
NF-EN26891, the specimens are loaded to the value of the load ratio Kfi chosen (10, 30 or 45% *Nu,test).
Then, the fire exposure, defined from the ISO 834 curve, is started and the applied mechanical load is
kept constant until the failure of the connection. Several type-K thermocouples (21) are introduced at
different locations inside the connection members to measure the temperatures during fire tests.
Table 3 presents the experimental values of fire resistance tfi,test depending on the load ratio Kfi. In
spite of the brittle character of the timber in tension perpendicular to the grain, the obtained fire
resistance durations (failure time) exceed one hour in most of tested cases. The failure mode of these
connections in fire situations is the same than in normal condition. The failure occurs by wood splitting at
the level of one line of dowels. The increase of the load ratio from 10 to 30 % for the connection type
A16 leads to a reduction of 23 minutes of the fire resistance. For connections type A20 the increase of
load ratio from 30% to 45% leads to a reduction of 7 minutes of fire resistance.
Table 3. Experimental and theoretical failure times of the connections.

Connections
A16-1
A16-2
A20-1
A20-2

Kfi (% Nu,test)
10
30
30
45

Ffi (kN)
8.3
24.8
38.7
58.1

tfi,test (min)
71
48
69
62

3 FINITE ELEMENT MODELING
A three-dimensional (3D) finite element model (FEM) is developed using the MSC.MARC software
package in two stages to simulate the behavior of the tested steel-to-timber connections. The first stage
simulates the heat transfer inside the connection components and the second stage represents the nonlinear mechanical behavior of the connections in fire.
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3.1 Heat transfer modeling
3.1.1 Main assumptions of the numerical modeling
The heat transfer modeling is done for the real geometry of connections. The evolutions of the
thermal properties of different materials as a function of the temperature have been taken into account to
simulate the heat transfer inside the connections exposed to fire.
The well-known thermo-physical characteristics of steel, as homogenous material, are assumed
according to Eurocode 3 part 1.2 (EN 1993-1-2 2005) [15]. However, the thermo-physical properties of
timber as orthotropic material are less known. The thermal characteristics used in the numerical
simulations of the heat transfers were chosen on a basis of a sensitivity study realized from several
researches results on the evolution of the thermal conductivity and specific heat versus the temperature
[16]. The two models selected for the numerical model were obtained by combination of the thermal
conductivity given by Janssens and the specific heat given by Fredlund/Janssens (Fig. 2) [17, 18].
The property of specific heat given by Fredlund/Janssens does not take into account the physical
effects of the evaporation peak at 100°C, while the values given by other research take into account this
effect. However, an important heat transfer phenomenon appears at the interface between the wood
members and the steel plate. Due to the thermal gradient and pressure gradient inside timber grains a part
of water migrate towards the timber-steel plate interface. The measured temperatures in fire exposure
tests show the presence of a temperature plateau between 90°C and 100°C. In order to take into account
the latent heat of water migrated near steel plate, a peak of specific heat of 100 kJ/(kg. K) is introduced at
100°C for 3D-FEM modeling. This value of specific heat is used only for a thin layer of timber (3 mm) in
contact of steel plate in both sides. This hypothesis was validated by the simulations of heating of several
tests of connections subjected to longitudinal tension [12].
Temp (°C) O (J/(kg.K))
Temp (°C) c (J/(kg.K))

0

0.12

100

0.16

0

1440

117

0.125

20

1440

200

0.15

200

2140

350

0.12

300

720

600

0.15

1000

720

1000

0.22

1200

0.27

b) Thermal conductivity (Janssens)

a) Specific heat (Fredlund / Janssens)

Figure 2. Thermo-physical properties of wood used for the heat transfers modelling.

For the thermal analysis, the 3D-FEM model is developed using 20-noded hexahedral elements. By
considering the symmetry, only half of the connection geometry was modeled: symmetrical plans are
adiabatic surfaces. A perfect contact, with continuous meshing, is considered at all the interfaces between
timber, steel plates and fasteners. The external temperature applied to the connections is given with the
evolution of the normalized time-temperature curve ISO 834.
3.1.2 Results and validation of the heat transfer modeling
The validation of the thermal model concerns the comparison between tests and numerical results
regarding both the average charring rate of the timber members and the values of temperatures measured.
Numerically, the charring rate can be defined as the ratio between the charring depth defined by the
isotherm of 300°C and the exposure time at which this value is reached. As the charring rate is not
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constant during the fire, this value of exposure time considered in the model is taken equal to the
experimental fire resistance duration of the connections. From tests, the mean values of charring rates are
obtained from the residual wood thicknesses measured at the end of the fire test. Table 4 summarizes the
charring rate values obtained after tests and from numerical model. These results show that the heat
transfer model is based on satisfactory and safe assumptions.
Table 4. Experimental and theoretical failure times of the connections.

E0 for lateral sides of timber
members (mm/min)
0.60
0.70

Tests
3D-FEM

E0 for upper and lower sides of
timber members (mm/min)
0.77
0.77

Figures 3 to 5 show the evolutions of the calculated and the measured temperatures for different
components of the connection A16.
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Figure 3. Numerical and experimental temperatures in
timber members.

Figure 4. Numerical and experimental temperatures in
fasteners.
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Figure 5. Numerical and experimental temperatures on steel plate.

These curves show a good agreement between measured and computed values of temperature.
Similar results were obtained for all tests of the connections in tension perpendicular presented in this
paper using the same thermal properties and hypothesis of the model. The validated numerical thermal
model is used as a basis for the thermo-mechanical model.
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3.2 Mechanical modeling
The mechanical model concerns the connections in normal conditions considering the non linear
behavior of materials and the contact between the different components of the connections.
3.2.1 Main assumptions of the numerical modeling
Concerning the material modeling, steel is considered isotropic (Young modulus E = 210 000 MPa
and Poisson ratio P = 0.3). The mechanical characteristics of steel are taken from the stress-strain curves
given by tests (yield and ultimate limits: f y and f u ). The von Mises criterion is used to manage the
plastic behavior of steel.
The timber behavior is considered with transverse isotropy assuming identical properties in the radial
and the tangential directions. The laminated timber used for these tests is of class GL24h. The measured
average density of the timber is 438 kg/m3. The mean values of the elastic modulus and the Poisson’s
coefficients retained are the ones relative to a laminated timber of class GL24h (Table 5).
Table 5. Mechanical properties of timber used in the model.

E0 (MPa)

E90 (MPa)

Gmean (MPa)

QTR=QLT

QRL

U(kg/m3)

11600

390

750

0.41

0.02

438

Shear and tension strength values of the timber are mean values obtained from the characteristic
values of the standard NF EN 1194 by using a coefficient equal to 1,2. Longitudinal and perpendicular
compressive strength ( f c ,0 and f c ,90 ) values are determined by tests (Table 6).
Table 6. Mechanical properties of timber used in the model.

f c ,0 (MPa)

f c ,90 (MPa)

f t ,0 (MPa)

f t ,90 (MPa)

f Q (MPa)

39

3.4

19.8

0.48

3.24

The Hill yield criterion is used to manage the plastic behavior of timber components. This criterion is
a generalized version of the von-Mises yield criterion to consider the anisotropy of the material (1).

2 V 2

with: a
1

a1  (V y  V z ) 2  a2  (V z  V x ) 2  a3  (V x  V y ) 2  3a4 W zx  3a5 W yz  3a6 W xy
2

2
f

2
c , 90



1 ; a
2
f c2,0

a3

1
2
f c,0

;

a2

a3

a4

2

2

(1)

2
3 W 2

However, the yield Hill criterion is a symmetric criterion which does not take into account the
asymmetry of the mechanical behavior of timber in compression and tension. The high difference
between the values of f c ,90 and f t ,90 requires to take into account this asymmetry. Thus, the Hill criterion
is combined with the Tsaï-Wu failure criterion [19]. It is expressed as follow:

Fi  V i  Fij  V iV j

1

avec i, j  >1,6@

(2)

This criterion needs 27 coefficients to be identified. Its linear terms Vi take into account the
dissymmetry between tension and compression. A condition of stability on the interaction terms Fij is
introduced to avoid the surface represented by the criterion to have an opened shape as hyperboloïdal
type. The surface represented by this criterion will have intersection points with all the axes defining the
considered space of stress:
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Fii  F jj  Fij2 ! 0

(3)

The assumption of orthotropic symmetry reduces the number of coefficients to 12. Then, the Tsaï-Wu
criterion can be expressed as follow:
2
F11V 12  F22V 22  F33V 32  F44V 122  F55V 132  F66V 23
 2F12V 1V 2  2F23V 2V 3  2F13V 1V 3

 F1V1 F2V 2  F3V 3

(4)

1

The main difficulty in using the Tsaï-Wu criterion lies in the evaluation of the parameter F12. Its
estimation was made theoretically. Wu and Starchurski [20] proposed limit values of the interaction
coefficients allowing to make sure that the failure surface of the Tsaï-Wu criterion is closed:

F122 

1
1
1
1
1
1
2
; F23 
 2
 2 ; F312 

f t ,0 f c,0 f v
f t ,90 f c ,90 f v
f t ,0 f c ,0 f t ,90 f c ,90

(5)

In the numerical model, fictive values of the interaction coefficients are considered. These values are
taken positive and equal to the limit values calculated according to the Wu and Starchuski equations.
The interaction between the different components of the connections is modeled using deformable
contact elements at each interface. Thus, the meshing of the mechanical model is discontinuous and
differs from that used for heat transfer. A friction coefficient of 0.3 is taken into account between
fasteners and timber [12].
3.2.2 Results and validation of the mechanical modeling
The 3D-FEM mechanical model is validated on the basis of the load-slip curves of the connection in
normal conditions. Figure 6 shows the comparison between the experimental and the calculated load-slip
curves for the connection A16 with two mechanical models: one using only the yield Hill criterion
(model-1) and the other using the Hill criterion associated to the Tsaï-Wu one (model-2).
F (kN)
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60

Test 1
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15
0

FEM-F(g) - model-2
0

1

2

Slip (mm)

3

4

5

Figure 6. Comparison of experimental and numerical load-slip curves.

These comparisons show that the model-1, using the Hill criterion alone, does not allow representing
the elasto-plastic behavior of the connection. The model integrating the Tsaï-Wu criterion represents well
both the initial stiffness of the connection and its elastic strength.
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3.3 Thermo-mechanical modeling
The thermo-mechanical analysis of connections is based on the same 3D-FEM used for the
mechanical modeling in cold condition, but the evolution of mechanical properties in function of the
temperature has been taken into account. The evolutions of these reduction factors of mechanical
properties were assumed according to EN1993-1-2 for steel and EN1995-1-2 for timber.
The meshings of the mechanical and thermal models are different. So, the calculated temperatures in
the thermal model cannot be directly read in the mechanical meshing. Then a procedure has been
developed to make the transposition of the temperatures calculated with thermal meshing to mechanical
meshing. This procedure makes an interpolation to assign a value of temperature to each integration point
in the mechanical model. This method gives the possibility to adapt the meshing density to the zones
where the physical or the mechanical phenomena exhibit the higher gradient.
The results of the thermo-mechanical model are evaluated on the basis of the predicted time of fire
resistance of the connections in comparison with the experimental values. They are defined using the
slip-time curves. Figure 7 shows the comparison between experimental and simulated curves for
connections A20-1. The high increase of displacement, representing the failure of the connection, is well
predicted by the model. In order to define the calculated time of fire resistance, a tangent method is used.
Table 7 shows comparisons between the calculated ( t fi , sim ) and the experimental ( t fi ,test ) times to

failure with the relative error (H1).
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Figure 7. Time-slip comparison of connection A20-1 (Kfi = 30% of Nu,test).
Table 7. Comparison of the experimental and the numerical fire resistances of the connections.

Type
A16
A20

t fi , sim

(min)

t fi ,test

58
45
55
52

(min)

71
48
69
62

Relative
errorH (%)
18.3
6.2
20.3
16.1

The failure times of the connections calculated using the thermo-mechanical model are always lower
than the experimental values. The relative error is due partly to the non-convergence of the model from
the moment to which the slip accelerates. However, the thermo-mechanical model predicts well the first
stage of the failure characterized by a significant acceleration of the local displacement (slip).
Experimentally, the connections show few minutes of additional resistance beyond the failure point
defined numerically.
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4 CONCLUSION
This study presents original results of real-scale tests on steel-to-timber connections subjected to a
tension perpendicular to grain under ISO-fire exposure. The experimental results show high values of fire
resistance of tested connections in spite of the brittle character of wood in this orthotropic direction.
The numerical approach developed to simulate the thermo-mechanical behavior of the tested
connections gives the possibility to make different meshes for the thermal and the mechanical
calculations, increasing the precision of each one. The heat transfer model is validated on the basis of the
measured temperature fields inside the connections and by comparison between the experimental and
numerical charring rates of timber. The mechanical model in normal conditions is validated on the basis
of the load-slip curves. This model integrates the failure criterion of Tsaï-Wu combined with the elastoplastic Hill criterion to take into account the difference of strength between tension and compression in
the direction perpendicular to grain. The thermo-mechanical model is validated on the basis of the fire
resistances of connections. It allows obtaining more precise results of fire resistance than the current
design methods proposed by Eurocode 5 part 1-2. The fire resistances defined by the numerical modeling
are all the time in safety side and it can be considered that these values are correct to define simplified
formula, in order to design steel-to-timber connections subjected to tension perpendicular to the grain.
The model will be used as a tool to extend the application domain of the Eurocode. The model is
validated for the connections in tension parallel and perpendicular to grain. As a general tool, it will be
extend to other types of connections loaded in tension at 45 ° and in bending.
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Abstract. The simulation of fire exposed timber is complex for a number of reasons. Unlike steel and
concrete it is combustible, it contains a relatively large amount of free water, it is orthotropic and also
undergoes irreversible phase changes. All of these attributes have implications for both the thermophysical and mechanical response of timber at elevated temperatures. In terms of the thermal response,
EN 1995-1-2 gives ‘Advanced Calculation’ properties in Annex B for implementation in simulations.
These are limited in scope as they were derived on the basis of standard fire exposure calibrations which
consider the heating phase of a fire only. When advances are made towards the mechanical response of
timber structures in fire, further barriers exist due to complexity of the constitutive behaviour of timber
under different states of strain. Particularly, as strength and stiffness reduction are not only temperature
dependant, but also depend upon whether an element is subject to tensile, compressive or possibly both
strain states, as is the case in bending. The mechanical modelling of timber members at high temperature
has to date been limited to adhoc sectional analysis tools and uni-axial load cases. This paper proposes a
number of novel design considerations which advance the scope of timber simulations when subject to
fire. In particular, it sets out a method for accurately deriving the temperature of timber members in nonstandard fires, explicitly considering the effects of heat generation/combustion. Finally, the paper
outlines mechanical sub-routines which are able to distinguish between strain states and also the impact
of cooling and the irreversible changes that occur within timber upon heating.

1 INTRODUCTION
In recent years structural fire engineering has developed to the extent that large and complex
buildings can be designed to withstand the effects of a realistic credible worst case fire scenario based on
a detailed knowledge of material behaviour at elevated temperature. This has been achieved as a result of
extensive research and the development of advanced numerical methods for analysing structural
behaviour at elevated temperature. Timber structures are increasing in popularity due to sustainability and
environmental drivers. In recent years the UK has seen the construction of the world’s largest residential
timber structure, reaching 10 storeys in height. However, the fire design of timber buildings has not
received the same degree of attention as other materials such as steel and concrete. Deemed to satisfy
rules, based upon standard testing, are still used to detail the fire aspects of a building. In such cases it is
difficult to quantify the margin of safety a building inherently achieves against a given design fire. To this
end, performance based fire design of timber buildings is a necessary development. Numerical modelling
has facilitated the performance based fire design of buildings constructed from steel and concrete. The
same tools will become increasingly important for achieving robust fire designs for large timber
buildings. However, at present a number of barriers exist.
The simulation of fire exposed timber is complex for a number of reasons. Unlike steel and concrete it
is combustible, it contains a relatively large amount of free water, it is orthotropic and also undergoes
irreversible phase changes. All of these attributes have implications for both the thermo-physical and
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mechanical response of timber at elevated temperatures. In terms of the thermal response, EN 1995-1-2
[1] gives ‘Advanced Calculation’ properties in Annex B for implementation in simulations. It is important
to note that strict limitations are placed on the use of these properties due to the methods from which they
were derived. Essentially, these properties were calibrated against standard fire tests and have been shown
to yield inconsistencies when applied to other fire conditions. For this reason EN 1995-1-2 explicitly
states that the Annex B properties should not be adopted for any condition other than standard fire
exposure. This is a barrier to innovation and rational fire design. Inspection of the thermal properties in
EN 1995-1-2 identifies a number of important factors. Firstly, the properties are ‘effective’. That is, the
properties implicitly include the consequences of a number of complex behaviours, inclusive of
combustion and mass flow. Secondly, the properties implicitly account for a moisture content of 12% and
not variations above or below this value. Finally, the properties are intended for application in the heating
phase of a fire (or for a fire of continuous growth, i.e. the standard fire).
The extension of the properties to include other design fires such as parametric fires requires a more
robust approach, whereby important thermal characteristics are considered explicitly. In particular, the
implications of combustion and heating rate on the rate of char development need to be understood. It is
accepted that the formation of char in large timber sections is dependent upon a number of factors, in
particular the rate at which the surface is heated. Therefore, it is appropriate to make correlations between
heating rate and effective properties. Konig [2] was able to show that the effective thermal conductivity of
the char layer depends upon the fire heating rate, however robust correlations were not made.
Extensions of this work by the author [3], which includes a proposed modified conductivity model for
softwood, indicates that this correlation alone is not sufficient to describe the behaviour of heated and
cooled timber due to the influence of combustion, which is particularly influential in the decay phase of a
fire. In the heating phase of a fire, the energy received by a timber element from the burning surroundings
is large relative to the energy generated internally due to combustion of the timber member. However, in
the cooling phase this is not the case. When the fire environment begins to cool, combustion within the
timber member continues through char oxidation. In such cases the heat generated within the element is
large relative to the heat flux received from the cooling fire. For this reason, it is important to consider
internal heat generation due to combustion explicitly.

2 PREDICTING THE THERMAL RESPONSE OF TIMBER DURING HEATING
In an earlier publication the author proposed a modified conductivity model (MCM) for softwood
timber [3] based upon the principles outlined in Konig’s [2] research and upon EN 1995-1-2 specific heat
modifications proposed by Cachim and Franssen [4]. The MCM was derived using numerical calibrations
of a fire load- (qtd) and heating rate- (Γ) dependent modification factor and the depths of char present in
parametric design fires. In the latter case the depth of char in such fires was determined using the Annex
A approach of EN 1995-1-2. The full derivation of the proposed model can be found elsewhere [3].
However, the resulting relations are shown in Table 1. and Equations 1-4. As noted, these correlations
alone were found to be insufficient to characterise the full temperature development behaviour of timber
behaviour during a natural fire in its entirety [3].

3 PREDICTING THE THERMAL RESPONSE OF TIMBER DURING COOLING
In recognition of the limitations of the proposed MCM outlined in Section 2, the author sort to
determine an appropriate method for predicting the thermal consequences of combustion and oxidation in
timber members exposed to fire. It was found that analogies could be made between the hydration process
within concrete and the combustion process within timber. Both processes are fundamentally exothermic
reactions which result in the generation of heat. In concrete, during curing, heat is generated due to the
chemical reaction of cement with water. This process is analogous to combustion, where energy is
generated due to the burning of material. Many commercial finite element codes include routines for
determining the ‘heat of hydration’ in concrete members and this paper proposes methods in which these
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simple inherent routines can be adopted to simulate the combustion process within structural timber
members.
Table 1. Summary of MCM including specific heat proposals by Cachim and Franssen

Temperature
(°C)

Conductivity
(W/m K)

Temperature
(°C)

20
200
350
500
800
1200

0.12
0.15
0.07
0.09kλ,mod
0.35kλ,mod
1.50kλ,mod

20
99
99
120
120
200

Density
ratio
G
1+ω
1+ω
1+ω
1.00
1.00
1.00

Cachim and Franssen moisture
modified specific heat (J/kg K)
(1210+4190ω)/G
(1480+4190ω)/G
(1480+114600ω)/G
(2120+95500 ω)/G
2120/G
2000/G

k  ,mod  k  ,mod k qtd ,mod
With

qtd
210

k  ,mod  1.5 0.48 , k qtd ,mod 

&



(1)

O / b 2

0.04 / 11602

(2-4)

Where ω is the moisture content of timber (%), O is an opening factor (m0.5) and b is compartment
thermal inertia (J/m2s0.5K).
3.1 Analogies with heat of hydration analyses and extensions to burning timber
Many commercial finite element programs, including DIANA [5], contain routines for determining
the heat generated as a result of concrete hydration. The routines are simple and can be extended to
consider the energy arising as a result of any reaction, including combustion within timber members. The
heat generated by a continuum in a FEA package is often based upon the concept of the evolution of a
reaction. This introduces a variable known as the degree of reaction (r) which simply describes the
progress of a reaction from start (i.e. r = 0) to end (i.e. r = 1). Specific to the generation of heat, the
variable r is equal to the momentary cumulative heat production divided by the total heat production per
unit area [5], i.e.:
t

q

V

r

0


.dt
(5)

q

V

.dt

0

The magnitude of heat produced depends upon the temperature history during the evolution of the
reaction. At a given time the momentary heat production rate (qv) can be described as follows:

qv   .q r .qT

(6)

As noted previously, the degree of reaction (r) ranges from zero to unity. The heat production also
depends upon heat production rate (α), the temperature (T), the temperature dependant heat production
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(qT) and also the degree of reaction dependant rate of energy production (qr). The heat production rate (α)
describes the maximum amount of energy which can be released per unit time and volume. The
temperature dependant heat production (qT) is a scaling factor determining the proportion of energy
released at a given time and temperature. The degree of reaction dependant energy release (qr) is a scaling
factor describing the relationship between the degree of reaction (r) and the potential energy release. For
example when the heat generation reaction is 10% complete the potential energy release may be 20% of
the heat production rate. This would correspond to r = 0.1 and qr = 0.2. The temperature dependant aspect
of the reaction can be determined using a simple Arrhenius function as follows:

qT  e



C A ( r ,T )
T  273

(7)

CA describes an Arrhenius constant which controls the amount of temperature dependant heat energy
that can be generated per unit time. From the background equations it is simple to see how concrete
hydration routines can be used to determine the energy arising as a result of burning. For a timber section
the total amount of energy that can be released as a result of burning depends upon the heat of combustion
(Δhc) and density (ρ) of the material (8). The transient rate of energy release (α) is influenced by charring
rate (β) as shown in (9).


q

V

.dt  hc 

and

  hc 

(8-9)

0

Depending upon the nature of the problem, i.e. one dimensional or two dimensional, the one
dimensional or notional charring rates should be considered. Finally, at the ignition temperature of timber
the temperature dependant heat production rate (qT) should approach unity. For this to be the case the
Arrhenius constant adopted should be small. The above formulations combine to describe the additional
heat energy generated as a result of a reaction, in this proposal combustion. This energy is added to the
external flux vector in a heat transfer analysis.
3.2 Calibration and validation of the proposed thermal approach
Inspection of the heat of hydration background theory highlights a number of unknowns. Firstly, the
required magnitude of the Arrhenius constant (CA) is not clear. What is apparent is that the value of CA
should be such that the temperature dependant heat generation term (qT) is approximately equal to unity.
Secondly, the transient rate of energy release (α) depends upon the charring rate (β) which in turn varies
according to density (ρ) and heating rate (Γ). For most species of softwood a mean one dimensional
charring rate in natural fires approaching 0.5mm/min can be assumed. For a heat of combustion of 18
MJ/kg and a density of 450 kg/m3, this gives an energy release rate (α) approaching 68kW. However,
both the charring rate and heat of combustion can be highly variable depending upon environmental
conditions. Finally, the degree of reaction related energy release is entirely uncertain. To this end, a
number of parametric studies have been previously conducted to derived appropriate parameters. Based
upon these parametric studies reported in a supporting publication [6], appropriate constants are outlined
below.
Table 2. Calibrated constants to simulate energy generated by burning timber.

CA
(K)
300

α
(kW)
50

Equivalent β
(mm/min)
0.37

ρ
(kg/m3)
450

∆hc
(MJ/kg)
18

qr @ r=0

qr @ r=1

1.0

1.0

Comparisons between simulations, adopting the thermal proposals reported, and experimental data are
shown in Figure 1. Note that test data is taken from studies by Konig and Walleij [7] for experiment C4.
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Comparisons of simulated depth of char within a timber member without consideration of heat generation
and where it is considered explicitly is shown in Figure 2. Note that in this instance, the depth of char is
benchmarked against that calculated via Annex A of EN 1995-1-2 in the absence of test data.

Figure 1- Comparison of measured (TC) and simulated (FE) temperatures through the depth of a timber slab subject to
a parametric design fire (Test data from Konig and Walleij- Experiment C4)

Figure 2- Comparison of depth of char within a timber member with and without the simulation of heat generation,
benchmarked against EN 1995-1-2 Annex A. Relevant model parameters are included in the legend.

4 MECHANICAL RESPONSE AT HIGH TEMPERATURE
Determining the temperature of a timber member is only one aspect of performance based design. The
coupling with mechanical response is critical to accurately determine the way in which a structure
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responds when subject to fire. Similar to the thermal case, the mechanical response of timber with
increasing temperature is not simple and often requires the adaptation of common software tools to
appropriately characterise constitutive behaviour.
4.1 Background
The adoption of generic FEA codes to simulate the uni-axial behaviour of heated timber is fairly
simple as only a tensile or compressive stress state exists at any one time. As such it is possible to simply
define unique relationships between temperature, strength and stiffness. The use of more general finite
element packages, such as DIANA and ABAQUS, for modelling more complex timber structures exposed
to fire has yet to become common due to a number of complexities relating to the behaviour of timber.
For example, it is brittle and fractures in tension, while being more ductile and plastic when subject to
compression. In addition, with increasing temperature, the degradation of timber’s constitutive behaviour
in tension is different from that in compression. As a result, timber’s Modulus of Elasticity (MOE)
depends on its state of stress. Therefore, a single MOE-temperature relationship cannot be defined.
Finally, upon heating timber undergoes a phase change whereby wood becomes friable char. Upon
cooling, char still has little or no strength or stiffness. Therefore, it is not appropriate to specify timber
strength on the basis of temperature alone when cooling is to be considered. Knowledge of the full
temperature history is required. Most commercial FE programs do not incorporate many of the above
characteristics in a direct way. Therefore, it is necessary to adapt such codes to accommodate these
behaviours. An approach for doing this is described in the remainder of this section. Implementation of
the approach in the FEA software DIANA via FORTRAN user-supplied subroutines (USS) is also
described.
4.1 Deriving the stiffness of timber in real fires under different strain states
DIANA offers a number of subroutine options for customising the analyses performed. One such
subroutine is the USRYOU option. This allows users to return MOE based upon a number of inputs,
including integration point strain and temperature. The author has developed a USRYOU USS for
determining the MOE of timber exposed to both heating and cooling regimes.
Firstly, integration point and element numbers are called from the program along with temperature at
the given integration point. Temperature history of elements is recorded via a common block, which
determines whether the temperature of the timber (a) exceeds the charring temperature of 300°C, (b)
exceeds the moisture evaporation temperature of 100°C, or (c) is below 100°C, i.e. timber neither charred
nor suffered moisture evaporation. Based on this, the temperature history common block is updated
incrementally, which allows state history to be recorded via a state variable (SV). The state variables
being; 0- corresponding to wood that has not undergone irreversible changes (20-100°C), 1- wood that
has undergone irreversible changes due to moisture migration (100-300°C) and 2- wood that is charred
and extensively damaged (300+°C).
Using the recorded temperature state history the stress state may be investigated. The strains in the
local element coordinates are called from DIANA. The dominant integration point strain is determined,
which is then used to evaluate MOE appropriate for the temperature and the strain state. For example, if
εxx is found to be the largest element strain and the strain is negative (compressive), the MOE is returned,
based upon EN 1995-1-2 compression (-ve) reduction factors (KEC,mod,θ,i) and element temperature. The
converse case would be adopted if εxx was found to be positive (+ve). In this instance reduction factors
are defined as KET,mod,θ,i. This process is shown diagrammatically in Figure 3.
4.2 Determining tensile and compressive strength
Two more USSs, namely USRCST and USRTST, are available in DIANA for determining the tensile
and compressive strength, respectively. These routines in particular are for implementation with Total
Strain Based constitutive models, i.e. strains are not discretised into elastic, plastic and crack components.
The routines utilise the temperature history common block initialised in the above USRYOU routine to
calculate tensile and compressive strength using EN 1995-1-2 reduction factors. The element number and
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integration point number are used to reference allocated memory slots, where temperature state variables
are stored. Compressive and tensile strengths (limiting stresses) are passed to DIANA for implementation
in the adopted Total Strain Based Constitutive model. This process is shown in a flow diagram in Figure
4.

Figure 3. Flow chart for deriving the MOE of timber at high temperature, considering cooling effects

4.3 Post-cracking behaviour of timber at high temperature
EN 1995-1-2 gives guidance on the properties, both thermal and mechanical, that should be adopted
in the simulation of timber structures exposed to fire. It is common to assume ideally brittle behaviour of
timber under tensile strains, however it is apparent from the literature that at ambient temperature strain
energy is not instantaneously dissipated at the moment a crack forms in timber under tensile loading (i.e.
its behaviour is not perfectly brittle).
After cracking, tension softening is apparent whereby the fracture energy is gradually dissipated with
increasing crack strain. Modelling this behaviour is not only desirable from a physical point of view but is
often necessary to ensure numerical stability in simulations. However, no guidance is given in EN 19951-2 regarding a magnitude of fracture energy at ambient or elevated temperature. To this end, in another
publication [3], the author proposed appropriate post cracking fracture regimes. For completeness these
are summarised below (Figure 5) and will be adopted in a later example.
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Figure 4. Flow chart for deriving the tensile and compressive strength of timber at high temperature

σcr,nn
ft

Gf/h
εcr,nn.ult

εcr,nn

Figure 5- (a) Proposed post fracture constitutive model as a function of crack band width (h); (b) Proposed relationship
between temperature and fracture energy (Gf)

5 ANALYSIS OF A SIMPLE ELEMENT SUBJECT TO A COOLING FIRE
The implementation of the proposed mechanical developments can be demonstrated by simulating the
behaviour of a simply supported beam subject to a temperature gradient. Such a beam was modelled in
DIANA using a number of first-order 2D beam elements. Temperatures were specified at 11 integration
points through the cross section of beam elements. Integration point distribution was according to a
Simpson integration scheme. The adopted temperature profiles are shown in Figure 6a. The legend
indicates fire from below with 11 integration points numbered from the top down. The applied
temperatures are largely fictitious and serve only to demonstrate implementation of the mechanical
developments. The modelled beam is 4 m in length and has a 100 mm x 250 mm cross-section. The beam
is subject to a nominal load of 5 kN/m. The development of deflection upon heating, followed by cooling
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can be seen in Figure 6b. In this case, the beam temperature has developed beyond 300°C. Therefore,
permanent deformation due to charring and moisture migration is apparent. In addition, a case where
temperature history is not considered (i.e. the transition to char), is also shown for comparison.

Figure 6- (a) Adopted temperature regime through depth of beam; (b) deflection versus arbitrary time for cases where
temperature history is explicitly considered and disregarded.

6 DISCUSSION
The paper has presented an overview of a number of novel developments relating to the performance
based design of timber structures for fire resistance. The first of these developments is concerned with the
accurate characterisation of timber temperature development in non-standard fire conditions. This is a
critical but complex area which has limited progress in the performance based design of timber structures
for a number of years.
FEA routines have been presented which explicitly consider the impact of combustion on the heat
transfer characteristics of softwood, particularly during the cooling phase of a realistic fire. These routines
are inherent within DIANA and have been adapted from ‘heat of hydration’ theory, used to describe the
exothermic curing reaction within cementitious materials. These routines have been shown to be an
improvement on many existing proposals relating to the subject of the thermal response of timber
members in fire. The routines, based upon limited benchmarking against experimental data, have been
shown to adequately characterise the combustion process within timber structural members using
relatively simple Arrhenius principles. The developments can be considered a step change towards the
performance based design of timber members for fire resistance.
Predicting temperature is only one important part of rationalising the way timber is designed for fire.
Thermal behaviour needs to be coupled with mechanical response to accurately characterise the way
timber structures behave at high temperature. The constitutive behaviour of timber is complex and as a
result, many commercial FEA codes are not inherently setup to analyse timber at high temperature. To
this end, adaptations are required. Presented herein are a number of routines for implementation within
DIANA which allow the stiffness and strength characteristics of timber with increasing temperature, to be
accurately described considering temperature history and irreversible changes in state.
The proposals reported herein have been applied to the simple example of a simply supported beam.
From this it is apparent that ignoring irreversible changes such as charring and moisture migration have
significant implications for deformation behaviour and residual deflections. It is accepted that the
proposals reported in this paper are largely theoretical at present. This is necessary as test data for timber
members exposed to natural fires is not readily available. Where test data is present, it often lacks
sufficient measurements of critical parameters such as temperature profiles and transient deflection
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development. It is proposed that the developments made by the author are benchmarked against robust
test data.

7 CONCLUSIONS
Based upon the research undertaken and presented herein, conclusions can be drawn as follows:








Heat of hydration routines which are standard in many FEA codes, including DIANA, are
sufficiently flexible to be applied to the thermal analysis of timber members exposed to fire,
where combustion must be considered explicitly. This is the case where cooling is to be
considered as part of any analysis and/or design.
Many commercial FEA codes do not inherently contain mechanical material models
appropriate for applications concerning heated timber, due to constitutive complexities.
Where cooling is considered, it is also important to incorporate the impact of temperature
history as irreversible phase changes occur within timber upon first heating. This paper has
presented novel theoretical developments to adapt DIANA for such applications, where
temperature history is recorded via state variables and strain state is interrogated at each
integration point.
The above developments, when incorporated into a simple example problem, have shown
the importance of considering temperature history and combustion during the cooling
phase. In such cases, large permanent deflections develop which would not be incorporated
using Annex B of EN 1995-1-2 proposals alone.
The paper has highlighted the importance of validating the proposed developments. At
present there is not a plethora of test data available for benchmarking. It is hoped in the near
future that such experiments will be undertaken which will further develop the proposals
presented herein.
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Abstract. Physical and mechanical properties of wood are moisture and temperature dependent.
Behaviour of timber structures, with respect to their resistance to fire, is directly influenced by
interrelated thermal-hygric-mechanical properties of wood, migration of adsorbed water induced by
temperature gradient and its evaporation as a source of latent heat. This study investigates the heat
induced transport of moisture in two different hardwood and softwood species. By means of thermal
neutron radiography, the processes of moisture desorption and migration is visualized and quantified.
First in-situ evidence for formation of a zone with accumulated moisture, in the neighbourhood of a
progressing drying front is provided. The moisture distribution in the samples shows that both the drying
and the moisture accumulation zones evolve non-uniformly. We found a clear dependency of moisture
migration on the (micro-) structure of wood species and their seasonal growth layers.

1 INTRODUCTION
Wood is a widely used sustainable building material with a vast application in building industry.
During the last two decades, a multitude of significant and comprehensive research work on timber frame
constructions under the premise of fire safety has been performed worldwide. As a consequence, many
national fire regulations within Europe, North America and Asia have been revised in terms of allowing
of wood members at structural level for four to six storey buildings, most often used for residential
occupancies [1]. However, light timber constructions are still designed oversized, not only because of the
natural variance of the wood properties itself, but also because of deficient understanding of the
temperature and moisture dependent change of wood properties at elevated temperatures [2] that
originates from its biological origin: the hierarchical, hygroscopic, anisotropic multi-scale porous
structure. This makes the implementation of an advanced simulation for studying the interrelated thermal,
hygric and mechanical properties of wood difficult. The simplified simulations on the other hand, used in
accordance to the regulations for structural designs against fire, are mainly based on material properties
derived from large scale experiments, which do not give an adequate insight of the occurring physical
processes, especially at material-level. Thus, understanding these processes at finer material scales, e.g.
micro to meso-scale, during exposure to elevated temperatures becomes relevant for a sustainable design.
Mechanical properties of wood are temperature and also moisture dependent. On the one hand, a rise
in temperature leads to drying, initiation of shrinkage and thus micro-cracks in the structure that degrades
the overall mechanical properties. Apart from degradation of the material properties due to development
of checks, higher temperatures than 80°C degrades the mechanical properties of the wood components
lignin, hemicellulose and cellulose [3]. The extent of thermal degradation depends on the temperature and
on the duration of the exposure to it. Around 150-200 °C, the degradation rate increases due to
decomposition of wood components until the material experiences critical damage and finally charring
occurs at 250-300°C [4, 5, 6]. On the other hand, mechanical properties of wood are strongly moisture
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dependent below the fibre saturation point (moisture content at which the wood cell walls get saturated).
Up to about 12% moisture content, the tensile strength of wood slightly increases while the modulus of
elasticity remains constant [3]. With a further increase in moisture content, the latter acts as a softener of
the cellulose and hemicellulose polymers and decreases significantly the tensile strength, modulus of
elasticity and fracture toughness [3, 7, 8]. Once the fibre saturation point is reached, i.e. 28% moisture
content, liquid water appears on the surfaces of the cell lumens and does not affect the mechanical
properties anymore.
Though variation of wood mechanical properties with respect to moisture or temperature changes
have been studied quite extensively but the multiple effect of heat induced moisture migration on
mechanical properties is still undetermined. There are studies showing that temperature has a larger
influence on the mechanical properties at higher moisture contents [9, 10]. The fibre saturation point and
so the hygroscopic range, within which the mechanical properties are highly correlated with the moisture
content, are also temperature dependent parameters [11, 12]. There are evidences showing that in a wood
member exposed to a high (fire like) temperature, a transition zone is built up between the progressing
charring zone and a zone of still intact material not affected by elevated temperature or increased
moisture content. The temperature in this zone ranges from 80 to 300 °C, leading to simultaneous
initiation of pyrolysis, migration and accumulation of adsorbed water. Moisture content in accumulation
zone may reach twice the initial [13] that is a source of local change in the mechanical properties.
All these interrelated phenomena are usually covered in uncertainty factors of standard building
codes, while understanding them, e.g. understanding the process of moisture migration in wood at high
temperatures in relation to its hierarchical porous structure, will be the way forward for optimizing the
engineering design of novel timber structures against fire in future. A non-destructive visualization and
quantification means is required to document the time dependent spatial process of moisture transport for
such an investigation. In this study, we use neutron image analysis to investigate, at seasonal growth
layers scale, the spatial and temporal distribution of water in wood, which is exposed to an elevated
temperature of 250°C for 10 minutes. A device is custom developed for single-edge exposing of samples
from hardwood (beech) and softwood (spruce) to a given temperature curve. Temperature rise within the
probes is measured at different distances from the heating source by using thin thermocouples. We
explore the process of change in the moisture content, based on neutron images, and compare it to the
profile of the temperature rise. Results are used to explain the processes of heat induced migration of
moisture in wood at elevated temperatures.

2 MATERIALS AND METHODS
We cut samples of beech and spruce species, side by side out of their planks, quarter-sawn in
dimensions of 40 x 40 x 10 mm3. Density of each sample was obtained after it was dried and weighted
with precision balance. Then, the samples were conditioned in a desiccator over saturated Potassium
Bromide solution at 80% relative humidity until equilibrium.
In Figure 1, the custom made setup for the heating experiment is presented. It consists of a heating
plate that is a shim underlying strip of 0.05 mm covering the base heating thermocouples. Step rise of the
temperature in those base thermocouples is provided by a power supply with a maximum power of 50 A
and 120 V. An algorithm for controlling steep time-temperature steps has been developed in terms of
heating the base edge of the sample with high degree of reproducibility. The temperature measured with
thermocouples, inserted inside drilled holes of 0.4 mm diameter and 20 mm length, at different locations
along the heating was also stored by a data acquisition system. Thermocouples are of NiCr-CuNi-type
having a diameter 0.1 mm. The sample is placed on the heating plate by means of a horizontal clamp on
top that is fixed on the base plate by using two long vertical screws. Two small metallic spacers make a
gap between the sample top and the horizontal clamp to prevent moisture condensation and accumulation
at the top surface.
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Temperature is measured at each 5 mm along the sample height (7 points in total). Measurement is
repeated in 3 samples of each species for statistical accuracy and averaged results are put together to
derive the temperature profile.

Figure 1. Custom made set-up for heating meso-scale samples based on a given steep time-temperature step.

We used the imaging facilities of the Neutron Transmission Radiography (NEUTRA) beamline at the
Paul Scherrer Institute (PSI), Switzerland for imaging and quantification of time resolved migration of
moisture in wood during a heating experiment. Neutron radiography at NEUTRA station relies on a
neutron beam within a thermal spectrum having an energy level of about 25 meV.
Figure 2 shows the schematic overview of the neutron beamline. The x- and y-axes correspond to the
detector plane axes while the z-axis shows against the neutron beam direction. The detector consisted in a
scintillator-CCD camera-system with a total field of view of 87 x 87 mm2. The scintillator is from 100
µm thick zinc sulfide, doped with 6Li as the neutron absorbing agent, to convert the neutron signals into
visible light photons. The photons are then led via a mirror onto a cooled 16-bit CCD camera (1024 x
1024 pixels). An initial neutron image is obtained as soon as the sample is set on the heating plate. Then
the heating plate starts to heat the bottom side of the sample by a step rise of temperature to 250°C, which
is maintained for 10 minutes, while neutron images are acquired at regular intervals of 12 seconds with
resolution of 100 microns.

Figure 2. Schematic overview of the experimental setup for neutron radiography.

Analysis of neutron images for quantification and visualization is based on intensity measurements of
the transmitted neutron beam through an object. For a monochromatic beam, the transmitted intensity, I,
is described by the Beer-Lambert law:
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(1)
where I0 is the intensity of the incident neutrons, z is the total thickness of the object along the neutron
beam direction and µ is the effective attenuation coefficient. For a compound material like wood or water,
the total attenuation coefficient that describes the degree to which the material interacts with neutrons, is
defined as a function of attenuation coefficients of individual elements including hydrogen, oxygen or
carbon. Assuming the composition of our tested samples consist of wood and water, we use the bi-layer
approximation method to quantify the change in the moisture content [14]. At a time t, the effect of
migrated moisture from wood on the neutrons attenuation is considered equivalent to the effect of a water
layer with thickness zw added to the dry wood sample. Implementing this description, Eq. (1) becomes:
(2)
where the subscript s refers to the wood and w to the migrated water. At each time t during the
experiment, the change in the beam intensity with respect to the initial stage is induced by the change of
moisture content, i.e. the “effective” water layer in the bi-linear model. Eq. (2) can be rewritten as:
(3)
where
is intensity of the neutron beam transmitted through the sample in the initial
state. Solving for the change in water thickness yields:
)

(4)

Multiplying the effective water layer thickness by the water density ρw and dividing by the sample
thickness z yields the change in the moisture content (kg/m3). It allows plotting the differential
distribution of the moisture content at different times.
(5)
We used a standard procedure, common to all radiation transmission-based imaging methods, to
correct raw neutron images for artefacts. It includes correction for background noise of the CCD camera,
for spatial fluctuations of the incident beam, for scattering by the experimental configuration and
environment and polychromaticity of beam energy spectrum. We used a Quantitative Neutron Imaging
(QNI) algorithm, developed at Paul Scherrer Institute [15], based on iterative reconstruction of the
measured image by overlapping point scattered functions calculated in Monte-Carlo simulation.
Quantification based on uncorrected radiographs results in underestimation of the water content, up to
50%, compared with corrected radiographs.
Desorption of adsorbed water during a heating experiment, makes the wood sample to shrink.
Moisture content, based on Eq. (5) is obtained from logarithmic subtraction of the current image taken at
time t from the initial image taken at time t = 0. Due to the change in geometry and dimensions of the
shrieked sample, subtraction of images causes artefacts and inaccuracy in evaluation of moisture content.
We used a transformation algorithm to scale back each object and align its edges with the edges of the
object in the reference image, at initial time. For this purpose, TurboReg plugin of ImageJ was used that
is based on bilinear image registration algorithm [16].

3 RESULTS AND DISCUSSIONS
3.1 Differential change of moisture distribution in relation to wood structure
Figure 3 and 4 present the spatial migration of adsorbed water in beech and spruce samples for
longitudinal heating. The first and last images in each figure show the neutron reference image at initial
state and the final one after 10 minutes heating. Earlywood and latewood growth layers (grown in spring
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and summer, respectively) are distinguishable by the lighter grey colour corresponding to the latewood.
Other plots show the quantified distribution of differential change in the moisture content (based on Eq.
5), after 1, 3, 6 and 10 minutes heating at 250°C. The drying front is not a straight line, showing
inclination close to the unsealed sides of the sample due to heat convection and evaporation of moisture
on those sides. A significant increase of the moisture content is recognized above the progressing drying
zone. Moisture migrates irregularly from the heating source, while the jagged pattern of change in the
moisture content is clearly dependent on geometry of the seasonal growth layers. Local lower moisture
content in the drying zones coincides with location of earlywood layers, while moisture peak occurs at the
location of latewood layers in the moisture accumulation zone. At similar time steps, the drying front in
beech (e.g. areas with 0-20 kg/m3 decrease of moisture content in figure 3) proceeds a shorter distance
from the heating source, comparing to spruce (in figure 4). Plots of differential change in moisture
content are presented in the range of ±60 kg/m3. As the initial moisture content is about 60 kg/m3 in
spruce and 80 kg/m3 in beech, differential moisture content plots show there are parts of earlywood layers
within the drying zone that get totally dried close to the heating source, after 6 minutes.
Dependency of the local change in the moisture content on geometry of seasonal growth layers
indicates the important part of the wood porous structure regarding its desorption process. As shown in
figure 5, earlywood cells in spruce have higher porosity due to possessing larger lumens (longitudinal
void in the center of cell), thinner walls and more abundant pitting on their cell walls, compared to
latewood cells. Consequently, the high porosity earlywood layers are the preferential desorption
pathways, and show lower moisture level within the drying zone. The same explains why moisture peaks
in the accumulation zone are observed at latewood layers that have lower porosity and higher density.
Vessels, presenting in hardwood, are the major structural differences between the two species. They are
larger in earlywood, compared to latewood and they are surrounded by thick walled and small lumen
longitudinal cells (called fibers in hardwood). This structure gives hardwood a higher density and lower
overall porosity that explains the slower drying of beech, compared to spruce and occurrence of a larger
zone of moisture accumulation (e.g. see the areas with 40-60 kg/m3 increase in moisture content in figure
3) with more regular shape.
neutron image at t=0 min

ΔMC (kg/m3) at =1 min

ΔMC (kg/m3) at t=3 min

ΔMC (kg/m3) at t=10 min
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ΔMC (kg/m3) at t=6 min

moisture
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Figure 3. Differential distribution of moisture content in beech after 1, 3, 6 and 10 minutes heating at the bottom
surface.
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Figure 4. Differential distribution of moisture content in spruce after 1, 3, 6 and 10 minutes heating at the bottom
surface.
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Figure 5. Microstructures of softwood (spruce) and hardwood (beech), documented with high resolution synchrotron
X-ray tomography.

3.2 Moisture and temperature profiles
Temperatures measured by thermocouples were used to reproduce the temperature profiles along the
sample height. These profiles, together with the profile of differential change in the moisture content, are
used to discuss the detail process of temperature induced moisture migration in wood. In figure 6 (a and
b), profiles of temperature and differential change in the moisture content in beech and spruce samples are
presented. The vertical axis corresponds to the sample height. Moisture content has been averaged over a
zone of 18 mm (180 pixels), situated in the middle of each sample. Local increase of the moisture content
above the drying front is clearly visible with different ranges for different species. The decrease of the
moisture content profile relative to the initial condition (negative differentials), for instance after 1 minute
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heating, represents the location of the drying front at the corresponding time, which is in that case about
3 mm above the heating source. The temperature within the dried zone is higher than 100 °C. As
explained previously, each temperature on the profile is the average of measured temperatures in three
samples (with standard deviation of less than ± 5 °C). The drying in beech proceeds slightly slower than
in spruce. After 10 minutes, the drying front extends to 10.8 mm above the heating source in beech and
12.7 mm in spruce, while the temperature at the corresponding heights is about 100°C in both samples.
Moisture accumulation peak in beech is larger than in spruce (35 kg/m3 vs 26 kg/m3), indicating that
beech retains a higher moisture quantity, and gets more humid in the neighbourhood of the drying front at
elevated temperatures.
After 10 minutes heating, temperature at 10 mm from the heating source rises to 100 °C and close to
the sample top, at 35 mm from the heating source, is about 45 °C. Assuming that the heat is mainly
transferred by conduction from the wood cell wall substance, thermal conductivity along the longitudinal
direction is expected to be higher due to orientation of cellulose molecular chains within the cell wall.
However, apart from this structure-property relation that has been usually discussed in literature [17, 18],
heat transfer in wood is dependent on other interrelated parameters, including initial moisture content and
possible phase changes between vapour, liquid and adsorbed water.
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Figure 6. Differential profile of moisture content and profile of temperature at different time steps for (a) beech and (b)
spruce.

Within this context the question is raised: Does the adsorbed water move away from the heating
source through the cell lumens after it evaporates, or does it still move in the adsorbed phase within the
cell wall? It is important to know that the condensed vapour to liquid water contributes more to the
overall thermal conductivity than the adsorbed water within the cell wall [17, 19]. Possible phase change
of the vapour or adsorbed water to liquid, above the drying zone, is dependent on the local temperature,
pressure and also the hygroscopic properties of the wood cell walls in terms of fibre saturation point.
Fibre saturation point is an inverse temperature dependent property that is estimated from sorption
isotherm curves [11, 12]. It means that at higher temperatures, lower moisture contents can cause the cell
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walls reaching the fibre saturation point and consequently appearance of liquid water on the lumen
surfaces. While vapour condensation can be predicted from comparing the profiles of moisture migration
and temperature, phase changes of the adsorbed water from liquid to gas phase need to be discussed more
carefully. Back to the figure 6(b) for example, the drying front in spruce reaches after 10 minutes heating
to 12.6 mm above the heating source. At the same time, the maximum of the accumulated moisture
profile is 26 kg/m3, or 6.1% when wood density is 425 kg/m3. The maximum moisture is measured at 17
mm above the heating source and fades gradually toward the top of the sample. In the same area, 17 to 35
mm from the heating source, temperature ranges 45 to 75 °C. Literature review implies that the fibre
saturation point decrease by 0.1% per degree rise in temperature [19, 20]. Therefore, the fibre saturation
point of spruce, that is 28% at 25°C from literature, reduces down by 2 to 5% within the temperature
range of 45 to 75 °C [19]. Given the initial moisture content of spruce sample in our experiment of 14%,
maximum moisture content within the moisture accumulation zone reaches 20%, that is less than the fibre
saturation point for the given temperature range. Consequently, if the adsorbed water in the cell wall does
not change to vapour, it may be pushed away from the heating source and locally accumulate above it, all
within the hygroscopic range, while it never crosses the fibre saturation point and changes to liquid water
on the cell wall surfaces. However, fibre saturation point is a material property that is different in
different wood species and different seasonal growth layers. While condensation of vapour to liquid is
quiet possible in the moisture accumulation zone with lower temperatures, this leads us to conclude that
the contribution of adsorbed water and its phase change to liquid water should be discussed more detailed.

4 CONCLUSION
Neutron image analysis with simultaneous temperature measurements along the sample height were
used for in-situ investigation of the migration process of adsorbed water in wood at elevated
temperatures. It was shown that single edge heating at constant temperature of 250 °C pushes the
adsorbed water away from the heating, building up a progressing drying front and an area with increased
moisture content due to accumulation of the evaporated moisture. Spatial plots of differential change in
moisture content show drying and moisture accumulation zones proceed in a non-uniform pattern within
the samples, depending on the location of growth layers which have different structures. Time resolved
spreads of the drying front and moisture accumulation zone varies by species: desorption rate and
advancing of the drying front were faster in spruce compared to beech. Investigating the profile of
moisture content together with the temperature profile indicated that the water migrates away from the
heating source in the vapour as well as in the adsorbed phases. The migrated moisture might change to
liquid phase in the accumulations zone, depending on the local temperature and change in the fibre
saturation point as a result of heating. Results from this study will be used to validate our coupled thermohygro-mechanical model in terms of understanding the material behaviour at high temperatures; i.e. fire
and wood thermal modification.
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Abstract. This paper describes numerical modelling to predict the fire resistance of engineered timber
floor systems. The floor systems under investigation are timber composite floors (various timber joist and
box floor cross sections), and timber-concrete composite floors. The paper describes 3D numerical
modelling of the floor systems using finite element software, carried out as a sequential thermomechanical analysis. Experimental testing of these floor assemblies is also being undertaken to calibrate
and validate the models, with a number of full scale tests to determine the failure mechanisms for each
floor type and assess fire damage to the respective system components. The final outcome of this research
will be simplified design methods for calculating the fire resistance of a wide range of engineered timber
floor systems.

1 INTRODUCTION
With the advent of high performance wood materials such as glue laminated timber, laminated veneer
lumber (LVL) and cross-laminated timber (CLT), timber floors are once again a viable alternative to
using steel or concrete in multi-storey buildings. This raises the question of fire resistance, because timber
is a combustible material. The loss of wood section due to charring, the anisotropy of the material and the
detailing of connections all complicate the estimation of the fire resistance of timber floor systems. This
research focuses specifically on the fire performance of different timber floor types used in multi-storey
timber buildings.
1.1 Timber Composite Floors
Timber composite systems such as ribbed panel floors and hollow box floors are generally
categorised as having sheathing on one or both sides which acts as part of the structural system based on
the performance of the connection between sheathing and beam elements (commonly a nailed, glued or
screwed connection along the beams, or some combination of glue and fasteners). Composite action
achieved by the floor system must be accounted for to obtain a proper estimate of fire resistance, however
composite action is not considered in the simple design methods currently available [1].
The composite joist floor currently being researched consists of LVL beams ranging from 200 mm to
600 mm deep, bound by small LVL bottom flanges and a continuous LVL slab system as the primary
supporting floor panel (top flange). A schematic drawing of a typical composite floor is shown in Figure
1. Similar types of flooring systems are discussed in detail by Grant [2].
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Figure 1. Timber composite joist floor system.

Typically these floors span from 5 metres to 12 metres and are designed for normal service loads in
office buildings and similar multi-storey applications. When compared with a simple joist type composite
floor, this configuration gives the added mechanical advantages of supporting greater loads at a higher
level of stability, hence resulting in the overall reduction of the floor member sizes after geometrical
optimisation. However a larger area of timber is exposed to the fire in this regard, and due to the smaller
member sizes the expected unprotected fire resistance of these floors will be lower under similar loading
conditions.
The composite box floor under study is identical to the joist floor in all aspects but construction
geometry. The bottom flanges of the joists are made continuous between each second pair, resulting in a
box type system with every second panel missing on the bottom chord, allowing for services to be
installed in the gaps. The advantage of a system such as this over the previous composite floor discussed
is that the surface area of timber exposed to the fire is greatly decreased, hence the expected fire
performance will be greater by a simple change in geometry.
1.2 Timber Concrete Composite Floors
The concept of timber-concrete composite systems arose in Europe as a method of strengthening
existing timber floor systems using a concrete slab. A summary is given by Lukaszewska et al. [3]. This
was then applied to construction of new buildings, and is currently under investigation in many parts of
the world such as the United States [4], Germany [5,6] and New Zealand [1,7]. The performance of the
flooring system depends mainly on the connection between the timber beams and the concrete slab, as a
very stiff connection is required to ensure that sufficient composite action is achieved, resulting in a
higher ultimate strength and decreased deflections.
The fire resistance of timber-concrete composite elements is mainly influenced by the timber and the
connectors [8]. Effects of the fire on the timber such as heating and reducing overall section size act to
weaken both the timber section and the connection between timber and concrete. The form of connection
is also important, as the integrity of the connection during the fire will be governed by its weakest
element which can sometimes be difficult to predict.
Timber concrete composite floors have been researched previously at the University of Canterbury
[9,10], and a full set of fire performance data is available for two full-scale tests which were undertaken
as a part of that research. Due to time constraints however, an in-depth analysis of the floor system was
not possible and hence a simplified design method for these floors was not developed. Part of the current
research is aimed at remedying this issue, and the timber-concrete composite floors shown in Figure 2 are
being investigated alongside the fully timber systems.
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TYPICAL SEMI-PREFABRICATED
PANEL OF LVL-CONCRETE
COMPOSITE FLOOR SYSTEM

Cast in-situ concrete
65 mm thick
with reinforcement
D10-200 c/c both ways

Plywood interlayer
17 mm thick
Notched coach screw connection
Ø16 mm diameter
Double LVL 400x63

Figure 2. The timber-concrete composite floor system [9].

The type of composite floor under study is a semi-prefabricated system comprising of "M" panels that
are built with LVL beams and sheathed with a thick plywood interlayer, which acts as a permanent
formwork for the concrete. The plywood interlayer has holes cut into it to accommodate the notched form
of connection being used between beams and the concrete slab. These panels are prefabricated off-site
then transported to site and craned into position. Steel reinforcement can then be assembled and the
concrete slab cast in-situ, with the floors being propped as required.
A simplified design method developed for timber-concrete composite floors [11] based on the
effective cross section method from Eurocode 5 [12] gave good results when compared with large scale
fire tests. Although these systems have some major differences to the one under investigation in terms of
connection type, timber species and major floor element geometries, it provided an insight into methods
in which the issue of fire resistance for these systems can be addressed.

2 MATERIAL PROPERTIES
2.1 Laminated Veneer Lumber
New Zealand laminated veneer lumber (LVL) consists of 3-4mm thick rotary peeled veneers of
Radiata Pine glued with resorcinol adhesive. These layers have the grain orientation running in the same
direction (as opposed to plywood alternating grain orientation by 90° for each layer) which gives the
highest strength properties for bending and tension in one direction. Such beams can resist much greater
loads and hence span longer distances compared with traditional sawn timber. The manufacturing process
of LVL also allows for greater dimensional accuracy, and additives such as fire retardants can also be
implanted in the veneers depending on the desired performance.
The fire behaviour of LVL has been investigated in recent years. Research by Lane [13] has looked
into the ignition, charring and structural performance of LVL. In terms of the glue lines in LVL affecting
the charring rates, Lane found in a number of un-instrumented char tests that there was relatively no
difference between charring parallel or perpendicular to the grain. These results suggest that the presence
of the glue lines do not influence the burning behaviour of the material.
Lane conducted cone calorimeter tests on LVL samples, and furnace tests on LVL members. This
furnace testing consisted of subjecting LVL members to the standard ISO 834 fire [14] in a pilot furnace,
and also in a full scale furnace under loaded conditions. From this research he suggested a charring rate
for New Zealand manufactured Radiata Pine LVL of 0.72 mm/min under standard fire exposure. This is
similar to the charring rate of 0.70mm/min for LVL in Eurocode 5 [12].
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3 NUMERICAL MODELLING
Advanced numerical modelling is required when a problem becomes too complex to be solved by
hand, and a greater understanding is required of the underlying principles and mechanisms involved in
the analysis of the problem. This is often desirable to the alternative of experimental testing, as testing
can be uneconomical, time and labour intensive, and only one particular set of circumstances can be
investigated in each test. Furthermore when considering the modelling of floors, a numerical modelling
approach allows for vast amounts of data to be calculated for many different types of floor geometries and
loading conditions in an economical and efficient manner. Complex geometries and load transfer between
floor components can be designed and accounted for, while very precise loading arrangements and
material properties can be specified for a particular situation. This enables the user to obtain results
directly proportional to the quality and quantity of the input into the software, and at a specified level of
detail. It is important that the analytical method used is not pushed beyond its limits of applicability [15].
Higher order effects of fire impact on timber such as mass transfer (moisture movement), thermal creep,
char cracking and drop-off can also be incorporated into the analysis, thus enabling many different
influences on floor performance to be investigated at once and key factors affecting the overall
performance of the floors to be isolated.
The software ABAQUS [16] was used for the numerical simulations. The approach taken in this
research was stepwise, gradually introducing increased levels of detail into both the thermal and structural
analyses. Initially only one-dimensional problems were considered, moving on to two-dimensional (2D)
simulations and eventually graduating to three-dimensional (3D) analyses. The models were constantly
compared with test results where applicable to ensure reasonable output was being achieved at each step
of the analysis, and the previous models used to ensure the accuracy of the results.
The ultimate goal of this modelling was to conduct 3D sequentially coupled thermo-stress analyses to
determine the effects of a fire on floor assemblies under load. This involved a thermal analysis to
determine the temperature profile of the floor assemblies for the duration of modelling, and then a stress
analysis using the temperature profile as an input into the structural model. This procedure was used as
the stress profile of a timber member is influenced by the temperature profile, but the converse is not true,
in other words the temperature is not affected by mechanical stresses and can be computed as a separate
initial step.
3.1 Thermal Modelling
For greater confidence in the results obtained, three separate numerical software suites were run in
collaboration during this research focussing on defining acceptable material parameters and expected
behaviour. The numerical software used in this research was ABAQUS [16], however both ANSYS [17]
and SAFIR [18] have been used for verification.
The first objective of the thermal modelling was to determine the acceptable range of parameters to
use in ABAQUS to appropriately model one- and two-dimensional heat transfer through timber sections.
A second objective was to define an appropriate set of effective material properties comparable with
experimental results found in literature, and what was achieved through modelling in similar software
packages. Detailed results of this and comparisons between the three software suites are described by
Werther et al. [19]. As a baseline for configuring the material model of timber for heat transfer in
ABAQUS, the properties found in Annex B of Eurocode 5 [12] were used; specifically these were the
thermal conductivity, specific heat, latent heat and density. Using these values was recommended as a
way of accounting for the physical and chemical changes that occur as timber combusts, such as moisture
movement, charring and shrinkage. These effective values also encompass many second order effects and
allowed for simplified modelling of heat transfer through timber, while still giving a good approximation
to timber behaviour in reality.
The input of thermal properties into software was implemented in two separate procedures. The first
was a user defined kρc model, where the symbols represent the thermal conductivity, density and specific
heat, respectively. The specific heat is defined as the amount of energy required to change the temperature
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of a material by a unit amount, in SI units this is measured in kJ/kgK. In the case of timber there is a peak
in the reported values of specific heat, most commonly taken as between 99 to 120°C. This is to account
for the vaporisation of water in the timber, and results in a large increase in energy required to facilitate
this phase change from liquid to gas. The second procedure was the latent heat model that allows for the
removal of this peak from the specific heat curve, as it accounts for the extra energy of phase change over
the specified temperature range. Further validation of this work in comparison to experimental results is
also discussed by Werther et al. [19].
For the 3D thermal modelling of timber floors, the temperature distribution in the cross section was
computed as an uncoupled heat transfer analysis using 8 node linear solid elements, DC3D8 [16].
Depending on the floor geometry, beams are generally subjected to 3 sided exposure to the ISO834 fire as
a standard temperature input into the models, and this is also applied to the underside surfaces of the
floors. This was applied via surface film conditions and surface radiation to the exposed surfaces, and
ambient conditions were modelled on the top of the slab. The convection coefficient and emissivity were
taken from Eurocode guidance [12,21] and assumed to be 25 W/m2K and 0.8, respectively. As an initial
starting point for 3D thermal modelling the cross section was discretised into a 6 mm mesh, and along the
length of the floor the mesh was left very coarse (greater than 10 times the cross-section mesh size). This
coarseness allowed for faster computation times, however when the mesh was translated to the structural
model it proved to be poor for the stress analysis. Therefore once the final floor design was chosen a more
appropriate mesh size was used along the length.
3.2 Structural Modelling
The objectives of the structural modelling were twofold. Firstly, prototype modelling of different
simple loading conditions on timber such as tension, compression and bending, were compared with
experimental results to give confidence in the modelling techniques. The second objective was to model
the timber floor systems described in this report via sequentially coupled thermo-stress analysis.
When sequentially modelling the floors in 3D the same mesh from the thermal analysis was imported
into the structural model, and the element type used was an 8 node 3D linear solid element, C3D8R [16].
To consider the reduction in mechanical properties with temperature, values for the reduction in strength
and modulus of elasticity were taken from the Eurocode [12]. Timber behaves in a brittle manner in
tension, and exhibits elasto-plastic behaviour in compression. Currently the material model being used to
characterise these stress-strain relationships for timber is a steel yield model, which means only one stress
strain curve can be adopted for both compression and tension. Future research will include development
of a timber material model in which different relationships for compression and tension can be defined.
3.3 Thermo-mechanical Analysis
Sequential modelling has been conducted on timber members and systems in the past however it very
commonly only considers members in either tension or compression. Modelling of bending in timber is
more complex than simple compression or tension, as it is three-dimensional and buckling must be
considered, as well as the method of failure being properly defined and modelled. The orthotropy of the
material and appropriate failure criteria must also be included.
Numerical modelling must account for redistribution of stresses to the inner region of the beam as the
extreme fibres in tension approach failure. To obtain sensible results it is important to ensure that what
others in the field have done can be modelled alongside the research at each stage of development, so a
final three-dimensional model can be achieved with a reasonable level of certainty.
There are a number of studies which have been conducted in the past focussing on structurally
modelling timber in fires. One such study is that of Fragiacomo et al. [22] which involved the
experimental testing of LVL in tension in a small scale furnace, and the efforts to numerically model the
tests. The tests were conducted on rectangular sections of LVL, half immersed in a furnace and loaded
under a constant tension force. A sequential thermal-stress analysis was carried out in ABAQUS
concentrating on modelling the experimental testing by first building a thermal profile of the timber
section, then inputting this into the three-dimensional structural model considering axial forces only.
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Failure was considered to occur when the elements were no longer able to properly redistribute stresses to
cooler regions, hence the solution was seen as diverging and the failure time taken as the last increment in
the model. The results of this modelling slightly under-predicted the temperature in the timber when
compared with the experiments, but overall provided a good approximation. The work provided insight
into ways in which ABAQUS can be used to model simple structural behaviour under fire conditions.
Bobacz [23] also investigated axially loaded timber members in tension and compression under fire
conditions. A large portion of his research was defining an appropriate charring model based on other
work. A generic thermal model was developed to predict the temperature profile throughout a crosssection of timber, and then the simulated member was structurally analysed under fire conditions in
ANSYS. In terms of assessing failure, Bobacz only considered cross section analyses in which a
displacement controlled strain was applied until the ultimate strength reached, and then ultimate load at
this point was derived from the integration of the stresses over this cross-section. From this he proposed a
stochastic method of sizing members for fire resistance based on inputs of the three major modelling
sections above. At each major step the modelling was checked against the simplified methods available in
literature [12], and validated against experimental testing where possible. This research was
comprehensive in both defining timber properties in fires and simplified ways of thermally and
structurally modelling timber, and provided an excellent point of comparison when conducting the
current research.

4 EXPERIMENTAL TESTING
A portion of this research is dedicated to calibration and validation of the numerical modelling; hence
full-scale testing of these floors is required.
4.1 Tests of TCC floors
Testing was conducted at the BRANZ facilities in 2009 [10] on two timber-concrete composite
floors. The primary objective of the full scale testing was to investigate the failure behaviour of timberconcrete composite floors when exposed to fire, which encompassed a wide range of information that was
required to be collected from different parts of the floor system. Specifically, the failure mode of the
floors was an important part of this as it would identify the critical component of the floor system that
governs the design for fire safety, whether it was failure in the beams, the concrete slab or the connections
between the two. Other important areas of interest were the charring behaviour of the timber beams, the
spalling behaviour of the concrete, the fire damage about the connections and the performance of the
plywood sheathing. The test fire was the ISO 834 standard test fire [14].
Due to their combustibility, timber beams cannot be scaled down in size as their fire behaviour is
dependent on the actual cross-section present. This required that the loads on the floor units be scaled up
in such a way that similar stresses were induced in the load bearing members of the floor and the same
bending moment at the mid-span of the floors was obtained. The design loads of the test specimens were
based on a live load of 2.5 kPa and a dead load of the self-weight of the floor only, with no additional
dead load. The first floor specimen tested was the 300 mm beam floor, which was tested to destruction.
Failure occurred at 75 minutes under the ISO 834 design fire and applied design load. The side with
notched connections (Figure 2) failed first, and the testing was terminated. The second floor was the 400
mm beam floor and is shown in Figure 3 directly after furnace testing. This test was stopped shortly after
60 minutes to assess the damage at that time and to provide insight into how the beams were charring
before complete destruction.
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Figure 3. Full scale testing of a timber-concrete composite floor system at BRANZ.

4.2 Charring
The initial and remaining section sizes are shown in Table 1. Measurements represented in the table
were taken from intermediate regions in the beams as the char depth across the beams was very uniform
along the beams based on inspection of the charred remains.
Table 1. Residual Beam Sizes After Testing.

Test
Specimen
300 mm
400 mm

Size Before Test
(WxH mm)
126
300
126
400

Size After Test
(WxH mm)
44
130
52
255

Burning
Time
75
60

The charring rate on the sides of the LVL beams in the full scale testing was found to be 0.58
mm/min on average, lower than reported values of 0.72 mm/min based on research conducted by Lane
[13] on similar LVL at the BRANZ facilities. The charring rate on the underside of the beams was very
high, being on average four times as large as the charring rate from either side of the beams. This was
expected as the majority of this charring occurred in the latter stages of burning once the residual section
had been reduced to such a size that the central area of the timber beams had increased above the initial
ambient temperature, thus increasing the rate of heating and burning of the remaining section. Further
work on the charring behaviour of these configurations of beams considering different fastener types and
configurations is detailed by Tsai [23].
4.3 Displacement
For both floors tested the measured vertical displacement up to the point of runaway structural failure
was less than 1/20 of the span (200 mm) and the rate of increase of displacement was also low (until
runaway failure occurred). Some common structural requirements specify deflections of less than 1/20 of
the span or a limiting rate of deflection when deflection is 1/30 of the span [24].
4.4 Tests of Timber Composite Floors
For testing of all-wood Timber Composite Floors, a beam type floor and a box type floor will be
tested at the Building Research Association New Zealand (BRANZ) facilities in Wellington. Both will
have pin/roller supports and a span of 4 metres parallel to the long axis of the furnace, loaded through the
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centreline at two points. The first phase of this testing will be undertaken in March 2012, to be reported at
the SIF 2012 conference, and the second phase in July 2012.

5 NUMERICAL RESULTS
At this stage in the research the sequential modelling of LVL beams and composite timber floors has
been conducted to such a degree that viable results have been obtained for load displacement and heat
transfer. Modelling the concrete slab is currently underway, however the development of an appropriate
material model to accurately predict the concrete slab behaviour has not yet progressed enough for
publication. The following section compares results between the beam modelling and the test results
obtained during the timber-concrete composite floor tests described.
5.1 Heat Transfer
The 300 °C thermal wave at 60 minutes for the 400 mm deep beam occurred at approximately 39 mm
(48 mm remaining beam width). This compared well to the experimental results presented in Table 1 of
52 mm remaining beam width, but is slightly conservative. Further comparisons of experimental results
with this thermal modelling of LVL can be found in the previously mentioned study [19].
5.2 Displacement
Figure 4 shows the results obtained for the 300mm beam modelling in terms of runaway displacement
failure. This is compared to the measured fire resistance time of the 300mm floor in the test, and the
calculated fire resistance time of the spreadsheet method derived from this testing.

Figure 4. Modelling and experimental results for fire resistance time of 300 mm beams and floors.

The prediction of the numerical modelling for failure times of the beam shows that the model follows
the same trend as the TCC floor spreadsheet calculations (based on the test data), and is on the
conservative side of the data. This is expected as the TCC floors have a large degree of composite action
taking place when the residual beam size becomes small, providing a longer fire resistance time.
Figure 5 shows the same results as Figure 4 but for the larger 400 mm floor. Note that the full-scale
test did not go to destruction hence there is no experimental value incorporated in this plot. As before the
numerical modelling prediction follows a similar trend to the calculated floor resistance times, and it is
expected that once concrete slab behaviour is incorporated into the model the curves will sit closer
together.
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Figure 5. Modelling results for fire resistance time of 400 mm beams and floors.

6 CONCLUSIONS
This paper details the research being conducted to sequentially model timber composite floors under
fire exposure. Appropriate thermal properties have been defined for the timber, verified against
experimental results, allowing 3D thermal modelling to be conducted and temperature profiles of timber
cross sections to be determined. Sequential thermo-stress analyses have been conducted for LVL beams
and compared to experimental data from furnace tests. It was found that at this stage in the modelling the
prediction of fire resistance by displacement compares well to the experimental results.
As this research is a work in progress, there remains a portion of work yet to be completed. In terms
of numerical modelling, the development of more appropriate material models for timber and concrete are
required to incorporate the desired mechanical properties necessary for the advanced floor analysis.
Upcoming full scale furnace tests of both timber joist and box floors are also being conducted in 2012.
The results of these tests will be used to validate the results obtained in the numerical modelling.
The end goal of this research is the development of simplified design methods based on the numerical
modelling and experimental testing, such that the fire resistance of composite timber floor assemblies can
be quickly calculated for a range of floor geometries, loading conditions and material types.
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Abstract. Two different configurations of steel-to-timber connections are tested in bending in normal
conditions and under ISO-fire exposure. To observe the influence of clearances in the connection area on
the fire resistance of the connections, two specimens were previously tested under cyclic loadings. These
tests consist in the application of an increasing-decreasing strength of connections by imposed
displacements. The experimental results of connections tested in cold and under ISO-fire conditions are
analyzed and commented. These results are then used to validate a finite element model. This model
allows simulating the evolution of the temperatures inside the connections as well as their mechanical
and thermo-mechanical behaviors. The modelling of the mechanical behaviour of timber is made by
using the Hill yield criterion in combination with the Tsaï-Wu failure criterion. The thermo-mechanical
modeling allows obtaining fire resistances of the tested connections in good agreement with the
experimental ones.

1 INTRODUCTION
In timber structure, the connections exhibit more sensitive and complex thermo-mechanical
behaviour. The design procedure given in Eurocode 5 (EN 1995-1-2) [1] is based on a limited number of
experimental and numerical results [2,3]. This is due to the high cost and to the complexity of the largescale experiments of connection components in fire conditions. To improve the level of knowledge
concerning the thermo-mechanical behaviour of timber connections, real-scale tests and numerical
investigations were realised in France from 1999 to 2010 [4-7]. This research concerned tests of various
timber connections with bolts and dowels realised at normal temperature and under ISO-fire, and
subjected to different loadings: tension parallel to grain, tension perpendicular or with an angle to the
grain, and bending. The experimental results show the real fire resistance of the tested connections and
are used to validate numerical simulated results. A 3D finite element model has been developed the last
years to simulate the mechanical and thermo-mechanical behaviour of timber connections subjected to a
longitudinal tension [8-10].
Nevertheless, in real conditions the timber connections are seldom loaded in pure longitudinal
traction. In most of the cases, they worked in traction or compression parallel or perpendicular to grain
combined with shear [11]. For example, frame connections or truss connections are exposed, at the same
time, to loads in tension or compression and shearing. Thus, it appears necessary to extend the
experimental and numerical analysis to timber connections subjected to combined stresses. This paper
concerns the experimental and numerical analysis of timber connections loaded in bending.
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In the first part, the experimental results of steel-to-timber connections in bending tested in cold
conditions and under ISO-standard fire exposure are presented and commented. To observe the influence
of clearances in the connection area on the fire resistance of the connections (e.g. due to a seismic event),
two specimens were tested under cyclic loadings before the fire tests. Then, the numerical analysis is
realised by using two different 3D models: one for the heat transfer and the second one for the mechanical
and thermo-mechanical behaviour. The main assumptions considered for the modelling are presented and
justified. Each step of the modelling of the thermo-mechanical behaviour of the tested connections is
validated on the basis of the experimental results. The heat transfer model is validated on the basis of the
measured and calculated charring rates as well as the measured temperatures inside the various
components of the connections. The mechanical model is validated by the use of experimental load-slip
curves obtained after tests in normal conditions. Finally, the thermo-mechanical model is validated by
comparison of the fire resistance durations obtained by the experimental and numerical time-slip curves.

2 EXPERIMENTAL STUDY
2.1 Tests setups
The connections are made with timber of glulam resistance class GL24h assembled with a steel plate
and 6 dowels of diameter 16 mm. The thickness of the timber members is 77.5 mm. The connections have
been designed in accordance with the minimum requirements of the EN1995-1-1 [12] for spacing and
size. Two dispositions of fasteners are tested: connections of Type A are composed with two rows of
three dowels while connections of Type B are composed with three rows of two dowels. The two
experimental configurations are illustrated on the figures 1 and 2. On the Table 1, are summarized the
geometrical data of the connections.
F

F

p

b
a1

2 x a1

a3
a2
a2

L

b

t1

a3
a2
a2

h

a3

p

t1

L

Figure 1. Geometrical configuration of the tested
connections (Type 1).

a3

h
t1

t1

Figure 2. Geometrical configuration of the tested
connections (Type 2).

Table 1. Geometrical data of the tested connections (mm).

Connections
Type A
Type B

16
20

t1

L

h

b

77.5
77.5

2000
2000

445
445

260
260

8
8

a1

a2

a3

200
100

108
216

115
115

For each configuration, two tests were realized in normal conditions of temperature and three tests
were realized under ISO-fire exposure. Tests in normal conditions allow determining the loaddisplacement curves of the connections and mainly their stiffness and load-carrying capacity. The loading
was applied on the steel plate in accordance with the protocol of the standard NF-EN 26891. The relative
displacement between the steel plate and the timber members were measured using LVDT sensors.
Afterwards, equivalent specimens were tested in fire conditions under a nominal standard fire. In
addition, the failure loads N u , tests obtained by the tests in normal conditions were used to define the load
to be applied on the connections during fire tests, using the chosen load ratio ηfi . Three load ratios have
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been applied for fire tests: ηfi =(12, 38 or 45%)* N u , tests . Several thermocouples (24) were introduced at
different locations inside the connection members to measure the temperatures during the fire tests. Two
displacement sensors were used to measure the horizontal and the vertical displacement of the steel plate.
The loading protocol for mechanical fire tests was defined by the standard NF-EN 26891. After
preloading up to 40% and unloading to 10% of N u ,tests , the specimen was reloaded to the chosen load
ratio η fi . Then, the fire exposure according to the curve ISO 834 was started. The load ratio was kept
constant throughout the exposure to fire until the failure of the connections.
To observe the influence of clearances in the connection area on the fire resistance of the connections
(e.g. due to a seismic event), two specimens (one of each configuration type) were previously tested under
cyclic loadings, according to EN 12512 [13]. Thus, a cyclic loading was applied to the steel plate with
increasing amplitude determined according to the displacement. Indeed, the controlled displacement
applied to the plate had to increase gradually until 75% of the value of u y , which was the limit relative
slip of the connections measured at the failure during tests in normal conditions. Figure 3 shows the
loading protocol used for these tests and figure 4 shows the load-slip curve obtained for the connection of
Type B. At the end of these tests, the steel plates were “rickety”, which illustrates that there was creation
of clearances inside the connections.

Figure 3. Loading protocol for tests under cyclic
loadings (connection Type A).

Figure 4. Load-slip curves for cyclic test (connection
Type B).

2.2 Test results in normal conditions
For each configuration type, two tests were realized in normal conditions of temperature (~20°C).
Connections of Type A showed the most ductile behaviour, with high plastic deformations due to the
dowel bending. For connections of Type B, a splitting failure appeared in the connection area on one of
the timber member. Nevertheless, the ductile behaviour of the connection stays predominant (Figure 5).

Figure 5. Deformations of timber and dowels in the connection area.

Table 2 gives the values of yield and ultimate strengths Fy and Fu of the tested connections, as well
as the value of the limit relative slip at the end of the test. The connections of Type A have a load-
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carrying capacity slightly lower than u y those of Type B. The strength values of the connections
calculated according to EN1995-1-1 [12] are compared to the experimental strength values (Table 3). The
comparison shows that the theoretical values are lower than the experimental ones. Thus, the prediction
of the failure load and mode is acceptable, because these results are in safety side.
Table 2. Experimental results in normal conditions.

Connections

Test

u y (mm)

Fy (kN)

Fu (kN)

Fu / Fy

Type A

1
2

22.4
22.5

32.4
31.1

33.9
33.3

1.05
1.07

1

22.8

34.9

38.9

1.12

2

19.1

34.2

38.6

1.13

Type B

Table 3. Experimental and theoretical strength values of the connections.

EN1995-1-1

Connections

Fy (kN)

Fu (kN)

Tests
Fy (kN)

Fu (kN)

Type A

23.5

25.6

31.8

33.6

Type B

26.5

31.1

34.5

38.8

2.3 Fire test results
Table 4 presents the experimental values of fire resistance t fi ,exp depending on the load ratio ηfi .
High values of fire resistances were obtained. The presence of clearances within the connections seems to
have a little influence on the fire resistance with a reduction of 4 minutes for both types of connections.
The increase of the load ratio from 12 to 38 % for Type A connections leads to a reduction of 18 minutes
of the fire resistance. For Type B connections the increase of load ratio from 38% to 45% leads to a
reduction of 6 minutes of fire resistance. In spite of the higher load-carrying capacity in normal condition
of Type 2 connections, the two configurations allow to obtain similar fire resistance values.
The failure of these connections occurs by large deformations due to the embedding of wood (Fig. 6).
No brittle failure, by splitting, was obtained. The failure is experimentally defined for a quick acceleration
of the displacements. Thus, to define fire resistance durations of the connections, a tangent method was
used on the experimental global load-slip curves. No deformation of the dowels or the steel plates was
observed.
Table 4. Experimental fire resistances of the connections.

Connections

Test

ηfi (% N u , tests )

t fi , test (min)

Cyclic tests

Type A

1
2

12
38

66
48

-

Type B

3

38

44

Yes

1

38

46

-

2

38

42

Yes

3

45

40

-
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Figure 6. View of specimen B1 after fire test.

3 FINITE ELEMENT MODELLING
A three-dimensional (3D) finite element model (FEM) is developed to predict the thermo-mechanical
behaviour of the connections exposed to fire. Two different meshes are used for the thermal and the
thermo-mechanical calculations. The model is validated at each stage on the basis of the experimental
results.
3.1 Numerical modelling of heat transfer
For the thermal analysis, the 3D-FEM model is developed by using the MSC.MARC software
package with 20-noded hexahedral elements. Taking into consideration the symmetry, only half of the
connection was modelled: adiabatic surface in symmetrical plan. A perfect contact, with continuous
meshing, is considered at all the interfaces between timber, steel plates and fasteners. The external
temperature applied to the connections is given with the evolution of the normalized time-temperature
curve ISO 834.
The numerical simulations of heat transfer within the connection are performed considering the
evolutions of the thermo-physical properties of the materials such as the thermal conductivity and the
specific heat. The thermo-physical properties of steel are given by EN1993-1-2 [14]. The evolutions of
the thermo-physical properties of timber which depend on temperature were taken from a sensitivity
analysis performed using several values of thermal conductivity and specific heat proposed by different
authors [15]. The goal was to find the most appropriate thermo-physical characteristics to be used in the
modelled connections. This sensitivity analysis showed that for wood components the best combination
of thermal conductivity and specific heat, giving the best numerical results, is obtained using the thermal
conductivity values proposed by Janssens and the specific heat values proposed by Fredlund and Janssens
(Figure 7). Due to the thermal gradient and pressure gradient inside timber grains a part of water migrates
towards the timber-steel plate’s interface. The measured temperatures in fire exposure tests show the
presence of a temperature plateau between 90°C and 100°C. In order to take into account the latent heat
of water migrated near steel plate, a peak of specific heat of 100 kJ/(kg K) is introduced at 100°C for 3DFEM modelling. This value of specific heat is used only for a thin layer of timber (3 mm) in contact of
steel plate in both sides. This hypothesis was validated by the simulations of heating of several tests of
connections subjected to a parallel to grain tension [9].
The heat transfer model gives the distribution of the temperature field on the nodes of the elements
constituting the connection components for each step of time. The first comparison between tests and
numerical results concerns the average charring rate of the wood members. For the simulation, the
charring rate is defined by the isotherm of 300°C and the exposure time at which this value is reached.
The experimental mean values of charring rate are obtained from the measurements on residual wood
thicknesses of the specimens after fire tests. Table 5 summarizes the charring rate values obtained by tests
and from the numerical model. These results show that the heat transfer model is based on satisfactory
and safe assumptions.
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Temperature (°C)

(J/(kg.K))

0

0.12

Temperature (°C)

c (J/(kg.K))

100

0.16

0

1440

117

0.125

20

1440

200

0.15

200

2140

350

0.12

300

720

600

0.15

1000

720

1000

0.22

1200

0.27

b) Thermal conductivity (Janssens)

a) Specific heat (Fredlund / Janssens)

Figure 7. Thermo-physical properties of wood used for the heat transfers modeling.

The heat transfer model gives the distribution of the temperature field on the nodes of the elements
constituting the connection components for each step of time. The first comparison between tests and
numerical results concerns the average charring rate of the wood members. For the simulation, the
charring rate is defined by the isotherm of 300°C and the exposure time at which this value is reached.
The experimental mean values of charring rate are obtained from the measurements on residual wood
thicknesses of the specimens after fire tests. Table 5 summarizes the charring rate values obtained by tests
and from the numerical model. These results show that the heat transfer model is based on satisfactory
and safe assumptions.
Table 5. Experimental and theoretical failure times of the connections.

β0 for lateral sides of timber
members (mm/min)
0,64
0,68

Tests
3D-FEM

β0 for upper and lower sides
of timber members (mm/min)
0,76
0,72

Figures 8 to 10 show the evolutions of the calculated and the measured temperatures for different
components of the connection A16. These curves show a good agreement between measured and
computed values of temperature. Similar results were obtained for all tests of the connections using the
same thermal properties and hypothesis of the model. On the basis of these results, the heat transfer
model is validated.
400

500

Temp (°C)

400

FEM-TC1

Test-TC1

350

FEM-TC2

Test-TC2

300

FEM-TC3

Test-TC3

Temp (°C)

450

350

300
250
200

FEM-TC4

Test-TC4

FEM-TC5

Test-TC5

250
200
150

150
100

100
50

50
0
0

10

20

30

40

50

0

60

0

t (min)

10

20

30

40

50

t (min)

Figure 8. Numerical and experimental temperatures in
timber members.

Figure 9. Numerical and experimental temperatures in
fasteners.
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Figure 10. Numerical and experimental temperatures on steel plate.

3.2 Numerical mechanical model in normal conditions
The numerical model representing the behaviour of connections in normal conditions takes into
account the material and the geometrical nonlinearities. To describe accurately the evolution of the
contact in the interfaces between the connection components, the meshing is refined in an extended zone
around the fasteners. Boundary conditions representing the real experimental conditions are applied. The
load application is performed by an imposed gradual displacement on the extremity of the steel plate. The
interaction between the different components of the connections is modelled using deformable contact
elements at each interface. The meshing of the mechanical model is so discontinuous and differs from that
used for heat transfer. A friction coefficient of 0.3 is taken into account between fasteners and timber [9].
The steel material is considered as nonlinear isotropic (Young modulus E = 210 000 MPa and
Poisson ratio = 0.3). The evolution of plasticity in the fasteners until reaching the plastic hinges is
considered using the von Mises yield criterion. The mechanical behaviour of wood is considered with
transverse isotropy assuming the same properties of the material for both radial and tangential directions.
The laminated timber used for these tests is of class GL24h. The measured average density of the timber
is 438 kg/m3. The mean values of the elastic modulus and the Poisson’s coefficients retained are the ones
relative to a laminated timber of class GL24h (Table 6). Shear and tension strength values of the timber
are mean values obtained from the characteristic values of the standard NF EN 1194 by using a
coefficient equal to 1,2. Longitudinal and perpendicular compressive strength ( f c , 0 and f c ,90 ) values are
determined by tests (Table 7).
Table 6. Mechanical properties of timber used in the model.

E 0 (MPa)

E 90 (MPa)

G mean (MPa)

ν TR = ν LT

ν RL

11600

390

750

0.41

0.02

(kg/m3)
438

Table 7. Mechanical properties of timber used in the model.

f c ,90 (MPa)

f c ,90 (MPa)

f t , 90 (MPa)

f t , 90 (MPa)

f ν (MPa)

39

3.4

19.8

0.48

3.24

The Hill yield criterion is used to manage the plastic behaviour of timber components. This criterion
is a generalized version of the von-Mises yield criterion to consider the anisotropy of the material (1).
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However, the yield Hill criterion is a symmetric criterion which does not take into account the
asymmetry of the mechanical behaviour of timber in compression and tension. The high difference
between the values of f c ,90 and f t , 90 requires to take into account this asymmetry. Thus, the Hill criterion
is combined with the Tsaï-Wu failure criterion [16]. It is expressed as follow:
Fi σ i + Fij σ iσ j = 1

with:

i, j

(2)

1,6

This criterion needs 27 coefficients to be identified. Its linear terms i take into account the
dissymmetry between tension and compression. A condition of stability on the interaction terms Fij is
introduced to avoid the surface represented by the criterion to have an opened shape as hyperboloidal
type. The surface represented by the criterion will have intersection points with all the axes defining the
considered space of stress:

Fii

Fjj

Fij2 > 0

(3)

The hypotheses of orthotropic symmetry reduces the number of coefficients to 12. Then, the Tsaï-Wu
criterion can be expressed as follow:
2
2
F11σ12 + F22σ 22 + F33σ 32 + F44σ12
+ F55σ13
+ F66σ 223 + 2F12σ1σ 2 + 2F23σ 2σ 3 + 2F13σ1σ 3 +F1σ1 +F2σ 2 + F3σ3 = 1 (4)

The main difficulty while using the Tsaï-Wu criterion lies in the evaluation of the parameter F12
which characterizes the interaction between the direction of orthotropy X and Y. The evaluation of this
term requires a specific and complex test using a bi-axial loading protocol. Its estimation was made
theoretically. Wu and Starchurski [17] proposed limit values of the interaction coefficients allowing to
ensure that the failure surface of the Tsaï-Wu criterion is closed (5). In the numerical model, fictive
values of the interaction coefficients are considered. These values are taken positive and equal to the limit
values calculated according to the Wu and Starchuski equations.
F122 <

1
f t ,0f c,0

1
1
; F232 <
f t ,90f c ,90
f t ,90f c , 90

1
1
2
2 ; F31 <
fv
f t ,0f c,0

1
f v2

(5)

The 3D-FEM mechanical model is validated on the basis of the load-slip curves of the connection in
normal conditions. Figure 11 shows the comparison between the experimental and the calculated loadslip curves for the connection Type A-2 with two mechanical models: one using only the yield Hill
criterion (model-1) and the other using the Hill criterion associated to the Tsaï-Wu one (model-2).
These comparisons show that the model-1, using the Hill criterion alone, does not allow to represent
the elasto-plastic behaviour of the connection. The model integrating the Tsaï-Wu criterion represents
well the stiffness of the connection measured experimentally when the phase of reloading is considered.
Large displacements, higher than 50 mm, are generated by these connections, with large plastic
deformations by embedding of wood. The numerical calculations develop a non-convergent process,
arising with significant displacements. Nevertheless, the model allows representing well the elastic and
ultimate strength of the connections.
3.3 Numerical model for thermo-mechanical analysis
The thermo-mechanical analysis of the connections is based on the same 3D-FEM used for the
mechanical modelling considering the temperature-dependent mechanical properties of the materials. The
evolutions of these characteristics are taken into account by using the reduction factors, depending on the
temperature, of the mechanical properties, taken from EN1993-1-2 for steel and from EN1995-1-2 for
timber. The meshes of the thermal and the mechanical models are different. In order to insure the thermal
continuity between the various members of connection, the heat transfer model mesh is continuous,
whereas the mechanical model mesh is discontinuous in order to take into account the contact between
these members. To perform the thermo-mechanical analysis of the connection, the field of temperature
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inside the connection calculated using the thermal model is stored for each increment of temperature. A
procedure was developed to make the transition between the stored field of temperature and the thermomechanical model considering the correspondence between the nodes of the meshes and the adequate
boundary conditions of each model.
The results of the thermo-mechanical model are validated on the basis of the numerical time-slip
curves which are graphically compared to the experimental curves. The predicted time of fire resistance
of the connections is defined by using a tangent method on the time-slip curves. Figure 12 shows the
comparison between experimental and simulated curves for A-1 type connection.
The high increase of displacement, representing the failure of the connection, is well predicted by the
model. Table 8 shows the comparison between the calculated (tfi,sim) and the experimental (tfi,test) times to
failure, both determined by a tangent method, with the relative error ( 1). The failure times of the
connections calculated with the thermo-mechanical model are always lower than the experimental values.
The relative error is due partly to the non-convergence of the model which does not succeed to represent
the large plastic deformations of the connections. However, the thermo-mechanical model predicts well
the first stage of the failure characterized by a significant acceleration of the local displacement.
Experimentally, the connections show additional minutes of resistance.
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Figure 11. Load-slip comparison of
connection Type A ( ηfi =38%* N u , test ).

Figure 12. Time-slip comparison of connection Type A
( ηfi =12% of N u , test ).

Table 8. Comparison of the experimental and the numerical fire resistances of the connections.

Type

ηfi (% N u , tests )

t fi ,sim (min)

t fi , test (min)

Relative errorr ε1 (%)

12
38
38
45

55
31
30
25

64.5
48.0
46.0
40.0

16.7
35.4
34.7
37.5

A
B

4 CONCLUSION
Real-scale tests were conducted on steel-to-timber connections subjected to a bending loading under
ISO-fire exposure. The experimental results show that the connections have a good fire resistance and
exhibit a ductile thermo-mechanical behaviour with large plastic deformations due to the embedding of
wood. Original tests with cyclic loadings were realized before two fire tests to observe the influence of
clearances within the connections’ components. This influence seems to be negligible but the results
would require to be confirmed by more tests.
A numerical model is developed in two stages, to simulate both the heat transfer and the thermomechanical behaviour of the tested connections. The model allows obtaining good agreements between
the calculated and the measured temperatures fields inside the connection components. The fire resistance
defined by the numerical modelling are lower than the experimental ones and thus in safety side. The
numerical model is not adapted to simulate the large plastic deformations occurring after the beginning of
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the failure process but is accurate to represent the transition between the elastic and the plastic behaviour
of the connections.
This numerical model will be used as a tool to analyze the complex thermo-mechanical behaviour of
timber connections in fire situations. In its extension, it will be used to extend the application domain of
the Eurocode and to calibrate some simplified analytical formulae which could be used by engineers to
design easily the timber connections in fire.
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Abstract. This paper presents an evaluation of fire resistance of engineered wood joists used in the
construction of floor systems in residential housing. For developing this information, fire resistance tests
were carried out on four types of wood joists used in traditional and more modern residential
construction. The test variables included type of wood joist, support conditions, and fire protection
(insulation). The fire resistance tests were carried out by exposing the loaded wood joists to ASTM E-119
fire exposure. Data generated from fire resistance tests, including temperatures, displacements, and
strains, is utilized to evaluate thermal and structural response of different types of wood joists. Results
from these tests indicate that engineered joists have much lower fire resistance than traditional solid joist
lumber.

1 INTRODUCTION
Engineered wooden I-joists are very efficient in resisting floor loads over short spans, and therefore
these joists are widely used in the construction of floor systems in residential housing. The engineered
joists capitalize on the strength of wood and the efficiency of the I-shaped section to enhance flexural
load bearing capacity, while at the same time reducing the mass and cost of the structural member. Thus
the use of I-shaped sections for joists leads to a sustainable and economical option for typical residential
construction. However, in recent years there have been numerous instances where fire fighters entering
these houses, during fire fighting, fell through engineered joist floor systems, without any warning,
leading to injuries and death, and thus fire resistance of these members has come into question [1,2,3]. To
explore the reasoning for this problem, there have been limited fire tests on engineered wooden joist floor
systems, primarily undertaken by Underwriters Laboratories (UL) [4], National Institute of Standards and
Technology (NIST) [5], National Fire Protection Research Foundation [6], and National Research
Council Canada [7]. In these limited test programs, the focus was on evaluating fire resistance of entire
floor system (comprising of engineered joist, insulation, and protective layers). Results from these tests
point to lowered fire performance of floors with engineered wood joists as compared to floors made with
traditional joists. Based on these limited studies, various researchers recommended fire tests be carried
out on individual joists to quantify the fire performance of engineered joists at the elemental level.
To develop a fundamental understanding of the fire resistance of engineered lumber, Michigan State
University (MSU), in a combined effort with UL and with funding from NIST, carried out a series of fire
tests on individual joists using traditional solid joist lumber and a variety of modern engineered lumber.
Test variables included joist type, end restraint conditions, and joist insulation. Data generated from tests
on seven joists is utilized to evaluate thermal and structural performance of different types of wood joists
under fire conditions. With this test data, the fire resistance of existing engineered lumber was assessed
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and the effectiveness of different fire protection techniques was also evaluated. This paper presents details
on the fabrication of the test specimens, test setup, test procedure, and the thermal and structural response
parameters generated in the fire resistance tests.

2 PREPARATION OF TEST SPECIMENS
The test program consisted of fire resistance tests on seven floor joists. All specimens were tested
under ASTM E-119 [8] fire exposure and loaded conditions. Four types of wood joists, namely
traditional lumber, engineered I-joist, castellated I-joist, and steel/wood hybrid joist, were selected for the
experimental studies. Two of the joists tested were (2 x 10 inch nominal dimensions) traditional solid
joist lumber designated as T3 and T4; three were engineered I-joists with a constant cross-section
designated as E1, E2, and E3; one was a castellated I-joists designated as C1; and the remaining one was
a steel/wood hybrid joist designated as H1. Table 1 provides details of the specimens together with test
parameters. Pictures of the four different types of joists tested as part of this study are shown in Figure 1.
The moisture content, measured following ASTM D-4442 procedure [9], was found to be 10.5% in
traditional joists and 9.2% in the different types of engineered joists.
Table 1. Summary of test parameters and results from fire resistance tests on wood joists.

Joist
#

Joist Type

Joist Depth
mm (in)

Axially
Restrained

Protection

Failure
Time
(min:sec)

Failure Mode

T3

Traditional
joist

235 (9.25)

No

-

16:40

Cross-section
reduction

T4

Traditional
joist

235 (9.25)

Yes

-

20:40

Cross-section
reduction

E1

Engineered
I-joist

302
(11.875)

No

-

6:15

Web burn
through

E2

Engineered
I-joist

302
(11.875)

Yes

-

6:25

Web burn
through

E3

Engineered
I-joist

302
(11.875)

Yes

Intumescent
coating

24:05

Web burn
through

C1

Castellated Ijoist

406 (16)

No

-

7:10

Web burn
through

H1

Hybrid joist

355 (14)

No

-

6:00

Connection
failure

The castellated joists comprised of an engineered I-joist with portions of the web removed. The
hybrid joists comprised of an engineered I-joist with a web only at the ends. Light gauge steel fixed to
both top and bottom chords replaced the web for the open mid-section [10].
In order to enhance fire resistance, an intumescent coating commonly used for structural steel
members was applied to engineered I-joist E3 over the fire exposed region.
Typical sheathing used in residential construction was attached to the top of the test specimens. To
avoid fire exposure to all four sides of the joist, plywood sheathing on top of the joists was provided with
ceramic blankets to simulate, as closely as possible, the fire exposure conditions encountered in
residential housing construction [10].
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(a) Traditional joist (T)

(b) Engineered I-joist (E)

(c) Castellated I-joist (C)

(d) Hybrid joist (H)

Figure 1. Typical traditional and engineered wood joists considered in fire resistance tests.

(a) Layout of typical joist

(b) Traditional joist (T3 and T4)

(c) Engineered I-joist (E1 to E3)

Figure 2. Typical joist layout and thermocouple and strain gauge network in different wood joists.
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The test specimens (joists) were instrumented with thermocouples, strain gauges, and deflection
gauges. To measure cross-sectional temperatures, twenty four welded Type K thermocouples (0.91 mm)
were mounted on each engineered joist, while twenty thermocouples were mounted on each of the
traditional joists (see Figure 2 for thermocouple locations on traditional and engineered I-joists). Internal
thermocouples were inserted into holes drilled from the top surface of the joist. Strain gauges (120 Ω, 30
mm long, from Texas Instruments) were only placed at locations outside the fire exposed zone as depicted
in Figure 2. Strain gauges were affixed to the top and bottom surfaces of axially restrained joists only.
Deflections in the joists were measured by linearly varying displacement transducers attached to each
test specimen at the center of the joist and also at one loading point. On unrestrained joists, axial
deformations were also measured at the location of the joist’s centroid [10].
The furnace and joist cross-sectional temperatures, strains, and deflections were recorded at 5 second
intervals using DAQ 32 data acquisition software. Photographs and video recordings were also taken at
frequent intervals or whenever major events occurred during each test.

3 FIRE RESISTANCE TESTS
The fire resistance tests were conducted at MSU’s structural fire test facility. The test furnace (Figure
3) is capable of generating a maximum heat output of 2.5 MW (8.53x106 Btu/hour) [10,11]. The joists
were placed in the furnace such that no additional support was offered to the joists as they deflected
down. To help produce three sided fire exposure, the top of the joists were placed against the furnace lid
such that no additional load was applied to them. Voids between the joists and the furnace wall were
sealed with ceramic fiber insulation.

Figure 3. MSU’s structural fire test facility

The furnace temperature was measured by six Type K chromel alumel thermocouples specifically
designed for quick response. The thermocouples were spatially distributed within the combustion
chamber, and the average of the six thermocouple temperatures was used to control the furnace
temperature.
As displayed in Figure 2a, two point loads were applied to each joist during fire exposure. These
loads were incrementally applied 30 minutes prior to fire exposure and remained unchanged throughout
fire exposure duration until structural failure occurred in the joists. The applied load represented 50% of
the design load, ranging from 0.8 to 2.1 kN (180 to 480 pounds) per point load [10].
The joists were laterally braced at the loading points and at the end restraints during fire exposure as
shown in Figure 2a. The end supports for all tested joists were spaced 3.66 m (12 feet) apart. At one end,
round bar stock was used as a roller support, while square bar stock was used at the support at the second
end to simulate a pin support. The support locations and configuration are illustrated in Figure 2a [10].
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Figure 4. Comparison of average temperatures at bottom surface (center) in different joists.

Figure 5. Comparison of average interior temperatures in different joists.
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All tests were carried out by exposing the joists to ASTM E-119 fire, as shown in Figure 4 [8].
Control of the furnace temperature was achieved through a manual control valve which the operator
adjusts based on the real time average of six thermocouples spatially distributed in the combustion
chamber [10].
During fire exposure, failure of the joist was assessed based on the strength and stability criterion.
The joists were allowed to reach runaway deflection prior to the termination of the test. After the failure
was observed, the gas to the furnace was shut off, but the joists continued to burn due to the inability to
extinguish the fire within the furnace. As such, there was no opportunity to undertake post-fire
assessment of the joists immediately after the test (fire exposure) was terminated, as the entire joist was
consumed by fire.

4 FIRE PERFORMANCE OF ENGINEERED JOISTS
Data generated in the fire tests, which include surface and cross-sectional temperatures, deflections
and strains in the joists, and visual observations, is used to compare the fire performance of different
types of wood joists. A summary of fire resistance tests on seven wood joists is provided in Table 1 in
which the failure time and mode of failure are given for each joist. A comparison of measured
temperatures at key locations in the different types of joists is plotted in Figures 4 and 5. Progression of
mid-span deflections with fire exposure time is plotted in Figures 6.
4.1 Thermal response
The fire performance of traditional wood joists can be gauged by examining the progression of crosssectional temperature profiles shown in Figures 4 and 5. Figure 5 shows the comparison of interior
temperatures within different types of joists as a function of fire exposure time. The average temperatures
displayed for traditional joists (T3 and T4) were recorded at mid-depth of the joists (thermocouple
location 1 in Figure 2b), and those displayed for engineered joists (E1, E2, E3, C1, and H1) were
recorded at the center of the top chord (thermocouple location 1 in Figure 2c). The data plotted in Figure
5 shows that the temperatures within traditional joists (T3 and T4) reached 208 and 342C (407 and
647F) respectively around the time of failure (16 and 20 minutes). Due to shorter test duration, the
unprotected engineered joists (E1, E2, C1, and H1) remained much cooler, reaching only 31 to 96C (88
to 204F) around the time of failure (6 to 7 minutes). This suggests that high temperatures (and
consequential strength loss of wood) attained within traditional joists contributed to their failure, while
temperatures developed within the top chord of engineered lumber did not play a significant role in
failure.
Unprotected joists T3, T4, E1, E2, C1, and H1 all had a similar progression of surface temperatures
as shown in Figure 4. In these joists, the temperatures followed the same general trend, illustrated by
grouping of the temperature profiles for the joists. These trends were experienced for the first 6 to 7
minutes until the engineered joists (E1, E2, C1, and H1) failed.
The temperature data plotted in Figures 4 and 5 can be used to gauge the protective capabilities of the
intumescent coating applied to joist E3. In these figures, joist E3 experienced lower temperatures than the
unprotected joists. For example, Figure 4 shows that the bottom surface temperatures on joists T3 and T4
were 824 and 771C (1515 and 1421F) respectively at 15 minutes, while the surface temperature of joist
E3 was only 225C (438F). Clearly the intumescent coating applied to joist E3 helped in slowing down
heat transfer to the joist resulting in lower joist temperatures and higher fire resistance.
4.2 Structural response
The measured vertical displacements of joists (at mid-span) during fire resistance tests are plotted in
Figure 6. Traditional joists (T3 and T4) experienced negligible displacement until 6 minutes into testing,
at which point the deflections increased gradually and reached 38.1 mm (1.5 inches) in 16 and 20 minutes
respectively. At this time, the traditional joists experienced run-away conditions (failure). In the
engineered joists (E1, E2, C1, and H1), the displacements increased gradually from 0 at 4 minutes to 38.1
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mm (1.5 inches) at 6 minutes. At this point, the joists failed, achieving run-away conditions. In joist E3,
which had an intumescent coating, deflections began to increase gradually at around 4 minutes. By 24
minutes, the deflections reached about 50.8 mm (2 inches), and the joist failed, reaching run-away
conditions.
Data from the tests can be used to gauge the effect of axially restraint conditions on fire resistance.
Joists T3 and T4 were tested under similar conditions except that joist T3 had simple supports, while joist
T4 had axially restrained end conditions. Joist T3 failed at 16 minutes into fire exposure, while joist T4,
which was axially restrained, failed at 20 minutes into fire exposure. Similarly, joists E1 and E2 were
tested under two different end restraint conditions. Joist E1 had simple supports, while joist E2 had
axially restrained end conditions. In this case, both joists E1 and E2 failed at similar durations. Therefore,
this data suggests that while axially restraint conditions enhance fire resistance in traditional solid wood
joists, its effect is minimal in engineered joists.

Figure 6. Measured mid-span deflections as a function of fire exposure time in different joists.

4.3 Failure modes
Test observations indicated that the unprotected joists generally ignited at about 4 minutes after the
start of the fire. However, the ignition in joist E3, which had the intumescent coating, occurred much
later. Also, traditional lumber (joists T3 and T4) developed a char layer that helped to protect the interior
of the joists and increase fire resistance. This was mainly due to thicker cross section of these traditional
joists. It was observed that engineered joists failed before significant charring could develop.
From visual observations made during the fire resistance tests and the recorded test data, the failure
modes of different joist types can be assessed. The failure times for joists T3 and T4 was 16 and 20
minutes respectively. Because of high internal temperatures recorded within these joists, it was
determined that the failure mode for the traditional joists (T3 and T4) was through the loss of crosssection (charring and burning) resulting from combustion. The failure of traditional joist, T4, is depicted
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in Figure 7a. Engineered joists, E1 and E2, each failed at around 6 minutes. During the fire resistance
test, it was observed that the web of these joists (E1 and E2) burned through before the top and bottom
chords and thus the failure was through the burn-out of the web. Figure 7b depicts this failure in Joist E1.
The failure time for joist E3 (with intumescent coating) was 24 minutes. The intumescent coating applied
to joist E3 made observations difficult, but it was determined that its failure mode was also through web
burn-out. Castellated joist C1 failed at around 7 minutes, and the failure was through web burn-out.
Hybrid joist H1failed at around 6 minutes, resulting from failure of the steel to wood connection.
The effect of joist type on fire resistance can be gauged by comparing the failure times in different
joists. Traditional joists T3 and T4 failed at 16 and 20 minutes, providing the highest fire resistance.
Engineered joists E1, E2, and H1 all failed at around 6 minutes, while castellated I-joist C1 failed at
around 7 minutes. In general, engineered joists had only 30 to 50% of the fire resistance of traditional
joists. This test data on individual joists supports the trends seen in fire resistance tests on full floor
assemblies [4]. Therefore, future test programs can start with individual joist testing for simplicity and
cost savings.

(a) Traditional joist (T4)

(b) Engineered I-joist (E1)

Figure 7. Typical failure modes of (a) traditional and (b) engineered joists.

424

Venkatesh Kodur, James Stein, Rustin Fike, and Mahmood Tabbador

5 PRACTICAL IMPLICATIONS
Although engineered wood joists offer numerous advantages during ‘normal’ conditions, they have
much lower fire resistance than traditional wood joists. Data generated from these tests provides insight
on the fire performance of engineered lumber and can provide a quick methodology to comparing
different wood technologies or protection techniques, thus increasing the safety of building occupants and
fire fighters in the event of a fire. Improvements to engineered lumber, such as the application of an
intumescent coating on engineered I-joists, can enhance fire resistance. This improvement can increase
fire resistance from a paltry 6 minutes to about 24 minutes. This clearly indicates that passive fire
protection that delays burning of the web can improve the fire resistance of engineered lumber possibly
on par with traditional lumber (joists).
Another potential way of increasing the fire resistance of engineered lumber is to use gypsum board
as demonstrated in fire tests on floor assemblies carried out by UL [4]. From the tests conducted by UL, it
was found that floor assemblies constructed with engineered I-joists and a 12.7 mm (½ inch) thick fire
rated gypsum board ceiling could possibly provide fire resistance equivalent to that of unprotected
traditional lumber [4].

6 CONCLUSIONS
Based on the fire resistance test results on wood joists presented in this report, the following
conclusions can be drawn:
x
Traditional solid lumber joists have much higher fire resistance (about 16 minutes) than
engineered wood joists (about 6 minutes).
x
The webs of engineered I-joists and castellated I-joists are highly susceptible to fire, and
failure generally occurs through the burn-out of the web.
x
The application of an intumescent coating on an engineered I-joist significantly enhances its
fire resistance and yields a similar level of fire resistance as that of a traditional lumber
joist.
x
The steel to wood connections in the hybrid (engineered) joists are the weakest link during
exposure to fire.
x
The fire resistance test data on individual joists support the trends seen in fire resistance
tests on full scale floor assemblies comprising of joists, gypsum board protective layers, and
other attachments. As such, future tests on fire resistance could start with individual joists
for simplicity and economy.
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Abstract. In a bid to accurately model structural behaviour of timber buildings in fire, a number of
obstacles have been identified which must be fully understood before advanced computer modelling can
accurately be used to represent physical behaviour. This paper discusses the obstacles, with suggestions
on how to mitigate them, incorporating the challenges of using general purpose finite element software.
The paper examines modelling with ANSYS, SAFIR and ABAQUS and the individual and collective
challenges related to thermal analyses of timber structures in fire conditions. It considers the effects
various model parameters (thermal and structural) may have on physical interpretation of experimental
data in comparison with the accuracy of numerical solutions. In detail, the study looks at the effects of 1D
and 2D heat transfer analyses, finite element mesh sizes, time steps and different thermal property
approaches on thermal models of timber members in fires. It further recommends how best to model these
structures using the different finite element software packages.

1 INTRODUCTION
The increasing demand for timber as a building material is noticeable all over the world. This is
especially true for residential, office and administration buildings as well as special purpose buildings.
There are many benefits to using timber structures, such as visual and tactile attractiveness, high energy
efficiency, quick erection time and a low carbon footprint. The greatest concerns by authorities over the
use of timber as a building material in modern buildings are normally related to fire safety and these
concerns are not adequately addressed by design codes.
The fire resistance of timber structures can be assessed by standardised fire tests, such as EN13501-2
[1] or ISO 834 [2], and can be calculated by methods such as those suggested in EN1995-1-2 [3] or
NZS3603 [4]. Design standards such as Eurocode 5 part 1.2 [3] allow the use of “advanced calculation
methods”, which eliminate the cost of expensive fire testing by using validated numerical finite element
(FE) computer models to determine the thermal and structural performance of timber members exposed to
fire. However, the use of such software tools requires sufficient knowledge of the material and structural
response under fire exposure, sufficient experience of the user to assess the results of the simulation, an
understanding of the boundary conditions for heat transfer and structural calculations and, especially, well
validated thermal and physical properties of timber materials. Different prior knowledge of users,
boundary conditions, and material property selection influence the models that are produced and
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effectively affect the perceived performance of timber structures in fire. The authors of this paper had
difficulties in independently modelling the behaviour of various types of timber structures in fire
conditions, and needed to ascertain the effectiveness of their individual software packages for thermal and
structural modelling in fire conditions, especially as literature [5] suggests that FE packages do not
adequately predict heat transfer in timber structures. The structures the authors tried to model included:
x post-tensioned timber box beams and walls,
x timber and timber concrete composite floor systems and
x metal fasteners and joist hanger connections in timber structures.
As a result, a collaborative research project has been established at the University of Canterbury to
compare different finite element software packages used by the authors (ANSYS, ABAQUS and SAFIR)
under identical boundary conditions to model timber structures in fire conditions. It is well known that all
these software tools solve the same fundamental equations, so it is often assumed they should give the
same results with the same input data, but this has never been verified for timber elements. The project is
principally of two parts – thermal and structural modelling. This paper reports on the thermal assessment.
In particular, it investigates the influence of mesh size, time-step size and two approaches to modelling
the influence of moisture on model accuracy. Furthermore this study explores the limitations of the
individual software packages and recommends the best ways to accurately achieve comparable results for
the different programs.

2 SOFTWARE TOOLS USED FOR NUMERICAL SIMULATIONS
For the numerical analyses presented in this paper full versions of the programs SAFIR 2011, ANSYS
12 and ABAQUS 6.10 were used. An overview of each package, its capabilities and limits as well as
advantages and disadvantages are discussed.
2.1 SAFIR
SAFIR 2011 is a special purpose finite element program developed at the University of Liege,
Belgium, for analysing the behaviour of structures under ambient or elevated temperatures. It consists of
an integrated thermal and structural analysis program for carrying out 2D and 3D analyses of steel,
concrete, timber and composite structures in fire conditions. SAFIR possesses a variety of finite elements
such as beam, truss, solid and shell elements for modelling a variety of civil engineering problems. The
thermal and mechanical properties of steel, concrete and timber, following the Eurocodes, are
incorporated into the program, but one can also use user-defined materials for the thermal or structural
analysis [6].
2.2 ANSYS
The finite element software ANSYS 12 solves structural, fluid dynamic, acoustic, thermodynamic and
electro-magnetic problems and combinations of these. The program allows the user to input all
information with a purpose-built design language (APDL) or through a graphic user interface
(Workbench), which can read CAD files. For a thermal and structural analysis the user inputs all material
properties and heat transfer conditions, both temperature-dependent and directional. The user then
specifies user-dependent structural and thermal loads, the kinds of geometry, mesh sizes, element
properties, and solution algorithms. Sequential or coupled thermo-structural analyses are possible. The
ability to specify each property, boundary condition and load input requires a deep understanding and
background knowledge of the software and the system being modelled. The program can be obtained
from ANSYS Inc., Canonsburg USA [7]
2.3 ABAQUS
The finite element software ABAQUS 6.10 has been developed to solve an array of general purpose
finite element tasks, similar to ANSYS, by solving a set of equations implicitly at specified time
increments. It also has the ability to solve dynamic problems explicitly using a direct integration
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procedure, pursuing a desired solution through time without solving a coupled system of equations at
each time increment. The program has both the traditional user input file method of building and running
simulations and a graphical user interface (CAE) which automates many of these processes and aids in
the visualisation of a problem. In terms of heat transfer, ABAQUS 6.10 can perform uncoupled heat
transfer analyses, sequentially coupled thermal-stress analyses, fully coupled thermal-stress analyses and
adiabatic analyses. The user can specify structural and thermal loading conditions and user-specified
regimes, all physical geometry including mesh sizes, element and material properties, boundary
conditions and the numerical solution method. The material properties input is both versatile and vast
with a huge array of material types available and in CAE there are ready-made functions to account for
latent heat and many other thermal parameters. The range of inputs and outputs is vast; care must be taken
in understanding how the inputs influence the simulation. The program can be obtained from Dassault
Systèmes Simulia Corporation, Providence, RI, USA [8].

3 MATERIAL PROPERTIES
Many different proposals can be found in literature for the temperature dependent thermal properties
of timber [9-14]. However, to be consistent in the comparisons described here, and in line with current
good practice the Eurocode 5 part 1.2 relationships are adopted for conductivity (k), specific heat (c) and
density (ρ) (see Table 1). Such relationships account implicitly for the complex physical and chemical
phenomena, so that a simple conductive heat transfer analysis can be carried out without requiring many
of the physical complexities of timber combustion and charring to be specifically modelled. Thus effects
like moisture migration, formation of char, shrinking and cracking of charcoal are represented by adjusted
“effective values” rather than using real measured material properties.
Table 1: Material properties used in this study according Eurocode 5 part 1.2

Temperature
Conductivity
Specific heat
Density ratio 1)
[°C]
[W/(mK)]
[J/(kgK)]
[-]
20
0.12
1530
1+w
99
1770
1+w
99
13600
1+w
120
13500
1
120
2120
1
200
0.15
2000
1
250
1620
0.93
300
710
0.76
350
0.07
850
0.52
400
1000
0.38
500
0.09
600
1400
0.28
800
0.35
1650
0.26
1200
1.5
1650
0
1) density ratio – ratio of density at specific temperature to dry density
To use more realistic values requires the consideration of more complicated algorithms within the
simulation, such as thermal transport by mass flow (moisture movement), the constantly changing
geometry, and the formation of cracks in the charcoal introduced by thermal stresses. The complexity of
these problems leads to a huge input effort, coupled simulations and long calculation time which the user
would normally want to avoid. The basis of the thermal analysis conducted in this work is a heat balance
equation obtained from the principles of energy conservation to calculate nodal temperatures and other
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thermal quantities. This relationship can physically be described for solid anisotropic materials by the
Fourier law, stated in equation (1).

c p (- ) U (- )
with: k(-)
cp (-)
U(-)
H

wwt

Hp
w§
w- · w §
w- · w §
w- ·
¨ k x (- ) ¸  ¨¨ k y (- ) ¸¸  ¨ k z (- ) ¸ 
wx ©
wx ¹ wy ©
wy ¹ wz ©
wz ¹ U (- ) c p (- )

(1)

thermal conductivity [W/mK]
specific heat [J/(kgK)]
density [kg/m³]
inner heat generation rate [W/m²]

4 PARAMETRIC STUDIES
4.1 Setup of 1D and 2D heat transfer examination
The comparative investigations begin with one-dimensional (1D) heat transfer in a solid timber
member. To ensure that the different software packages could approximate physical behaviour, a 1D
heating test, performed by Konig and Walleij [9] was selected as the basis for the comparisons. The tests,
and subsequent numerical modelling, led to the timber properties mentioned in Eurocode 5 part 1.2,
which are listed in Table 1. A 45 mm x 95 mm strip of solid timber was exposed to the standard ISO 834
fire curve for 90 minutes. Temperature measurements were taken at various depths into the wood and
compared to numerical simulations (Figure 1). In the 1D heat transfer model described here, a 24 mm x
96 mm strip is modelled to be representative of the central strip tested by Konig and Walleij. The
moisture content of the timber was taken as 12%, with a bulk density of 480 kg/m³. In the simulations,
one narrow side of the specimen was exposed to the ISO 834 fire curve. The applied thermal exposure
consisted of a convective and radiative fraction, to effectively mimic realistic heat transfer and heat loss at
the boundary surface. The emissivity ε and convection coefficient h were assumed equal to 0.8 and 25
W/m2K, respectively, as suggested by EN1991-1-2 [15]. For the opposite (unheated) side a convective
coefficient of 9 W/m²K (which accounts for both radiative and convective losses) and an initial ambient
temperature of 20°C were applied to the surface. The two longer sides were treated as adiabatic surfaces.
The temperatures inside the cross-section were measured along the centreline of the specimen at depths of
0, 6, 18, 30, 42, 54 mm away from the fire-exposed surface (see Figure 2). This allowed easier
comparison to the Konig and Walleij’s [9] fire experiment.

6 mm
30 mm

54 mm

Figure 1. Experimental and numerical results of 1D heat transfer in timber (adapted from [9])
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The second step analysed the two-dimensional (2D) heat transfer in a square timber column exposed
to the ISO 834 fire on all four sides for 90 minutes. The dimension of the timber column, with an initial
moisture content of 12% and a bulk density of 480 kg/m³, was 156 mm x 156 mm. To optimise the setup
and runtime, symmetry conditions were used and only a quarter of the section was modelled. Thus the
two outer sides were treated as fire exposed and the inner surfaces as adiabatic. For material properties,
heat transfer conditions and the locations of temperature measurement inside the cross section, the same
values as used in the 1D heat transfer analyses were applied. The column test results and comparisons can
be found in [16]. The setup of both assemblies with measurement points and exposure is depicted in
Figure 2.The geometries of both assemblies were implemented in the simulation tools and discretised in
square meshes with sizes of 1, 3 and 6 mm respectively, using plane elements. The elements had four
nodes each with a temperature degree of freedom at each node.
4.2 Data input
The influence of temperature on the thermal properties is implemented in the FE software tools used
in this study by defining the material through its thermo-physical parameters which govern the heat
conduction process. The finite element code allows the user to implement a variation of such quantities
with temperature as a piecewise-linear curve. The input of thermal properties into all three finite element
software programs was implemented in two separate procedures that considered the inclusion of the
initial moisture content differently. The results were then compared to each other.
The more common approach is to use the given material properties in a “k-ρ-c model”, with an
implicit consideration of a moisture content of 12% in the density function and as heat of vaporisation in
the specific heat function. The specific heat capacity is defined as amount of heat which is required to
change a unit mass of a substance by one degree of temperature. In SI units this is measured in kJ/kgK. In
the case of timber there is a peak in the reported values of specific heat, most commonly taken as between
99°C to 120°C. This is to account for the latent heat of vaporisation of water in the timber, and results in a
large increase in energy required to facilitate this phase change.
Alternatively the moisture content can be considered explicitly as a latent heat or enthalpy for a userspecified moisture content. The latent heat model allows for the removal of this peak from the specific
heat curve mentioned above, as it specifically accounts for the extra energy of this phase change over the
specified temperature range. In ANSYS and ABAQUS these were input into the material models
manually, whereas in SAFIR this feature is automatically implemented.
216

156

108
60

78

adiabatic

2D (156x156)

2D (216x216)

Figure 2. Setup of 1D and 2D examples (dimensions in mm)
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The values for the temperature dependent material properties for conductivity (k), specific heat (c) and
density (ρ) were taken from EN1995-1-2 [3], and are presented in Table 1.
4.3 Parametric study / Variations
In addition to the two approaches for modelling the effect of moisture content described above, the
study also investigated the influence of mesh size and time-step size on thermal analyses of timber
structures. Table 2 presents a detailed account of the parameters that were modified in the study.
Comparisons of temperatures were performed between the software packages and test results, under each
scenario.
Table 2: Overview of variation in the numerical simulations

k-U-c model

latent heat / enthalpy model

FE mesh size
1, 3 and 6 mm
(automatic time stepping - minimum 1x10-3 sec, maximum 60 sec)
Time step size
1, 30, 60 and 120 seconds
(with mesh size 1 mm)

5 RESULTS AND DISCUSSION
For clarity the results mostly show temperatures at 6 mm, 30 mm and 50 mm depths into the heated
timber element.
5.1 1D heat transfer analysis with “k-U-c model”
Figures 3 and 4 show the influence of the mesh size, varying between 1 mm and 6 mm, on the 1D
heat transfer problem described in section 4, for the three programs. The results are for the default k-ρ-c
approach. They show that an increase of the mesh size leads to a deviation in the results obtained between
the programs. However, there was practically no distinction between the results for the 1 mm and 3 mm
mesh sizes, hence the results for the 3 mm mesh are not shown. For the 6 mm mesh size, differences up to
150°C were observed between the different programs. This deviation was most prominent in the
temperature range of ~100 to ~500°C and more so at shallow depths, compared with areas deeper in the
cross section. It was observed that the results converged after the analyses exceeded this temperature
range. Particularly noticeable was that an increase in the FE mesh size (1 mm to 6 mm) produced higher
temperatures for ANSYS and lower temperatures for ABAQUS in the ~100 - 150°C temperature range.
This shows that the different solver techniques present in each program has an effect on the simulation
results. However, all temperatures are an acceptable approximation to the real fire test results.
The analysis of the influence of time-step size showed numerical problems for some programs,
because the default numerical convergence criteria could not be met with the k-U-c model. Particularly
early in the simulations, with rapid increase in temperature, very small time-steps were necessary to
ensure convergence. This resulted in very long calculation times for some scenarios. The analyses showed
that if these automatic convergence criteria (of very small time-steps in scenarios with rapidly increasing
temperature) are ignored, temperature differences of up to 100°C, for instance, occurred at a depth of 30
mm into the cross-section, with between 1 and 120 s time-step increments.
5.2 1D heat transfer analysis with latent heat/enthalpy model
The FE analysis and results showing the influence of the different mesh sizes for the k-ρ-c model
were repeated using the evaporation energy as latent heat. The results were almost identical to those
shown in Figures 3 and 4. Further analyses to investigate the effect of time-step size are shown in Figures
5 and 6. It is clear from these figures that choosing time-steps up to 120 seconds has only a minor
influence on the results and this can reduce the total calculation time significantly, without compromising
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the accuracy of the solutions. In comparison to the k-U-c approach, no numerical instabilities were
encountered in any of the programs. Further investigation revealed that time-steps of up to 480 s could be
used without any significant loss in accuracy. The negligible differences were most prevalent in the early
phase of the fire exposure, where the temperature increase was rapid.
1000
Temperature [°C]

Temperature [°C]

1000
800
6 mm

600

30 mm

400

800
6 mm

600

30 mm

400

200

200

54 mm

54 mm

0

0

30

60

0
0

90

60

90

Time [min]

Time [min]

Figure 4. Influence of mesh size and software tool on
results for the k-ρ-c model with 6 mm mesh size

Figure 3. Influence of mesh size and software tool on
results for the k-ρ-c model with 1 mm mesh size
ISO 834

ABAQUS
SAFIR

ANSYS

1000
Temperature [°C]

1000
Temperature [°C]

30

800
6 mm

600

30 mm

400

800
600

6 mm
30 mm

400

200

200
54 mm

0
0

30

60

54 mm

0
0

90

Time [min]

30

60

90

Time [min]

Figure 5. Influence of software tools on results for
latent heat model, 1 second time-steps

Figure 6. Influence of software tools on results for
latent heat model, 120 second time-steps

5.3 2D heat transfer analysis
The FE modelling for the 2D heat transfer showed similar behaviour to the 1D heat transfer
simulations. Based on the fact that each finite element received considerable heat flow from two surfaces
their temperature increase was much faster, and so the deviation in the observed results between
increasing mesh sizes (1 mm to 6 mm) became less significant. Thus the smallest differences were found
close to the heated corner, where the influence of the 2D heat flow was most significant (see Figure 7), as
expected. As described in the 1D heat transfer studies it is observed that the time-step size has a
negligible influence when a latent heat model is used instead of the k-U-c approach for the 2D heat
transfer as well. Results of the 2D latent heat/enthalpy thermal analyses in comparison with the test
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results of the 156 mm x 156 mm column are shown in Figure 7. The numerical results are taken at 6, 12,
18, 30, 42 and 54 mm (as illustrated in Figure 2) while the test temperatures are taken at 6, 10, 20, 30, 42
and 54 mm into the cross-section.
1000
6 mm

Temperature [°C]

800
600

30 mm
400
200
54 mm
0
0

30

Time [min]

60

2-D Numerical results

90
2-D Experimental results

Figure 7. 2D heat flow numerical simulation, compared to experimental results [16]

5.4 Deductions
There are occasions where a one-dimensional heating profile is assumed to adequately approximate
the heating profile of parts of a timber cross-section, sufficiently remote from a two-dimensional heat
source. Examples include the side charring of a timber beam exposed to fire on three sides or wide
columns that are rectangular in shape. A brief investigation has pointed to the fact that it may not always
be on the safe side to assume a 1D heat transfer. Figure 8 shows temperatures at 6, 30 and 54 mm depths
into a column section (216 mm x 216 mm) exposed to fire on all sides, as depicted in Figure 2. It further
shows temperatures at the same depths, but at distances of 60 and 108 mm from the heated corner, and
results of a one-dimensional heat transfer analysis superimposed on the 2D results. It is observed that the
1D approximation gets worse the further the position of interest is from the heat source and the surface of
the cross-section. Hence, for accurate structural simulation of cases of this nature, a 2D thermal analysis
should be employed.

Temperature [°C]

1000
1D results

800

108 mm
from corner

600
6 mm

60 mm from
corner

400
30 mm
200
54 mm
0
0

30

60

90

Time [min]

Figure 8. 2D heat flow numerical results compared to 1D results
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For structural analysis of timber under fire conditions temperatures over 300°C are normally
neglected, because of the minor load bearing capacity of charcoal. Thus temperature readings above
300°C can be neglected for the comparison in this study as well. On that basis, it is observed that the
choice of software can influence the calculation of charring rate, depending on the desired fire resistance
time. Figure 9 (which is based on a 1D heat flow numerical simulation with 6 mm mesh size and k-U-c
approach) shows that ANSYS reports a char depth of 21 mm at 30 minutes of fire exposure while
ABAQUS quotes 24 mm. At 60 minutes the char depths differ by about 1 mm. This discrepancy
disappears with small mesh sizes and increase of heat flow – a further incentive to use smaller mesh sizes
for accuracy.

Temperature [°C]

1000
800

60 minutes

600
30 minutes

400
200
0
0

10

20

30

40

50

Depth [mm]

Figure 9. Temperature-depth profile for 6mm mesh, compared to a 300°C isotherm

7 CONCLUSION
The results show that the approach used to account for the moisture content of timber in numerical
simulations has a large influence on the temperature development. To avoid numerical problems and long
calculation times, a latent heat or enthalpy model is recommended. To optimise calculation time, at the
beginning of the simulation when there is a rapid temperature increase in the ISO 834 fire curve, smaller
time-steps up to 120 seconds should be used. Further on, larger time-steps and the use of an automatic
time-step is recommended.
Due to the negligible differences between 1 and 3 mm mesh sizes, as compared to 6 mm, it is
recommended that an initial mesh size of 3 mm is used for simple heat transfer analyses in timber, to
ensure accuracy while saving on computational time.
Further recommendations:
x
checking of the mesh size suitability into the analysis (as the study shows that for elements with
a higher rate of heat increase the mesh size can be increased with negligible effect on the
results).
x
Particular attention should be paid to areas of impinging 2D heat flows, to ensure the mesh size
used is appropriate for the desired application.
The research shows that by being cautious of the advantages and limitations of each of the three
software packages and approaches, accurate approximations of the thermal behaviour of timber structures
can made. It also concludes that the programs give comparable results to each other and real fire tests.
The project further seeks to investigate the influence of different temperature-time curves and explore
the development of appropriate models for monitoring structural performance of timber buildings in fire
conditions.
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XQLILHGWKHRULHVZKLFKGRQRWVHSDUDWHSODVWLFDQGFUHHSVWUDLQV7KHPDWHULDOSDUDPHWHUVDUHLGHQWLILHG
IRUWKHVWUXFWXUDOVWHHO6RQWKHEDVLVRIWHQVLRQDQGFRPSUHVVLRQWHVWVDWFRQVWDQWWHPSHUDWXUHZLWK
YDU\LQJ VWUDLQ UDWHV DQG YHULILHG DJDLQVW WUDQVLHQW FUHHS WHVW ZLWK YDU\LQJ WHPSHUDWXUH )RU HIIHFWLYH
QXPHULFDO VLPXODWLRQV ZLWK WKH ILQLWH HOHPHQW SURJUDP $%$486 WKH PRGHO LV SUHSDUHG ZLWK D VWUHVV
DOJRULWKPDQGFRQVLVWHQWWDQJHQWRSHUDWRU7KHVLPXODWLRQVDUHFRPSDUHGZLWKH[SHULPHQWDOGDWDRIILUH
UHVLVWDQFHWHVWVRQFROXPQV
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7' 7   WU 7 , ZLWKWKHWUDFH WU 7 7LL  
7KHVSKHULFDOSDUWRIWKHVWUHVVWHQVRULVDVVXPHGWREHGHILQHGXVLQJWKHWUDFHRSHUDWRU WU  YLDWKH
FODVVLFDOWKHUPRHODVWLFUHODWLRQVKLS
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Abstract. The ability to model the behaviour of structures in fire conditions numerically has advanced
rapidly in recent years with many complex phenomena now routinely represented. However, creep
strains at elevated temperatures have been largely ignored to date. This is unfortunate because creep
behaviour may significantly affect the time to failure of a heated structure and this time is crucial when
egress is being considered. This paper seeks to examine the material behaviour governing creep as well
as constitutive relations used for modelling creep to demonstrate how a sound understanding of both can
lead to accurate numerical modelling of creep. This approach is used to model the effects of creep
numerically in the stress relaxation of post tensioned steel tendons at elevated temperatures displaying a
high degree of accuracy.

1 INTRODUCTION
It is generally considered that creep in steel is relatively insignificant up to 400-500C [5].
Correspondingly, in Eurocode 3 [4] the effects of creep are not explicitly accounted for in temperature
dependent plastic stress-strain curves for structural steel. Neither are the effects of creep explicitly
accounted for in Eurocode 2 [3] temperature dependent plastic stress-strain curves for prestressing steel.
This is generally not a problem up to around 400C where the Eurocode curves adequately account for
the creep component of the overall plastic strain implicitly. There is evidence however that creep strain
can and does become significant in steel above 400C pushing total plastic strain far beyond the plastic
strains suggested in Eurocode design stress strain curves. Finite element stress relaxation models
performed in ABAQUS of prestressed steel tendons at elevated temperatures using Eurocode 2 stress
strain curves for prestressing steel show a significant gap to experimental stress relaxation curves [11] in
the 400-650C range (Fig 1). This implies creep in this case and any other case where temperatures in
structural steel could exceed 400C should be explicitly considered. Failure to adequately account for
creep in such temperature ranges could significantly affect time to failure which could be critical when
egress is being considered.

Figure 1. Modelled stress relaxation curves for post tensioned steel tendons using Eurocode 2 design plastic stress
strain curves compared to experimental stress strain curves [11].
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In particular it is desirable to model creep in these situations numerically in commercial Finite
Element Method (FEM) software packages. This can only be done accurately with an understanding of
the microscopic material mechanisms governing creep and a knowledge of the constitutive relations of
elasto-viscoplasticity.
Without an understanding of the material behaviour behind creep the modelling process is somewhat
blind; loosely based around attempts to empirically fit the standard primary, secondary and tertiary creep
phases into any given analysis. Such an approach is often highly flawed when extreme stresses or
temperatures are considered as well as in transient stress and temperature cases. Indeed with a basic
understanding of the material behaviour in such situations it is often possible to simplify the modelling
process significantly as well as attain greater accuracy and confidence in results.
FEM software packages typically compute the multiaxial creep strain rate using the Von Mises flow
rule based around constitutive models for elasto-viscoplasticity. Typically this requires the user to
provide an algorithm via a user defined subroutine for the magnitude of the creep strain rate usually in
terms of the Von Mises stress. Other parameters such as temperature may also be included in this
algorithm. It is therefore desirable as well as providing a far more concise and theoretically justifiable
approach if such an algorithm is compatible with the constitutive relations of elasto-viscoplasticity.
It is the aim then of this paper to provide an understanding of microscopic material behaviour
governing high-temperature creep as relevant to steel in buildings allowing justifiable modelling
decisions and assumptions to be made. The underlying constitutive theories of elasto-viscoplasticity are
covered as a framework for numerical modelling of creep. This material understanding with constitutive
elasto-viscoplastic theory is then used to demonstrate that it is possible to accurately and concisely model
creep numerically. This will be achieved through modelling the effects of creep in the stress relaxation
problem above (Fig 1).

2 CREEP DEFORMATION MECHANISMS
The type of creep or viscoplastic deformation at stresses and temperatures of interest in structural fire
safety engineering is known as power law or power law breakdown creep. These names owe to a
frequently observed power law relationship between shear stress, ıs, and creep strain rate, εcr (Eqn 1). As
stresses increase the exponent, n, in Eqn 1 also increases until the power law representation begins to
breakdown. From this point the observed creep is referred to as power law breakdown creep where the
creep strain rate appears to have an exponential dependence on shear stress (Eqn 2). The transition stress
between power law and power law breakdown creep is generally taken as one thousandth of the
temperature dependent shear modulus, ȝ [8].
n

§σ ·
εcr ∝ ¨¨ s ¸¸ ,
© μ ¹

§σs ·
¸¸ ,
© μ ¹

εcr ∝ exp¨¨

σ s < 0.001μ

(1)

σ s ≥ 0.001μ

(2)

At low temperatures when the stress applied to a metal exceeds the yield stress, the metal deforms and
the new stress state becomes the yield stress state. The resulting plastic deformation is permanent, finite
and is assumed to happen instantaneously. The physical plastic deformation results from the motion of
dislocations (Fig 2) along a slip plane. The finite nature of this deformation results from obstructions to
the dislocations motion along the slip such as precipitates, impurities or other dislocations. As a result the
metal is said to have hardened and can now behave elastically to a greater stress than before.
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Figure 2. Dislocations, Slip Planes, Dislocation Cores or Lines and Recovery [6]

Power law creep is generally believed to begin when elevated temperatures facilitate a microscopic
mechanism known as dislocation climb [2,8]. Dislocation climb allows dislocations to overcome the
obstacles mentioned earlier as they progress along the slip plane; this continuous motion along the slip
plane is known as dislocation glide [8]. This however is not the end of the creep deformation process; in
fact it is often only the very beginning of a process known as recovery [2,6,8]. Around all dislocations,
obstructed dislocations, locked subgrain and grain boundaries there exists localised strain fields. The
recovery process involves the release of this stored strain energy as these obstructed dislocations, locked
subgrains and grains are freed and aligned resulting in the growth of subgrains and grains towards a lower
energy state material. Remaining grains are generally offset at larger angles approaching the
perpendicular that require to much energy to align (higher energy grain boundaries). In this case under
continued stress the grains will begin to shear creating voids and cracks, thus the metal goes from
displaying ductile behaviour towards brittle behaviour ultimately leading to rupture.

Figure 3. The Recovery Process; (a) Pile Up, (b) Cell Formation, (c) Annihilation, (d) Subgrain Formation, (e) Grain
Growth [2]

Fig 3 outlines the recovery process. It is these mechanisms involved in the recovery process that give
rise to the so called primary, secondary and tertiary creep phases (Fig 4). Both power law and power law
breakdown creep appear to start with the rapid movement of newly mobile dislocations which then begin
to pile up as they back up against existing subgrain and grain boundaries [6] (Fig 3a). This pile up which
is essentially strain hardening results in the deceleration in creep strain rate observed within the primary
phase (Fig 4). As these dislocations back up and pile up within the existing subgrains they begin to
concentrate in lines as illustrated in Fig 3b forming cells. Over time these cells become more defined as
more dislocations concentrate at their boundaries. As dislocations of opposite polarity begin to annihilate
ever more defined cell boundaries are formed and thus cells begin to turn into subgrains [2] (Figs 3c, 3b
and 3d). The process ends with the alignment of lower energy subgrain and grain boundaries under
continued applied stress leading to grain growth and a lower internal energy state material [2,6].
At which point secondary creep begins it appears is largely down to stress. It has been observed in
metallurgical tests mainly on metals such as aluminium, copper and tin around the boundary between
power law and power law breakdown creep that nearly all of the steady state deformation comes from
subgrain and grain boundary sliding as well as grain growth [12] (Fig 3(d) and 3(e)).The density of
mobile dislocations in polycrystalline materials in general (once viscoplastic behaviour has been initiated)
is seen to be proportional to the square of the stress [8]. At high stresses this creates considerable back up
and pile up against existing subgrain and grain boundaries and in turn a greater density of cells are
formed. Indeed it has been observed that the size of subgrains formed within aluminium through the
recovery process is inversely proportional to a power of the stress that appears close to 2 [16]. This
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implies the range of motion for mobile dislocations within existing grains is extremely limited at high
stresses around the power law breakdown range. It is likely the bulk of the steady state secondary creep
deformation in many polycrystalline materials including steel then could indeed be the result of the
sliding, alignment and growth of newly formed subgrains and grains.
At lower stresses well within the power law range what mechanism forms the bulk of the deformation
is still open to debate. It has long been assumed the bulk of the steady state secondary phase deformation
happens within subgrains and grains [12]. The dislocation density is not as high resulting in lower density
cell formation and the formation of larger subgrains. In these cases the mobile dislocations have
considerably greater range of motion prior to cell formation. The steady state nature then would result
from a balance between dislocation glide, pile up, cell formation and annihilation all happening
simultaneously aided by dislocation climb (Figs 3(b) & 3(c)) [12]. As the secondary phase progresses
fewer mobile dislocations exist and the softening affects of dislocation glide are reduced. At this point
subgrain and grain boundary softening affects come in to maintain the steady state strain rate as cell
formation becomes largely complete.
The tertiary phase across all stress ranges appears to begin when only higher energy grain boundaries
remain. At this point brittle behaviour begins; the accelerating deformation is the result of voids and
cracks appearing and can rapidly lead to rupture.

Figure 4. Creep strain against time at constant stress and temperature [9]

A final note referring to the apparent differences in the recovery process (or rather the difference in
which parts of the recovery process dominate the deformation) between power law and power law creep
refers to temperature effects. Power law creep is observed to begin at temperatures exceeding around 0.6
times the absolute melting temperature of the material. As creep is a kinetic process its rate also depends
on an activation energy. This activation energy appears to be the same as that of a process known as self
diffusion or lattice diffusion [8, 15]. This represents the diffusion of vacancies (Fig 5) through the
material crystal lattice where the number of vacancies and the rate of diffusion is related to temperature
through an Arhenius relationship (Eqns 3 and 4).
§ −Q ·
N v = N exp¨ v ¸
© kT ¹

(3)

§ −Q ·
D = D0 exp¨ d ¸
© RT ¹

(4)

Where in Eqn 3 Nv represents the number of vacancies in a given quantity of material [6], N
represents the number of atomic sites, Qv is the energy required to form a vacancy, T is the temperature in
Kelvins and k is the Boltzmann constant. In Eqn 4, D is the rate of diffusion in m2/s, D0 is a stress
dependent temperature independent constant in m2/s, Qd is the activation energy of self diffusion in Joules
per Mole and R is the gas constant (8.314 J/molK).
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Figure 5. Vacancies as gaps in a lattice from freed atoms diffusing under localised strain fields through the opposite
movement of a substitutional atom [6]

The magnitude of the diffusion rate is dictated by the strength of localised stress-strain fields around
obstructed dislocations which is further influenced by the strength of the global stress field from the
applied loads. It is this self diffusion that facilitates dislocation climb, the vacancy effectively providing
the dislocation an extra degree of freedom in which to move allowing the dislocation to climb the
obstacle [2]. At lower temperatures down to 0.4 times the absolute material melting point power law
creep can also be observed in some metals where the activation energy is slightly lower appearing to
match that of core diffusion. In this case the diffusion of vacancies appears to be through dislocation lines
or cores (Fig 3) requiring less energy.
Power law breakdown creep however can be observed at much lower temperatures than those above.
Creep in prestressing steel tendons creep has been observed at temperatures down to below 300C [1].
This is approximately 0.3 times the absolute melting point of carbon steel. In this case the activation
energy for creep is seen to be higher than that of self diffusion. This further appears to highlight the
influence of high stress in the power law breakdown regime. It has been established that the mobile
dislocation density once viscoplastic behaviour has commenced is proportional to the square of the shear
stress [8]. Further to this excess vacancies may be created through increased plastic deformation [14]
facilitating dislocation climb. Clearly vacancy diffusion must also have an effect though substantially
reduced through the lower temperatures, possibly highlighting the limited distances dislocations can glide
given the density before forming cells and subgrain boundaries.
The key points to take from this discussion are the differences between primary and secondary creep
as a function of stress and temperature. It is extremely important to note that the difference in strain rate
between these phases at high temperatures and high stresses is often quite small to the point of being
negligible in some cases (Fig 4). In power law creep at temperatures greater than 0.6 times the absolute
melting point this has been noted by Jonas et al [10] stating softening effects appear to overcome the
hardening effects. This is likely due to the high density of vacancies at high temperatures and thus high
rates of self diffusion effectively allowing initially mobile dislocations to maintain their mobility as creep
strain and deformation increases. At high stresses the mobile dislocation density is so high once creep is
activated that cells begin to form and steady state creep begins almost immediately (with respect to
overall deformation time scales). This process can only be accentuated by increasing temperatures as
would be expected in fire situations with an ever increasing number of vacancies according to Eqn 3
assisting the formation of cells and subgrains.

3 CONSTITUTIVE MODELLING
Multiaxial creep modelling in metals typically operates within a Von Mises flow rule. In the case of
classical elasto-plasticity any increase in applied stress beyond the elastic yield stress is immediately
associated with an increase in the radius of the yield surface, representing a new internal yield state.
Therefore a stress state cannot exist outside the yield surface. In the case of elasto-viscoplasticity any
increase in applied stress beyond elastic yield is associated with a delayed viscous response from the yield
surface as it expands to represent a new internal yield state. In this case the applied stress is permitted to
represent a stress state outside the yield surface. This stress state is typically represented as an over stress,
f, where f represents the perpendicular distance from the yield surface to the applied stress state in
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principle stress space. On the yield surface f is then equal to zero as in classical plasticity with the
condition that for viscoplastic behaviour to occur f must be greater than zero.
It is the time dependent response of the yield surface that dictates the rate of viscoplastic (creep)
deformation. This rate of deformation depends on the magnitude of the over stress and the viscosity of an
effective media through which the yield surface has to expand. This viscosity is defined by the effects of
temperature, accumulated plastic strain (strain hardening) and other internal state variables.
A viscoplastic potential function, ȍ, is thus defined as a function of the over stress and viscosity
parameters such as temperature and various internal state variables dictating the time dependant response
of the yield surface. The associated flow rule is then represented as in Eqn 5 [7] representing the
multiaxial creep strain rate via the viscoplastic strain rate tensor εijcr .

εijcr =

∂Ω( f ) ∂Ω ∂f
∂f
=
= p
= p nij
∂σ ij
∂f ∂σ ij
∂σ ij

(5)

The rate at which the yield surface approaches the applied stress state (along the perpendicular path)
and the material deforms is the gradient of the viscoplastic potential, ȍ, with respect to the over stress, f.
This quantity, p , is referred to as the viscoplastic multiplier and is the norm of the viscoplastic strain rate
in plastic strain space and thus represents the magnitude of the creep strain rate. The tensor, nij, is known
as the flow direction tensor and represents the direction of the viscoplastic flow.
Most Finite Element Method (FEM) software packages compute the flow direction tensor, nij, from
the existing plastic stress state at each increment. Therefore generally the user need only define the
viscoplastic multiplier as a function of the Von Mises stress resulting from the applied stress state. The
viscoplastic multiplier can be defined in the form of Perzyna [13] (Eqn 6) with a viscosity parameter, Ș,
out with the overstress function.

p =

Ψ( f )
∂Ω
=
∂f
η

(6)

The Macaulay brackets in Eqns 6 indicate that when f falls below zero the stress state has fallen back
within the elasticity domain. Therefore the chosen form of the viscoplastic multiplier function takes on a
value of zero and there is no more plastic straining. A common choice of a viscoplastic multiplier
function following from Section 2 (Eqn 1) would be a power law function as in Eqn 7.
p =

1

f
η D

n

f
D′( p, T , Si )

=

D′ = Dη

1

n

n

(7)

(8)

In Eqn 7, D, represents is a normalising stress normalising f such that when f = D the creep strain rate
reduces to the inverse of the viscosity parameter, Ș. The viscosity parameter defines the apparent viscosity
opposing yield surface expansion; this naturally can depend on temperature, accumulated plastic strain
(strain hardening) or other internal state variables. D’ in Eqns 7 and 8 has been modified to act as a drag
stress [7] in which the viscosity parameter has been taken inside the function of the over stress. It also is
then defined as a function of accumulated plastic strain, p, temperature, T, and other internal state
variables, Si. The viscosity parameter and the normalising stress D, can both be normalised such that a
known creep strain rate is represented at f = D0 (Eqn 9).
p =

1

η0

f
D0

n
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n
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With this it is often possible to reduce the sensitivity within the power law to changes in temperature
and other internal state variables which may be of use in FEM modelling with regards to convergence.
The use of a power law breakdown model within the above framework carries problems given that a
zero value for the plastic multiplier cannot be achieved in a finite stress range. In order to produce a
plastic multiplier less than unity the model must be normalised in a similar means as in Eqn 9 (Eqn 10).
p =

1

η0

exp

§ f
·
f
= exp¨
−η′¸
¨ D0
¸
D0
©
¹

(10)

η ′ = ln (η 0 )

(11)

In the above Eqns 10 and 11 the viscous stress is brought into the exponential to act as a drag stress,
Ș’, as shown, the denominator, D0, within the exponential retains only a normalising roll.

4 MODELLING THE EFFECTS OF CREEP ON STRESS RELAXATION OF POST
TENSIONED STEEL TENDONS AT ELEVATED TEMPERATURE
The previous sections have outlined the constitutive theories used as a framework for the numerical
modelling of creep as well as the material behaviour that governs the macroscopic deformations. This
theoretical knowledge will now be put to use in modelling creep in the relaxation of post tensioned steel
tendons at elevated temperature.
In order to explicitly model creep in the stress relaxation of post tensioned steel tendons in fire firstly
an appropriate algorithm is developed to predict the magnitude of the creep strain rate at the appropriate
stresses and temperatures. This algorithm is then used in a full FEM post tensioned tendon stress
relaxation model (using ABAQUS). The full relaxation model will then be verified against the
experimental stress relaxation curves from MacLean [11] displayed in Fig 1.
4.1 Developing an algorithm for the magnitude of the creep strain rate (viscoplastic multiplier) in
post tensioned steel tendons
In Section 3 the viscoplastic constitutive relations that form the framework for multiaxial numerical
creep modelling have been identified. This constitutive theory will now be used as the basis to develop a
creep model for use in the prediction of stress relaxation in post tensioned steel tendons at elevated
temperatures (Fig 1). As the creep model is to be used in the commercial FEM software package
ABAQUS, an algorithm for the magnitude of the creep strain rate (plastic multiplier) is required (Eqn 6).
ABAQUS will compute the flow direction tensor, nij, at each increment.
Using the information detailed in Section 2 an appropriate stress relationship for the magnitude of the
creep strain rate can be selected based on the relationship of the tensioning stress in the tendons to their
shear modulus. The shear modulus as a function of temperature can be represented as in Eqn 9 [8]. In this
case it has been normalised to room temperature where ȝ0 is the shear modulus at room temperature with
temperature in Kelvin. The melting temperature of steel, Tm, is taken as approximately 1800 Kelvin.
ª

§ T − 300 ·º
¸»
¸
© Tm ¹¼»

μ = μ 0 «1 − 1.09¨¨
¬«

μ 0 = 8.1 *10 4 GPa

(12)

From Fig 1 and Eqn 12 ratios of the tensioning stress to the shear modulus can be determined. This
shows over a wide stress and temperature range the macroscopic creep behaviour can be best represented
by a power law breakdown model of the type in Eqn 2.
From Eqns 10 & 11 a yet to be normalised version of the power law breakdown model is used as a
base model represented in Eqn 13.
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§ f
·
§ σ vm − σ y ( p, T , Si )
·
− η ′ ¸¸ = exp¨¨
− η ′ ¸¸
p = exp¨¨
σ
σ
0
© 0
¹
©
¹

(13)

In Eqn 13 the overstress, f, has been expanded into its constituents, those being the Von Mises stress
resulting from the applied stress, ıvm, and the yield surface stress, ıy. Eqn 13 uses a normalising stress on
f as the transition stress between power law and power law breakdown creep, ı0, where ı0=0.001ȝ [8].
The yield surface stress is also a function of the viscous parameters, accumulated strain, temperature and
other internal state variables. Therefore in normalised form (divided by ı0) the yield stress can be
associated to the drag stress, Ș’, to create a combined viscosity parameter as a sum of both parts [7]. This
combined parameter can then be extracted from the exponential in Eqn (13) such that a normalised form
for the creep strain rate (viscoplastic multiplier) around the Von Mises stress can be achieved as in Eqn
14.
§ ªσ y
º·
§σ
+ η ′» ¸ exp¨¨ vm
p = exp¨ − «
¨ σ0
¸
¼¹
© σ0
© ¬

·
§σ
¸ = ε0 exp¨ vm
¸
¨σ
¹
© 0

·
¸
¸
¹

(14)

At this point an assumption has been made based on the justifications highlighted at the end of
Section 2 and observable in Fig 2. That being any strain hardening that may occur happens so rapidly or
is so insignificant in this stress range that primary and secondary phases are indistinguishable. To this end
any hardening effects as a function of accumulated plastic strain, p, have been eliminated from Eqn 14.
Further to this all other viscous effects arising from anything other than temperature have been neglected
in the assumption that temperature effects in the absence of strain hardening will dominate the viscosity.
To this end the creep strain rate at ıvm=ı0, is normalised in terms of the viscosity parameter and yield
stress as an Arhenius function of temperature (Eqn 15). In this manner the fact that creep is a kinetic
process with associated activation energy, Qc, is addressed. Further, the creep strain rate retains a
temperature dependence at ıvm=ı0, whilst ı0 also retains a temperature dependence through its relation to
the temperature dependent shear modulus (Eqn 12).
§ ªσ y
º·
§ − Qc ·
+ η ′» ¸ = α exp¨
¸
¨ σ0
¸
© RT ¹
¼¹
© ¬

ε0 = exp¨ − «

(15)

In Eqn 15 the parameter, Į, is used to normalise ε0 such that the Arhenius relation to temperature
represents the viscosity opposing the creep deformation. In full form then the chosen algorithm to
represent the creep strain rate (viscoplastic multiplier) in the above stress relaxation problem is
represented in Eqn 16.
§σ ·
§ − Qc ·
p = α exp¨
¸ exp¨¨ vm ¸¸
© RT ¹
© σ0 ¹

(16)

4.2 Verification of the creep model in the stress relaxation of post tensioned steel tendons at
elevated temperature
Eqn 16 leaves two constants to be determined; the activation energy, Qc and the normalising constant,
Į. For the activation energy the activation energy of self diffusion for 1% Cr-Mo-V steel has been used
with a value of 251 KJ/mole [8]. It has been stated in Section 2 that the activation energy of creep in the
power law breakdown region is generally observed to be higher than that of self diffusion. Through fitting
Eqn 16 to the data in Fig 1 it should be possible to find an appropriate value of the normalising constant,
Į, to account for this slight inaccuracy. Doing so a value of Į=1013 hr-1 is found. Using this value pre
exponential normalising strain rates (Eqn 15) of the order 2*10-7 hr-1 at 400C and 7*10-3 hr-1 at 600C
are achieved thus representing the creep strain rate magnitude at the transition stress.
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The algorithm for creep strain rate in Eqn 16 has been incorporated into the FEM software package
ABAQUS via a user defined subroutine. Using this subroutine post tensioned steel tendons were
modelled according to the tests carried out by MacLean [11]. In these tests isolated 5400mm length,
13mm diameter prestressing steel tendons were tensioned to approximately 1000MPa with approximately
11% of their length heated in a tube furnace about their centre. In each test the centre of the tendon was
heated at 10C per minute to pre determined soak temperatures of 300C, 400C, 500C or 700C. This
heating rate is based on the anticipated heating rate at 20 mm concrete cover within a unbonded post
tensioned slab [3,11]. The soak phase lasted for 90 minutes from which point the tendons were allowed to
cool naturally. These models are displayed in Fig 6 below against the experimental results from MacLean
[11].
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Figure 6. Modelled stress relaxation curves against experimental relaxation curves [11] explicitly accounting for the
contribution of creep through a power law breakdown creep model

The model in Eqn 16 appears to work very well and thus implies that material based assumptions
regarding the potential lack of strain hardening in this case are valid. Slight inaccuracies in the cooling
curves are observable, most likely due to the convective and radiative cooling parameters used within
ABAQUS. The model soaking at 700C crashed at around a stress approaching the transition stress
between power law and power law breakdown; the model could not achieve convergence when using
implicit numerical integration schemes to ultimately find a stress solution at that increment.

5 CONCLUSION
This paper has evolved as a result of the lack of explicit consideration for creep behaviour in
structural steel in design codes in temperature ranges where its effects may contribute significantly to the
overall plastic strain.
Material behaviour in response to stress and temperature has been presented in order to better
understand the effects of stress and temperature on the macroscopic effects of creep. This understanding
is particularly important in accurately modelling creep. This understanding has been successfully unified
with constitutive elasto-viscoplastic relations and theory to demonstrate the possibility for accurate
modelling when an attempt is made to understand such behaviour and theories. The accuracy of the
example stress relaxation model explicitly including the affects of creep justifies the assumptions made
regarding the negligible affects of strain hardening applicable in this particular case. This directly
highlights the importance of material understanding, especially if it is desired to justify such an approach.
The structural implications relating to the consequences of the inconsideration of creep explicitly in
certain structural situations have not been considered in this paper. The example used relates to fire in
Unbonded Post Tensioned (UPT) concrete slab structures. It has been shown via Figs 1 and 6 that if the
affects of creep are not considered significant underestimates in the relaxation of stress in the post
tensioned tendons could be made especially at temperatures beyond 400C. Under a localised fire at
midspan a tendon at 25 mm concrete cover could potentially reach this sort of temperature in around 60
minutes [3]. In an unbonded case a local fire in a single bay could then produce significant relaxation in
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compressive stress across an entire strip of floor. Of far more concern is the propensity for spalling in
modern high strength concretes as used in UPT concrete slabs. In such a case concrete cover to a tendon
could be significantly reduced or even lead to direct exposure to fire. Such cases could have significant
consequences regarding anticipated time to failure. Therefore there should be more awareness of cases
where creep could be significant in terms of failure and time to failure and from this greater attention paid
to accurately predicting its affects.
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Abstract. The paper presents the assumptions and the issues that arise when developing an integrated
modelling methodology between a Computational Fluid Dynamics (CFD) software applied to
compartment fires and a Finite Element (FE) software applied to structural systems subjected to fire. In
particular, a weak coupling approach used to simulate a fire exposed structure by modelling the fire
development in the compartment, the heat penetration in the structure and the mechanical response is
described. The advantages and the disadvantages of such a technique are highlighted compared to a full
coupling that conversely takes into account all mutual interactions. The favourable aspect of computing
the thermal response of the structure in the FE model in order to avoid modelling the structure in the
CFD model is underlined, namely a sensitive reduction of computational demand. Finally, a practical
application is presented.

1 INTRODUCTION
Integrated modelling methodologies applied to compartment fires in order to obtain the thermomechanical response of structures exposed to fire would represent a powerful tool to widen the
application field of structural fire safety engineering by overcoming limitations associated to simplified
procedures. The exploitation of such strategies based on the coupling between CFD and FE programs are
already used in medicine, e.g. for modelling the blood flow in arteries [1]. However, in the fire
engineering field, very few applications are available and the ones that have been developed are often
limited to specific software pairs [2]. The Research Fund of Coal and Steel (RFCS) project called
FIRESTRUCT [3] dealt with this issue by studying different coupling approaches and employing
different software. In this paper is described the weak coupling approach developed here between the
CFD software Fire Dynamics Simulator (FDS) and the FE software SAFIR, but it has to be underlined
that the methodology could be used with any CFD and any FE software. The study is illustrated by an
application of this methodology about an experimental campaign dealing with the problem of columns
engulfed in a fire source.
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2 OVERVIEW ON INTEGRATED CFD-FE METHODOLOGY
2.1 Compartment fires: problem definition
Three problems have to be solved when modelling the behaviour of a structure subjected to a
compartment fire, each of them being governed by different physical phenomenon and, hence, by
different equations: 1) temperature development in the compartment; 2) thermal response of the structure
and 3) mechanical response of the structure. The fire development analysis yields the temperatures of
gasses and the radiative and mass flows in the compartment. By means of the thermal analysis, the
temperatures in the structural elements are obtained. The mechanical response provides the behaviour of
the structural system, i.e. stresses, deflections etc. Several differences distinguish these three processes.
First, the spatial scale of the thermal analysis in the structure is an order of magnitude smaller than the
spatial scale used for the compartment temperature development and the mechanical response. Second,
the time scale may be different to solve the problem within CFD and FE. Third, for the temperature
development in the compartment and the mechanical response a 3D analysis is generally required,
whereas for the thermal analysis a 2D analysis is usually sufficient. Thus, some issues arise when an
integrated methodology CFD-FE is to be used to tackle the whole problem. It is natural to assign the task
of performing the compartment temperature development analysis to the CFD model and the mechanical
response to the FE model, but it is not so straightforward to decide where to carry out the thermal
analysis. Both software may be exploited to fulfil the task. The advantages to perform the thermal analysis
in the CFD model are first to get direct information from the compartment temperature development
analysis and, second, to allow consideration of the energy absorbed by the structure to be considered in
the analysis of the compartment. On the other hand, if the thermal analysis in the structure is carried out
in the FE model, all data necessary are directly available by the FE code to determine the mechanical
response. Whatever the choice, the difficulties arise when data have to be exchanged between the two
software, because of different scales in space and time. Moreover, if the thermal analysis is performed in
CFD software, the compartment model must include the structure as well. The latter aspect is not
desirable as described later on.
2.2 Levels of coupling
From the description of the problem it is clear that coupling CFD to FE model is far from
straightforward and that the selected level of coupling influences the complexity of the model. In reality
all three problems are mutually coupled (full coupling or two-way coupling) as shown in Fig. 1 and
reported in Table 1, where the main phenomena involved in a compartment fire are listed along with their
mutual interaction.
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1
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to

3

3

2

to

to

2

1

2. Temperatures in
elements

3 to 1
1. Fire development

3. Structural behaviour
1 to 3

Figure 1. Full coupling strategy between the main phenomena involved in a compartment fire
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Table 1. Mutual interactions of main phenomena involved in a compartment fire

1 to 2
FIRE
Convection and radiation to structural
elements
VELOCITY OF GASES
Convection factors
Dynamic pressure on walls, windows
PRESSURE
Static pressure on walls, windows
TEMPERATURE IN MATERIALS
Thermal elongation of elements
Degradation of mechanical properties
Absorption of energy from the compartment
PLASTICITY AND CRACKING IN
ELEMENTS
Generation of heat or heat leakage
Modification of material thermal properties
DISPLACEMENTS IN ELEMENTS
Modification of the gas flow
Modification of the element thermal
exposure

2 to 3

COUPLING
3 to 1
1 to 3

3 to 2

2 to 1

x
x
x
x
x
x
x

x

x
x

x
x

The implementation of a full coupling allows taking into account all phenomena and it guarantees a
general field of application as well as a solution that tends to be exact. An example of full coupling is the
interface developed between VESTA, a CFD software, and DIANA, an FE software developed by TNO
in the Netherlands [3]. However, an integrated methodology that relies on full coupling is very complex
to achieve. The first reason lies in various uncertainties that question the so-called exactness of the
method. For instance, heat leakage through cracks in concrete or gypsum plaster boards enclosures are
still very difficult to quantify because they do not follow deterministic rules. Moreover, from a
programming point of view, the code of the selected CFD software and the code of the FE program have
to be modified so that they can communicate for the exchange of data, but it means that in most cases the
integrated methodology will not work if another CFD or another FE software is used. This is a clear
drawback in terms of versatility and flexibility. Furthermore, for each simulation, a CFD specialist as well
as an FE specialist are required since the two models cannot be run independently. Other typical issues
that may occur in the design practice are related to possible modifications that the structure undergoes
during the construction project as well as modifications of the structure that have to be applied because of
an unsatisfactory behaviour in terms of fire safety requirements. Since the structural elements must be
included in the CFD model, any changes in the structural system imply that the whole analysis must be
re-run, entailing large time consuming analyses.
From these considerations, a simplified approach, the so-called weak coupling, is proposed to
overcome the major aforementioned issues with the aim to be applicable to a wide number of likely-tooccur scenarios in compartment fires.
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3 PROPOSED WEAK COUPLING METHODOLOGY
3.1 Assumptions and general remarks
In the proposed weak coupling (or one-way) approach the mutual interactions are discarded, as
illustrated in Fig. 2. The CFD software models the fire development, while the FE program performs the
thermal and the mechanical analyses. The fire development is calculated independently of the thermal
response in the linear elements of the structure such as, for example, steel columns, beams or truss girder.
If part of the structure is made of planar elements that also constitute boundaries of the compartment such
as, for example, concrete walls or slabs, they must be modelled, perhaps with some degrees of
approximation [4], in the fire development analysis. The detailed temperature field in these structural
elements will nevertheless be computed subsequently by the FE software. As a consequence, if p
variations of the structure must be evaluated under q fire scenarios, only q CFD analyses have to be
performed, compared to p·q coupled analyses in a full coupling approach.
In this strategy, the thermal response of the structure represents the input of the mechanical analysis.
Hence, it can be performed first, over the whole time domain, and then the resulting data are transferred
at the beginning of the mechanical analysis which is performed subsequently.

1

to

2

3

2

to

to

2

1

2. Temperatures in
elements

1. Fire development

3. Structural behaviour

Figure 2. Weak coupling strategy between the main phenomena involved in a compartment fire

Nonetheless, these simplifications imply some limitations:
i) the dimensions of the structural elements and their displacements perpendicular to their
longitudinal axis must be small compared to the dimensions of the compartment in order not to
significantly influence the temperatures and the air flow around the elements. According to this
assumption a series of 2D thermal analyses rather than a unique 3D thermal analysis is made on the
structural elements because the transverse dimension of the section of the elements is small with respect
the longitudinal dimensions. For instance, a 1x1 m² concrete columns in a 100 m2 compartment must
clearly be considered in the CFD model. This would also be the case for 1-meter deep concrete beams in
a car park with a distance from the floor to the beams that is on the order of magnitude of 2 meters. Very
flexible structures that are sensitive to air pressure variation are also not suitable for such integrated
methodology because the effects of air pressure variation on the displacements of the structure cannot be
neglected. Floor systems designed according to the tensile membrane action also exhibit very large
displacements during the fire and may also not comply with this requirement if the floor to ceiling
distance is small compared to the displacement.
ii) It is possible, for each 2D thermal analysis, to consider the boundary conditions at the surface of
the section at the same point, namely the point of the section located on the node line of the beam
element, for example at the centre of gravity of the section. The influence of the distance from the node
line of the section to the border of the section is neglected. This is consistent with the fact that the
structure is not present in the CFD analysis because the size of the section perpendicular to the
longitudinal axis is negligible with respect to the size of the compartment; the distance from the centre of
the section to the border (approximately ½ of the size of the section) is then also negligible.
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iii) Generally, in the CFD model the dimensions of a parallelipedic compartment correspond to the
clear distances between opposite walls. However, in the FE model a slab is generally modelled in
correspondence to its centreline as illustrated in Fig. 3. Thus, the slab would fall outside the CFD domain
and assumptions have to be made in order to determine thermal information at the slab centreline.

Height of the compartment in CFD model

Height of the compartment in FE model

SLAB

COMPARTMENT

Figure 3. Different compartment dimensions for the CFD and the FE model.

iv) Since the structure is not included in the CFD model, the effect of shielding from any structural
elements on others cannot be detected. For example, if a series of closely-spaced columns one behind the
other is impinged by a radiant flux with direction parallel to the column series, the magnitude of the flux
received by each column will only depend on the distance of each single column from the fire source and
no effects of shielding will be taken into account on the columns behind the first one.
v) Irrigated structures in which water is circulating in order to keep the temperature of the structure
within acceptable limits cannot be neglected because they may contribute in evacuating important amount
of energy from the compartment.
This procedure is thus particularly well adapted for metallic structures made of relatively thin
members (frame, truss girders) and located in very large compartments (railway or airport entrance halls,
exhibition halls) where a localised fire is developing and simplified thermal models, such as those
proposed in EN1991-1-2 [5], cannot be employed because the geometry of the compartment is too
complex or the position of the structure in the compartment or with respect to the position of the fire is
not within the field of application of simplified model.
3.2 How it works
In this section, the practical issues that have to be solved when implementing such an approach are
presented. The programs used in this paper to illustrate the proposed integrated methodology are FDS [6]
and SAFIR [7]. The main steps needed to couple CFD and FE are:
1) at the end of the CFD analysis, a transfer file containing all information regarding the state in the
compartment, i.e. temperature of gas, convection factors and radiant intensities from various directions, is
produced. These quantities can be provided at each grid point of the CFD model (the grid that was
required to allow a precise determination of the solution) or instead at grid points of a coarser mesh
reckoned by the CFD user as sufficient to get a sufficiently accurate representation of the solution that has
been obtained. The mesh of considered points can also be refined around the structure that will be
analysed and coarser away from the structure.
The format of the transfer file should be as standardised as possible so that in a future perspective it
could be used for any choice of CFD and FE software. Hence, type of file (e.g. ASCII), syntax, type of
reference system, type and format of numbers, presence of blank lines etc. have to be clearly stated. Such
a format has been proposed within the FIRESTRUCT project and can be obtained from the authors.
Radiant intensities from different directions are preferred to impinging radiant fluxes on predefined
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surfaces because the structural elements are not included in the CFD model and thus no information is
available at that stage about the shape of the cross-sections. The fluxes at the surface of the structural
elements will be computed within the FE software by integrating the radiant intensities which allows
taking into account possible shadow effects in concave sections.
2) A 3D Cartesian spatial interpolation is needed because the points of the structure where the
information is needed (called here “the structural points”) generally do not coincide with the points of the
CFD grid where the information is provided. If any structural points fall outside the CFD domain for the
reason described above, they are moved to the closest boundary of the CFD domain where the Cartesian
interpolation can be made, namely the boundary corresponding to the centre of the outermost cells
because FDS provides the information at the centre of cells (see Fig. 4). A trilinear interpolation
algorithm was successfully implemented in SAFIR to fulfil the 3D Cartesian interpolation.
SLAB

AXIS OF CENTRE
OF THE
OUTEROMOST
CFD CELLS

STRUCTURAL POINT
CFD POINT

Figure 4. Case of structural points outside the CFD domain.

3) An interpolation in the time domain is also necessary because the time steps of the CFD analysis
and the time steps of the thermal analysis may not be the same. In this case a simple linear interpolation
may be used.
4) In order to get the impinging fluxes q on the surface of the structural elements a spherical
numerical integration of radiant intensities I has to be performed. A numerical integration can be
performed according to Eq 1.

q

n
¦ Ii cosTiY i
i

(1)

where n is the number of intensities considered for the integration, ωi is the solid angle associated to
the direction i and θi is the angle between the direction of the radiant intensity i and the normal to the
surface.
The directions of the intensities which are required to perform the spherical integration are generally
not the directions in which the intensities are given by the CFD analysis. This is particularly the case if
the structural elements are not parallel to the axes of the system of coordinates used in the CFD analysis
(e.g. for diagonals in a truss girder). A spherical interpolation is thus performed in order to obtain the
radiant intensities in the directions required by the numerical integration. Rotations of local axes are
required to find the surface system of coordinates taking into account the direction of the longitudinal
axis and the shape of the cross-section.
It is essential that the type of mesh and type of system of coordinates used in the CFD analysis (step
1) be clearly defined and taken into account in steps 2 and 4. The format of the transfer file established
within the FIRESTRUCT project is based on the hypotheses of a structured parallelipedic mesh in a
dextrorsum Cartesian system of coordinates. The position of the origin of the system of coordinates and
the directions of the “X”, “Y” and “Z” axes as well as the direction of gravity must be common in the
CFD and in the FE analyses.

4 AN EXAMPLE OF PRACTICAL APPLICATION
The authors are currently involved in a research project that deals with the problem of columns
engulfed in a fire source and the assessment of the real effect of the emissivity of flames. For this purpose,
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two experimental tests with two types of combustible liquid are envisaged: i) a preliminary small scale
test serving as a feasibility study; a 60.3 mm diameter, 1500 mm high circular tube is engulfed in a 300
mm diameter pool fire and ii) a 203 mm diameter, 3000 mm high circular tube engulfed in a 1000 mm
diameter pool fire. In order to measure temperatures at different heights, an instrumentation set-up was
designed. Fig. 5 shows the system designed for the larger pool fire while Fig. 6 shows the system used in
the preliminary small-scale tests. Since the steel rack system used to support the bars where the
thermocouples are installed is slender and thermal information (temperatures, fluxes, etc) around the pool
fire was not known, the described methodology was exploited to check whether the rack could undergo
deformations that could affect the set-up configuration during the tests. Therefore, the pool fire of
diameter 1 m was firstly simulated in FDS to get all information at the rack location. Then, the thermal
analysis and the mechanical response of the rack modelled in SAFIR were carried out on the basis of the
results provided by the CFD analysis. In detail, a kerosene pool fire, having a constant Rate of Heat
Release (RHR) of 1634 kW/m2, was simulated without including the rack into the CFD model. At the end
of the simulation the transfer file including all thermal information due to the pool fire was created.

y

00

D
x
y
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3000

10
Ø

z
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6108

Figure 5. Instrumentation set-up for a pool fire of diameter 1 m in which a column 3 m high and of diameter of 203
mm is placed (dimensions in mm).
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Figure 6. Instrumentation set-up used to measure temperatures at different heights of a pool fire of diameter of 300
mm which engulfs a steel circular column 1500 mm high and of diameter 60.3 mm.

The rack was modelled in SAFIR by means of Bernoulli-type 3D beam elements. A 2D thermal
analysis was thus performed at each of the longitudinal point of integration in the beam elements. In Fig.
7 the temperature distribution in the sections located as indicated by a cross in Fig. 5 is reported. The
local axes of each beam element are also depicted in Fig. 5 to show the orientation. From Fig. 7 the effect
of the non-uniform radiation affecting the sides of the sections is clearly visible and a coherent
temperature distribution in the section on the basis of the orientation of the element with respect to the
fire location is highlighted. Then, the results of the thermal analysis were used to calculate the mechanical
response of the rack; the calculated displacements are shown in Fig. 8, amplified by a factor of 20.
Moreover, the structure was moved inside the compartment in order to find the best location in terms of
space optimisation in the lab but no additional CFD analyses were required.
This simple case highlights the usefulness and the versatility as well as the capability of this
integrated methodology to overcome problems that cannot be analysed by simplified models.
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Figure 7. Temperature distribution at 1200 s in: a) beam section A; b) beam section B; c) column section C; d) bracing
section D.
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Figure 8. Displacements of the rack at 1200 s scaled by a factor of 20: a) isometric view; b) side view.

5 CONCLUSION
This paper describes assumptions and issues of an integrated modelling methodology for the
behaviour of a structure located in a fire compartment by implementing a weak coupling approach. It is
suitable for localised fires in very large compartments built with relatively thin structures where the
transverse dimensions of the structural elements can be neglected. In this respect, a practical application
of the methodology demonstrated its usefulness and its capability to overcome problems that cannot be
analysed by simplified models. The choice to perform the fire development analysis independently from
the thermal analysis of the structure and from the mechanical response analysis by neglecting the
structural elements in the CFD model allows reducing the computational demand and enhances the
versatility of the methodology.
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Abstract. The finite element reliability methods are extended here to evaluate the structural reliability in
fire. A reliability framework, which contains the fire scenario, the thermal conduction model, and the
structural model, was formulated for simulating structural response under the natural fire. In particular,
the first order reliability method (FORM) following the improved Hasofer-Lind-Rackwitz-Fiessler (iHLRF) algorithm was extended to evaluate the reliability of a beam exposed to fire. Both the direct
differentiation method (DDM) and the finite difference method (FDM) were used for calculating the
parameter sensitivities that are required for locating the failure surface within the first-order reliability
analysis. The accuracy and efficiency of the finite element reliability analysis was evaluated based on
comparisons to Monte Carlo simulations. Results demonstrate that the FORM combined with the DDM
offers much promise for efficiently assessing the reliability of structures in fire.

1 INTRODUCTION
The quantification of risk and reliability are vital to ensuring a safe and economic infrastructure.
Current fire resistant design codes provide a minimum level of safety but fail to offer a quantitative
measure of structural reliability. Despite considerable advances in the area of engineered structural fire
resistance, structural reliability is typically inconsistent with the design for other types of hazards [1] and
indeterminate based on current procedures of analysis [2, 3]. The quantification of structural reliability is
essential to risk-based engineering because tradeoffs in cost and utility can be explored to identify the
best engineered solution given a target level of performance [4]. Thus, reliability analysis is a key
component of performance-based design.
Structural response in fire has been shown to be highly sensitive to a number of parameters, and there
are limited methodologies for quantifying the reliability of structures given the multi-physical nature and
the high order of dimensionality of the problem. Previous research has sought to use Monte Carlo
simulation to quantify the uncertainty in the fire scenario [5-7] and structural systems threatened by fire
[8-12]. Despite its versatility, Monte Carlo simulation is extremely computationally expensive because it
requires an unreasonably large sample size to accurately predict the reliability, particularly in regions with
low failure probabilities [13]. On the other hand, finite element reliability methods, which have been
well-developed for ambient temperature analysis of structures [14], may offer promising advantages
toward addressing the uncertainties when simulating structural response under fire due to their improved
efficiency. No known research to date has sought to extend the stochastic finite element method to the
analysis of structures in fire, and it is therefore unknown whether the method can reasonably be used to
capture uncertainties that are present in the fire, thermal, and structural domains.
This research therefore seeks to extend the perturbation-based stochastic finite element method to
simulate structural response under natural fire. The present study uses the First Order Reliability Method
(FORM) to calculate the structural reliability by considering a first order Taylor expansion about the limit
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state function. The FORM is one of the most commonly used reliability methods for predicting the safety
of structures at ambient temperature because it can efficiently quantify the reliability of the system given
a large number of uncertain parameters. In the FORM, only the response and response gradients with
respect to each uncertain parameter are needed to evaluate the reliability of the system. Therefore, the
FORM can provide a more accurate result at a fraction of the computational expense that is needed for
Monte Carlo simulation, especially in the analysis of structures with extremely low probabilities of
failure. In the stochastic finite element method, the response gradients are determined by using either the
finite difference method (FDM) or the direct differentiation method (DDM). Two case studies are
introduced in this paper to demonstrate the extension of the stochastic finite element method to the
analysis of structures in fire.

2 ANALYTICAL SYSTEM
The analysis of structures in fire involves three sequentially coupled processes as illustrated in Fig. 1:
the fire behavior, the thermal response of the structure, and the mechanical response of the structure. The
fire temperature and/or surface flux can be evaluated by a parametric fire curve, zone model, or
computational fluid dynamics simulation. Based on the thermal boundary conditions, the temperatures in
the structure are evaluated by a finite element or finite difference simulation. Knowing the transient
temperature distribution in the structure, the mechanical response can subsequently be evaluated by a
finite element analysis in a commercial program such as ABAQUS or ANSYS. Within each domain
shown in Fig. 1, there are parameters that exhibit some degree of uncertainty as indicated in the left
column. For example, the amount, type, and distribution of fuel at a given point in time have significant
uncertainty. The uncertainty in the fuel will produce fire temperatures and surface fluxes (shown on the
right in Fig. 1) that also exhibit some degree of uncertainty. This variability feeds into the conduction heat
transfer model in the calculation of temperatures in the structure and ultimately affects the forcedeformation response of the system.
Fire B
Behavior
Compartment geometry, amount and
distribution of fuel, ventilation conditions

Fire temperature, Surface flux

Thermal Response
p
of the Structure
Temperature in the structure

Material properties, boundary conditions

Mechanical
M
e ha i al Response
Respon
Respo
o sse of
of the
he Structure
S u ue
Material properties, applied loads, mechanical
Deformation, Force
boundary conditions
Figure.1 Propagation of uncertainty in the structural fire simulation

As the probabilistic simulation of the structural fire response involves a number of uncertain
parameters in multiple physical domains, a reliability-based framework must be employed that involves:
(1) the identification and characterization of the sources of uncertainty in the model, (2) the definition of
appropriate performance function(s) by which failure can be evaluated, (3) the development of a
stochastic model for the system that captures the propagation of uncertainty illustrated in Fig. 1, and (4)
the quantification of the system reliability, which is generally expressed in terms of a failure probability
Pf or reliability index β. In this paper, the thermo-structural analysis is carried out in a special-purpose
code based on the fiber element model proposed by Jeffers and Sotelino [15]. The model is extended here
to incorporate the reliability analysis described in Section 3.
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3 METHODOLOGY
This paper focuses on extending the First Order Reliability Method (FORM) to the analysis of
structures in fire. The FORM uses a first-order Taylor series expansion about the limit state function such
that the response g(X) and response gradients ߲g(X)/߲Xi with respect to each uncertain parameter Xi are
the only values that are needed to evaluate the reliability of the system. The FORM uses an optimization
algorithm to determine the reliability index E by identifying the design point on the failure surface. The
approach involves (1) transforming the statistically correlated random variables X into a set of
uncorrelated variables Y that are expressed in standard space (i.e., each variable in standard space has
zero mean and unit standard deviation), (2) approximating the failure surface g(X) = 0 as a linear function,
and (3) evaluating the reliability index E as the distance to the failure surface [16]. Because the
performance function g(X) is not explicitly stated in terms of parameters X, an iterative solution
algorithm is employed to find the design point on the limit state surface. Prior research has shown that the
improved Hasofer-Lind-Rackwitz-Fiessler (iHL-RF) exhibits rapid convergence and numerical stability
for problems comprising normal and non-normal variables [17-19]. The present study therefore uses the
iHL-RF algorithm to identify the design point and estimate the failure probability.
Response gradients ߲g(X)/߲Xi can be determined by a finite difference approximation or by direct
differentiation of the governing finite element equations. The finite difference method (FDM) uses a finite
difference approximation for the gradient such that
wg ( X) 'g ( X)
.
|
wX i
'X i

(1)

Thus, the response g(X) is evaluated twice: at Xi and at Xi + 'Xi, where 'Xi represents a small
perturbation in the parameter Xi. The difference 'g(X) is then calculated and inserted in Eq. 1. As 'Xi
goes to zero, Eq. 1 converges to the true response gradient. Although the FDM is versatile and widely
applied in probabilistic analysis software such as NESSUS, it is computationally inefficient because it
requires additional simulations to evaluate the response for each perturbation. Furthermore, the accuracy
of the FDM is limited by the size of the perturbation, and there is no way to determine a priori the size of
the perturbation that is needed to achieve the converged solution.
The direct differentiation method (DDM) is an alternate approach to evaluating the response gradients
that are needed for the reliability analysis. The DDM involves deriving analytical expressions for the
response gradients based on directly differentiating the governing finite element equations. The DDM
provides an exact estimate of the response sensitivity with minimal computational expense. A significant
amount of research has sought to apply the DDM to the analysis of structures at ambient temperature. The
present study extends the formulation to account for the propagation of uncertainty from the thermal to
the structural domain.
3.1 Response sensitivity analysis in the structural domain
The governing equation for nonlinear structural analysis is
Pnint

Pnext

(2)

Pnext

Pnint

where
= the vector of internal forces, and
= the vector of the external forces. This equation
should be satisfied at every time step n. Differentiating Eq. (2) by parameter Xi gives [20]
Kn

wu n
wX i

wPnext wPnint

wX i
wX i

(3)

where Kn = the algorithmically consistent stiffness matrix given by [21] and un = the vector of nodal
displacements. ߲un/߲Xi is the displacement sensitivity vector, which is needed in the evaluation of the
response gradient ߲g(X)/߲Xi. wPnext / wX i can readily be evaluated in most cases because the external
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force acting on a structure is typically known. The challenge therefore is in deriving expressions for the
sensitivity wPnint / wX i of the internal force vector.
The vector of internal forces Pnint is calculated directly from the internal stress Vn and obtained by
assembling the contributions from all elements in the structure [22], i.e.,
Nels

¦ (p

Pnint

Nels

int
n i

)

i 1

¦ ³ B σ dV
T

n

i 1

i

(4)

where
= vector of internal force calculated in each element, B = strain-displacement matrix, Vn =
stress vector, and V = element’s volume. By differentiating Eq. (4) by parameter Xi, the sensitivity of the
internal force vector is found to be
p int
n

wPnint
wX i
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(5)

where E wσ n / wε n is the tangent modulus of the material.
As both ε n and σ n are evaluated under the element temperatures, parameters Xi that are included in
the thermal model can be calculated by using the chain rule, i.e.,
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¹ ¹i

(6)

where T = the vector of temperatures, which are passed from the thermal model.
By using Eq. (6), the partial derivative of internal force for all parameters related to the structural
analysis and thermal field can be evaluated. Eq. (6) is substituted into Eq. (3) to obtain the displacement
sensitivity, which is used directly in the evaluation of the response gradient ߲g(X)/߲Xi .

3.2 Response sensitivity analysis in the thermal domain
The governing equation for transient thermal analysis is given by [22]:

CT
T  KT R

(7)

where C = heat capacity matrix, T = an array containing the first derivatives of the nodal temperatures
with respect to time, K = conductivity matrix, T = array of nodal temperatures, and R = an array of
thermal loads.
By considering temperature states Tn and Tn+1 over time step 't and applying the backward difference
technique, the temperature at time step n + 1 is given by
Tn +1 =Tn +'tTn +1

.

(8)

Combining Eq. (7) and Eq. (8) gives
§ 1
·
¨ 't C  K ¸ Tn 1
©
¹
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Eq. (9) is subsequently differentiated by parameter Xi using the chain rule. All partial derivatives
related to the temperature Tn from the previous time step n are retained. Thus, the response sensitivity for
the thermal analysis is given by
§ 1
· wTn 1
¨ t C K¸ X
©'
¹ w i



1 wC
wK
1 wC
1 wT
wR n 1
Tn 1 
Tn 1 
Tn  C n 
't wX i
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't wX i
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wX i

(10)
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Here, Tf,n = the fire temperature at step n. As the heat capacity matrix C, conductivity matrix K, the
thermal load vector R, and temperature Tn from the previous time step n are known, the temperature
sensitivity wTn1 / wX i can readily be obtained.
3.3 Solution algorithm
The performance function g(X) is an expression that relates the loads acting on the structure to the
resistance provided by the structure. Because structural resistance in fire is heavily dependent on the
temperature in the structure, failure can be more appropriately defined in terms of a limiting deformation,
as is often done in fire resistance tests. The present study focuses on assessing the reliability of a single
beam exposed to fire, in which failure can be described in terms of a limiting deflection (e.g., L/30) in the
beam. Therefore, the performance function becomes
g (X)

u(X)  L / 30

(14)

where u is the maximum displacement in the beam. Thus, the performance function and its gradient are
directly related to the deformation in the beam.
A schematic of the algorithm used to evaluate the reliability of the beam is shown in Fig. 2.
Traditional finite element analysis is used to evaluate the limit state function g, while the response
gradients are computed based on the FDM or DDM. Iterations are carried out based on the iHL-RF
algorithm to identify the design point. Once the iHL-RF algorithm converges, the reliability index is
calculated as the distance to the failure surface at the combination of parameters X* that have the highest
probability of failure. X* is referred to as the design point or the most probable point (MPP).

4 APPLICATIONS
Two examples were studied to evaluate the proposed stochastic finite element approach in its ability
to predict the reliability of structures in fire. The first demonstrates the adequacy of the structural model,
while the second accounts for the propagation of uncertainty across the fire, thermal, and structural
domains. Comparisons are drawn between the FORM and Monte Carlo simulation. Comparisons are also
drawn between the FDM and DDM for calculating response sensitivities in the thermal and structural
domains.
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Figure 2. Reliability algorithm

4.1 Uniformly heated steel beam
To evaluate the reliability algorithm applied to the structural model alone, an analysis was carried out
on an IPE80 steel beam with a total length of 114 cm subjected to uniform heating. As shown in Fig. 3,
this simply supported beam is based on the fire resistance tests conducted by Rubert and Schaumann [23].
In the present study, the applied load P and the yield stress Fy of the steel at ambient temperature were
treated as random variables, with mean values equal to the experimental values and normally distributed
with coefficients of variation of 0.05.

P

114 cm
IPE 80

Figure 3. The uniformly heated steel beam

A special-purpose finite element code was written in Matlab to conduct the reliability analysis. The
program used a displacement-based fiber beam element to model the structural response under fire
conditions. The Eurocode model for steel was utilized to account for the nonlinear, temperaturedependent material response. Results from a deterministic analysis are shown in Fig. 4a to illustrate the
level of accuracy achieved by the Matlab code in comparison to simulations in Abaqus and to the
experimental results for two load cases (i.e., P = 0.7Pu and P = 0.85Pu).
A first-order reliability analysis was conducted for the beam with the applied load of 0.7Pu based on
the method described in Section 3. The sensitivity of the mid-span deflection with respect to load P and
temperature T was calculated by FDM and DDM, and excellent agreement was achieved as illustrated in
Fig. 4b. In assessing the probability of failure, comparisons were made between the FORM and Monte
Carlo simulations (MCS) with a sample size of 1,000. The evolution of the failure probability with
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Figure 4. Results from the uniformly heated beam

increasing temperature is shown in Fig. 4c. As can be seen in Fig. 4c, the probability of failure rises
significantly over temperatures ranging from 450-550 C due to the degradation of steel in this temperature
range. Good agreement was achieved between the FORM and MCS, despite the relatively crude sampling
in the MCS. A comparison of simulation times is shown in Fig. 4d. It is apparent that the FORM offers
significant cost savings in comparison to MCS. These cost savings would be amplified for larger MCS
sample sizes, which would be necessary in regions with low failure probabilities. The results also indicate
modest savings by the DDM in comparison to the FDM. While the difference between the DDM and
FDM is relatively small in this case, it is important to note that the savings that can be realized by DDM
would increase significantly in a more complex problem with a larger number of random variables.
4.2 Protected steel beam exposed to compartment fire
To illustrate the general stochastic finite element formulation presented in Section 3, which accounts
for propagation of uncertainty from the thermal to the structural domain, a stochastic analysis was
conducted for a protected steel beam exposed to a natural fire. The system, which is shown in Fig. 5, is a
simply supported beam subjected to a uniformly distributed load. The beam was assigned a W8×28 crosssection based on the AISC steel design specification and the ANSI/UL 263 requirements for prescriptive
fire resistant design in the U.S. A cementitious spray-applied fire resistant material shown in Fig. 5b was
selected to provide a one-hour fire resistance rating. This beam supported a concrete slab, which was
assumed to be non-compositely with the beam. It was assumed that the concrete slab affected the heat
transfer to the beam and did not contribute to the structural response. The fire exposure was modeled
according to the Eurocode parametric fire curve as modified by [24].
Shi et al. [12] analyzed this system previously using Monte Carlo simulation (MCS). Input values in
the present analysis were based on values published in [12]. Due to the large number of input parameters,
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Concrete Slab
Spray-Applied Fire
Resistant Material
(SFRM)
Fire

Fire

W8x28
L = 4.88 m
Fire

(a) Loading

(b) Cross-section

Figure 5. Protected steel beam exposed to fire

a response sensitivity analysis was conducted to determine the model parameters that have the largest
influence on the response. Consequently, the present study considers the following parameters as random
variables: the ventilation factor Fv, the thermal inertia of the surroundings b, the fuel load et, the thickness
tSFRM of the fire resistant material, the conductivity kSFRM of the fire resistant material, and the distributed
dead and live loads.
A special-purpose code was written in Matlab to perform the first-order reliability analysis. The
model was based on the fiber element approach described in [15], except that the heat transfer model was
reduced to a 2D heat transfer analysis over the section and the structural model utilized a displacementbased formulation for simplicity. Displacement sensitivities were calculated by FDM and DDM and are
shown in Fig. 6 as functions of time. Note that excellent agreement was obtained between the FDM and
DDM.
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Figure 6. Response sensitivity to various model parameters in the fire, thermal, and structural models

The probability for failure was evaluated using the FORM and compared to Monte Carlo simulations
carried out on the same system with a sample space of 10,000. It was found that the failure probability
was predicted to be 7.2 percent using MCS and 8.4 percent using the FORM. There is some discrepancy
between the two analyses that might be attributed to one of two phenomena. Firstly, the MCS sample size
may be insufficient for predicting the relatively small failure probability. Secondly, the first-order
approximation used in the FORM may be inadequate for the problem considered here. Improved accuracy
may be achieved using a higher-order analysis (i.e., using the second-order reliability method). While a
higher-order analysis typically provides greater accuracy, it is not as computationally efficient as the firstorder analysis. The simulation time was 29.2 hours for MCS. However, the FORM required only 0.8
hours using FDM and 0.4 hours using DDM. Thus, it is apparent that the FORM was able to provide a
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conservative prediction of the failure probability at only a fraction of the time needed for the MCS.
Furthermore, the DDM is shown to offer additional costs savings over the FDM.

5 CONCLUSION
The perturbation-based stochastic finite element method was extended to the analysis of structures in
fire to specifically account for the propagation of uncertainty across multiple physical domains. In
particular, the first-order reliability method (FORM) was applied to the analysis of structures in fire with
response gradients calculated by the finite difference method (FDM) and the direct differentiation method
(DDM). Comparisons between the FORM and Monte Carlo simulations (MCS) demonstrate that the
methodology exhibits good accuracy and offers significant savings in computational cost. Furthermore,
the proposed approach is adequate for predicting the reliability of structures with low failure probabilities,
which is a severe limitation to MCS. Comparisons between the FDM and DDM demonstrate that both
methods offer excellent agreement. However, significant advantages can be realized by utilizing the
DDM, as response gradients are evaluated exactly based on the governing finite element equations and
fewer calculations are required.
This novel application of the stochastic finite element method enables accurate and efficient
computation of the time-variant probability of failure, allowing the analyst to evaluate a system design
based on an acceptable level of risk. The quantification of structural reliability in fire is essential to the
realization of a holistic performance-based framework in which structural fire resistance is appropriately
accounted for. The preliminary studies presented here demonstrate that the stochastic finite element
method offers a more efficient means for assessing the reliability of structures in fire, and therefore offers
much promise for the performance-based design of the structural systems.
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Abstract. Fires are a relatively likely event consequent to earthquakes in urban locations and in general
are an integral part of the emergency response strategies focussed on life safety in most developed
economies. Similarly building regulations in most countries require engineers to consider the effect of
seismic and fire loading on the structures to provide an adequate level of resistance to these hazards,
however only on a separate basis. To the authors knowledge there are no current regulations that
require buildings to consider these hazards in a sequential manner to quantify the compound loading
and design for the required resistance. This paper offers a preliminary report of a modelling exercise
undertaken to simulate a novel test on a full-scale RC frame subjected to simulated earthquake and fire
loads. The results from the first test indicate that the test frame could withstand a pre-damage
corresponding to a seismic performance level and subsequent one-hour fire exposure without collapse.
The modelling has been carried out using the ABAQUS and OpenSees finite element software and the
results from the models are compared against observed data from the experiment.

INTRODUCTION
Earthquakes are natural hazards in seismic region and can cause devastating damage to urban
infrastructure and lifelines. Buildings constructed in seismic regions are vulnerable not only to
earthquakes but also to subsequent secondary hazards such as fires and flooding etc. This study is
concerned with the effect of fires on structures damaged in an earthquake. Botting reported that a
significant conflagration occurred following 15 out of 40 of major earthquakes [1]. For example, a
significant proportion of the damage to infrastructure and facilities in the 1994 Northridge and the 1995
Kobe earthquakes could be attributed to fires following the earthquake [2]. The damaged buildings due to
earthquakes are more vulnerable to fire effects than undamaged buildings [2,3]. In design, these two
events are considered to occur separately and no current regulations explicitly require consideration of
this load combination for civil infrastructure. This situation may change with increasing acceptance of
performance based options in building standards, however considerable new research is required in this
area before these options can be fully exploited in the profession [4].
This paper presents results from 2D and 3D modelling of a full-scale reinforced concrete test frame
subjected to a severe fire following cyclic lateral loading applied to simulate realistic seismic damage.
The test was carried out as part of the collaborative UK-India research programme and preliminary results
and modelling have been reported in [5], this paper builds on that work. The modelling was carried out
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using the commercial software package ABAQUS and the open source software framework OpenSees
[6]. The results from the modelling have then been compared against selected measured data from the
test.

BUILDING CONFIGURATION
A four-storey reinforced concrete building was designed using the Indian Building Code [7]. For the
purpose of this study, a single storey frame from this building was constructed for the test which
considers the loading from the storeys above. The total height of the constructed frame was 6.0m with the
distance between the plinth and top beams being 3.0m. The cross section of the columns was 300mm x
300mm and that of the beams was 230mm x 230mm topped up further by 120mm thick slab. Eight steel
bars of 20 mm diameter were used as main reinforcement for columns and six steel bars of 16mm
diameter were used for beams (3 each on the top and bottom). The slab was reinforced with 8mm
reinforcing steel in the tension zones in both directions on top and bottom. Each column was loaded with
an 80kN load coming from upper storey and the slab was loaded with a uniformly distributed load of
2.3kN/m2.

STRUCTURAL MODELLING
ABAQUS models
Finite element software ABAQUS [8] was used to analyse both the thermal and mechanical response
of the frame. For the 2D model, beams, columns and slab are modelled using beam elements as shown in
Figure 1(a). The slab was modelled as apart of the overall beam cross section in the 2D beam element
model. Linear Timoshenko beam element (B21) that allows transverse shear strain is used in this model.
In the 3D model the whole frame is constructed using shell elements as shown in Figure 1(b). Shell
elements (S4R) are used. Only a half of the frame is modelled assuming symmetry to reduce computation
time. Both the 2D and 3D analyses were fully nonlinear. The reinforcing steel in the 2D model is
modelled as truss elements (T2D2) that only allow axial forces. In the 3D model, reinforcing steel is
modelled as discreet rebars. The rebars are defined by specifying the size and distribution of the
reinforcing steel in the cross section.
The mechanical properties of the reinforcing steel and the concrete at elevated temperatures is
assumed to comply with Eurocode 2 [9]. The ambient compressive strength of concrete is 34MPa and
tensile ambient strength is 3.4MPa. Mechanical properties of reinforcing steel are shown in Table 1. The
applied loading on the frame was constant throughout the analysis. Continuum plasticity based damage
model known as “concrete damaged plasticity” in ABAQUS is used to simulate the material nonlinearity
of concrete. This model takes into consideration of degradation of strength of the concrete under both
compression and tension. It assumes that the two main failure mechanisms are tensile cracking and
compressive crushing of the concrete material and that the uniaxial tensile and compressive response of
concrete is characterized by damaged plasticity [10]. The analysis is implemented using implicit
integration (ABAQUS/Standard) which more computationally efficient and reliable for highly nonlinear
problems than explicit dynamics (ABAQUS/Explicit), however it is also more difficult to obtain
convergent results using this approach.
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(a)

(b)

Figure 1: 2D (a) and 3D (b) finite element models using ABAQUS
Table 1. Mechanical properties of reinforcing steel

Diameter of
reinforcing
steel (mm)
8
10
16
20

Yield
stress
(MPa)
551
447
420
449

Ultimate
Stress
(MPa)
643
538
541
568

Yield Strain
(mm/mm)
0.0047
0.0042
0.0023
0.0021

Ultimate
Strain
(mm/mm)
0.207
0.196
0.1389
0.1458

Elongation
(%)
20.7
19.6
16.9
14.6

Young’s
Modulus
(x105 MPa)
2.14
2.13
2.03
2.1

OpenSees models
OpenSees is an open source object oriented software framework developed at UC Berekeley and
currently supported by PEER and Nees. It has been further developed by a team at the University of
Edinburgh to perform thermo-mechanical analyses. More details can be found in the reference [11].
The numerical model of the original frames is shown in Figure 2. Due to the simplification to the 2D
frame, the slab and roof beams are considered as one structural member (see Section 1-1 in Figure 2).
Similarly, two lower beams are regarded as one beam (see Section 2-2 in Figure 2), and the cross section
of “the double column” is Section 3-3. Non-linear beam-column elements are used in the modelling. To
get sufficient precision in the calculation and to obtain values of displacement, deflection, stress and at
different sections, each frame member in the model is divided into many elements. This would also help
in comparing the deformed shapes of the model to the frame shape in the tests at various loading stages.

FIRE LOADING
The result of mock fire tests done in IIT, Roorkee, India is shows in Figure 3. The height was
measured from the plinth beam. Based on the temperature curve in Figure 3 (obtained from mock fire test
carried out in a compartment without the concrete frame), a heat transfer analysis was done using
ABAQUS in order to capture the distribution of the temperature in the element cross-section. The
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temperature distributions obtained were used in the thermo-mechanical analysis for the 2D and 3D
models using ABAQUS and OpenSees.

Figure 2. 2D frame model and member sections

Temperature profiles of fire compartment during mock test at different levels
above floor
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Figure 3. Temperatures curves from the mock test

RESULTS AND COMPARISON WITH TESTED DATA
Base Shear versus roof displacement curve (capacity curve)
The capacity curve is plotted to represent the first mode response of the building based on the
structural response to a seismic input predominantly in its fundamental mode of vibration. Incremental
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lateral loading in displacement control mode is applied until nonlinear static capacity curve is reached.
Target displacement at which seismic performance evaluation of the structure is to be performed can be
obtained from the capacity curve. The peak loads against corresponding displacement from hysteretic
curve of the test and 2D numerical modelling using ABAQUS and OpenSees are plotted in Figure 4.
Target displacement of 90mm corresponding to 2% drift ratio is chosen for further analysis.
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Figure 4. Base shear-roof plotted against roof displacement

Cyclic Analysis
Cyclic lateral loading was applied in the test to simulate the earthquake damage to the frame. Based
on the target displacement obtained from the capacity curve, the frame is loaded with horizontal cyclic
displacements at the slab level in negative and positive directions. The displacement history applied is
shown in Figure 5.
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Figure 5. Displacements history for cyclic loading analysis

Figure 7 shows the hysteresis curve obtained from tested frame after seven cycles of loading. The
cyclic loading in the test were applied in a quasi-static manner in load controlled mode. The peak load
was about 316 kN and 267kN corresponding to a 95mm displacement in one and 85mm displacement in
the other direction respectively. The residual displacement of the frame at end of the cyclic loading phase
was approximately 19mm (towards the left). Figure 7 shows hysteresis curves from the 2D and 3D
OpenSees models. The peak load from 2D model is 250kN corresponding to a displacement of 90mm and
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the peak load from the 3D model is 350kN corresponding to a displacement of 90mm. Permanent residual
displacements of approximately 15mm are predicted by both OpenSees models.
Figure 8 (a) shows the hysteresis curve obtained from ABAQUS for 2D model. The peak load is
approximately 350kN and the permanent residual displacement is 44mm. The hysteresis curve of 3D shell
element model is shows in Figure 8 (b). The peak load from the analysis is 230kN is lower than obtained
in 2D beam element model and the permanent residual displacement is 38mm. Pinching behaviour due to
bonding effects is not considered in both 2D and 3D ABAQUS model.
Load-displacement plot of full scale RC frame
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Figure 6. Hysteresis curve tested frame
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Result of thermo-mechanical analysis
After simulating damage from cyclic loading the frame was subjected to a 1 hour compartment fire with a
fixed ventilation opening [5]. A maximum displacement of 46mm at the middle of slab was recorded. The
3D OpenSees model showed maximum slab vertical displacement of 23mm as shows in Figure 9. The
horizontal displacement of the columns as a result of the fire (starting from the point of permanent
residual displacement) predicted by the 2D and 3D OpenSees models are shown in Figure 10. There is a
mismatch in these results as the 2D model suggests a small recovery in the residual displacement but this
is absent in the 3D model, which corresponds better with the test where no such recovery was recorded.
Figures 11 and 12 show the horizontal displacement of the column along the height of the columns
from 2D and 3D models using ABAQUS. The height is measured from the plinth beam. The both
columns appear to stiffen under the heating and the residual displacement seems to recover slightly.
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Figure 9. Vertical displacement of the slab from 3D OpenSees model
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Figure 11. Horizontal displacement of the column along the height (ABAQUS 2D model)
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DISCUSION AND CONCLUSION
2D and 3D analyses of a damaged reinforced frame subjected to fire carried out using ABAQUS and
OpenSees has been presented and compared with selected test results. Temperature distributions obtained
from a heat transfer analysis (based on a mock compartment fire) are used as an input (applied at
integration points of the elements).
The tested frame was reported to withstand the mechanical damage and subsequent fire without
collapse. The observed capacity curve using ABAQUS and OpenSees predicted the test reasonably in
terms of peak load and the target displacement, however there were some large differences between
models. A permanent residual displacement in the tested frame of approximately 20mm after the cyclic
loading phase seems to agree well with the OpenSees predictions, suggesting that the simulated damage
was modelled reasonably well. The residual displacements from ABAQUS models showed much larger
values than the test results. The phenomenon of ‘pinching’ during cyclic loading was clearly observed in
the test results. The OpenSees model using a “pinching material” and could capture this effect in the
analysis, it was not possible to capture it in the ABAQUS model. Considerable differences were observed
between individual models and the test and work is going on to understand the reasons for these
differences which should help understand the behaviour of earthquake damaged RC frames subjected to a
subsequent fire.
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Abstract. This paper presents analytical approach for predicting the structural behavior of concrete
filled steel tube (CFT) columns in fire. Material properties at elevated temperatures were evaluated and
numerical models were developed for heat transfer and stress analysis. The proposed analysis model was
verified against experimental data. The influence of the material properties on the structural behavior of
CFT columns in fire were studied and discussed.

1 INTRODUCTION
Concrete-filled steel tube (CFT) columns consisted of a steel tube and concrete infill combine the
benefits of the two materials. That is the steel tube works as formwork and provides confining pressure to
the concrete infill, and the concrete infill delays local buckling of the steel tube. Also in fire condition,
due to the presence of concrete infill, CFT columns show more efficient fire resistance compared to the
steel columns even though without external fire protection. However, the structural behaviour of CFT
columns in fire condition is more complex than at ambient temperature. Material properties such as
stiffness, strength and expansion of the steel and concrete are changed depending on the temperature with
different rate.
Many tests were performed to investigate the structural behavior of CFT columns exposed to fire [e.g.
1-3]. However, because of the fire test was conducted in furnace, it had difficulties in monitoring and
measuring of the specimen during the test. Therefore, in order to represent or further analyze the test
results, numerical models that can simulate the material properties and stress distribution between the
steel and concrete are more importantly needed in fire test.
In this study, material models established in design codes [4, 5] and manual [6] were compared to the
test results conducted in Korea [7-9]. Based on the Eurocode model, three-dimensional finite-element
model for CFT column was developed and heat transfer and nonlinear thermal stress analysis were
performed using ABAQUS [10]. The proposed analysis model was verified against experimental data
performed in Korea. The influence of the material properties on the structural behavior of CFT columns
were studied and discussed.

2 MATERIAL MODEL
Thermal, mechanical and deformation properties of steel and concrete vary with temperature and
these properties also influenced by the phase changes occurred in high temperatures. In addition, concrete
is a composite material produced by aggregate, cement, and water. Also, the type of aggregate that
occupies 60-80% of its volume can have an important role on the thermal properties of concrete.
Therefore, in order to accurately predict fire behavior of CFT columns, the material thermal properties
should be evaluated in advance.
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In Korea, extensive research project has been performed to establish material model database at
elevated temperatures [7-9]. These test data was compiled and compared with the material thermal
property models provided by the design codes such as Eurocode [4], AISC [5] and ASCE manual [6].
2.1 Structural steel
The thermal properties that required to calculate the temperature of steel tube are thermal
conductivity and specific heat. Figure 1 shows test data (Lee et al. [7]) on thermal conductivity and
specific heat of steel as a function of temperature, respectively. Relationships between design codes
(Eurocode 2 [4] and ASCE manual [6]) and test data also compared in Figure 1. In thermal conductivity,
measured data of SM520 (Korean standard, nominal yield strength Fy = 365MPa) and SM570 (Fy =
460MPa) were less than design models below 600C. However, in thermal conductivity, there is little
variation between measure data and design models. The increase in specific heat around 735C is due to
the phase change that occurs in steel in which the atoms transition from a face centered cubic to a body
centered cubic structure.

(a) Thermal conductivity

(b) Specific heat

Figure 1. Comparison of test data and design models: thermal properties of steel

In order to obtain strength properties of steel at elevated temperatures, test is generally conducted in
two ways: steady-state and transient-state tests. In steady-state tests, the test specimen is heated to a
specific temperature and then a tensile test is carried out. Stress-strain values are recorded under constant
temperature. On the contrary, in transient-state tests, the test specimen is subjected to a constant load and
then exposed to uniformly increasing temperature. Generally, the transient-state tests are more close to
the fire condition, however, the steady-state tests are easier to obtain stress-strain values at elevated
temperatures and therefore many tests are conducted using this method including the test conducted by
Lee et al. [7].
Figures 2(a-c) show the yield strength and stiffness reduction factors for steel as a function of
temperature, respectively. In Eurocode and AISC models, the yield strength is defined as a strength at 2%
strain and the curve is transited from the elastic to the plastic range after the proportion limit. However,
in ASCE model, yield point is defined as the strength at 0.2% offset strain. As shown in Figures 2(a and
b), the yield strength is decreased as temperature increase and the variation of the test data does not
significant. Regardless of the definition of the yield strength, test data is well agreed with code provided
models. Also, the same result is obtained in the elastic modulus of steel at elevated temperatures.
Figure 2(d) shows the thermal strain of steel at elevated temperatures. According to the test data and
design model, the thermal strain is increased with temperature up to nearly 750C and then it becomes
nearly constant up to 860C, after this point it starts to increase again. This is because, as mentioned
before, a phase change takes place around 735C.
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(a) Yield strength (2% strain)

(b) Yield strength (0.2% offset strain)

(c) Elastic modulus

(d) Thermal strain

Figure 2. Comparison of test data and design models: mechanical properties of steel

2.2 Normal strength concrete
The thermal properties and strength of concrete at elevated temperatures were also presented and
compared with existing design models. These test data included thermal conductivity, specific heat,
compressive strength, and thermal strain of plain concrete made of siliceous aggregate produced in Korea
(Lee et al. [7], Kim et al. [8] and Kim et al. [9]). In this study, the normal-strength concrete, characteristic
compressive cylinder strength (fck) lower than 50MPa, was compiled and compared with appropriate
design model.
Figure 3(a) shows the thermal conductivity of concrete as a function of temperature. Measured
thermal conductivity of siliceous aggregate concrete decreased with an increase in temperature. However,
test data is higher than design models. The specific heat of siliceous aggregate concrete at elevated
temperatures is shown in Figure 3(b). Because of the temperature interval is more than 100C, a peak of
specific heat does not presented in this figure and test data is less than design models. In the Eurocode
model, the increase of specific heat from 100C to 200C is to consider the evaporation of free water
from the cement paste. In the ASCE model, the increase of specific heat above 500C is likely caused by
the dissociation of the dolomite in the carbonate concrete (Kodur and Sultan [11]).
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(a) Thermal conductivity

(b) Specific heat

Figure 3. Comparison of test data and design models: thermal properties of concrete

Figures 4(a-c) show compressive strength of silicate aggregate concrete at elevated temperatures.
Generally, three different test methods: (1) stressed, (2) unstressed, and (3) unstressed residual test
method were used to evaluate mechanical properties of concrete at high temperatures. (1) In the stressed
test, specimen was preloaded with 20 to 40 percent of its room-temperature compressive strength (f’c,20C)
and loaded to failure when the steady-state temperature is reached at the target temperature. (2) In the
unstressed test, the specimen was heated up to the target temperature without preload and loaded to
failure. (3) In the unstressed residual test, specimen was loaded to failure at room temperature after
exposed to target temperature. Table 1 presents summary of test programs compiled in this paper.
Table 1. Summary of test method and test specimens

Researcher

Test method
(preload, %)

Specimen
(mm)

Lee et al.
(2004)

Stressed(30)
Unstressed
Unstressed
residual

Ż100ǭ
200

Kim et al.
(2010)

Unstressed
Unstressed
residual
Stressed(20, 40)
Unstressed

Kim et al.
(2011)

Compressive
strength (MPa)
fck
f’c,20°C

Watercement
ratio (%)

Heating
rate
(C/min)
ISO curve

30

32

52

50

50

32

Ż100ǭ
200

40

45

35

50

51

30

Ż100ǭ
200

27

30

55

40

48

42

ISO curve

1

Figures 4(a-c) show compressive strength reduction factors of the compiled tests data in Table 1 and
comparison with the design models. In general, the compressive strength of concrete was decreased as the
temperature increased. At 100C, compressive strength was decreased 27% in stressed test and 30% in
unstressed test. However, in unstressed residual test, compressive strength loss was 6% at 100C. That is,
strength loss at 100C can be recovered after cooling. Also, as the temperature increased to 200C and
300C, compressive strength was recovered and some data exceeded its room-temperature strength due to
hydration of the calcium silicate hydrate (CSH) caused by evaporation of free water and low heating rate.
Above 300C, compressive strength was decreased again and it was not recovered.
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Figure 4(d) shows measured thermal strain data compared with design models. As shown in this
figure, variation of the thermal strain at elevated temperatures was similar to that specified in Eurocode 2.
However, the thermal strain was about 30% less than that of Eurocode 2 model for siliceous aggregate.

(a) Compressive strength: stressed test

(b) Compressive strength: unstressed test

(c) Compressive strength: unstressed residual test

(d) Thermal strain

Figure 4. Comparison of test data and design models: Mechanical properties of concrete

3 FINITE ELEMENT ANALYSIS
In order to investigate the effect of thermal and mechanical properties on the fire resistance of CFT
column, nonlinear finite-element analysis was performed using ABAQUS [10]. Three-dimensional finiteelement model for CFT column was developed and heat transfer analysis and nonlinear thermal stress
analysis were conducted. The analysis models were verified against experiment on CFT columns at
elevated temperatures (Chung et al. [12]).
3.1 Heat transfer analysis
For heat transfer analysis, four-node shell heat transfer (DS4) elements were used for steel tube and
eight-node continuum heat transfer (DC3D8) elements were used for concrete infill [See Figure 5]. The
thermal boundary conditions were defined according to the recommendations in Eurocode 1 [13]. That is,
the coefficient of heat transfer by convection of 25 W/m2C were used and for the radiant boundary
condition, the resultant emissivity was taken as 0.8. The column is assumed to be exposed to fire all
surfaces and when it is exposed to fire, an air gap may develop at the interface between the steel tube and
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the concrete infill. Therefore, the thermal conductivity between the steel tube and concrete infill was
taken as 100 W/m2C (Ding and Wang [14]).
The thermal material properties required to heat transfer analysis are thermal conductivity, specific
heat, and density. These thermal material properties of steel tube and concrete infill are adopted basically
from the Eurocode 4. The moisture content of the CFT column is assumed to be 10% according to
Eurocode 4.
3.2 Stress analysis
By assuming that the stress analysis was uncoupled from the heat transfer analysis, nonlinear stress
analysis was performed sequentially using ABAQUS. The temperatures calculated in the heat transfer
analysis were read as a input of stress analysis. In order to read the temperature data of each node, the
mesh on the cross-section of the column in the stress analysis model was kept the same as the mesh in the
heat transfer analysis model.
Three-dimensional models were used to predict the structural behavior of CFT column at elevated
temperatures. The steel tube and concrete infill were modelled using four-node shell (S4R) elements and
eight-node continuum (C3D8R) elements, respectively. The concrete damaged plasticity model
implemented in ABAQUS was used to define a yield function of concrete infill. To simulate the interface
action between the steel tube and concrete infill, general contact model in ABAQUS was used. In the
general contact model, the contact pressure, acting on the respective surfaces, was calculated by the hard
contact model in ABAQUS. Also, the frictional stress occurred in the direction tangential to the contact
surface was expressed by the Column friction model and the friction coefficient taken as 0.2 (Ding and
Wang [14]).
The temperature dependent mechanical properties recommended in Eurocode 4 were used in the
stress analysis. In the Eurocode 4 model, creep behavior of steel and concrete are implicitly considered in
their stress-strain relationships at elevated temperatures (Kodur et al. [15] and Gernay and Franssen [16]).
The initial imperfection was included to predict overall buckling of the column. The first buckling
mode shape was obtained by conducting eigenvalue analysis of the finite-element model subjected to
axial loading. According to Hong and Varma [17], the initial imperfection value of L/6500 was used (L =
length of column).
3.3 Verification of analysis models
The effect of different thermal and mechanical material models on fire resistance predictions was
investigated through fire resistance analysis on CFT columns tested by Chung et al. [12]. The elevation
and dimensions of the test specimens are shown in Table 2 and Figure 5. The length of the column was 3
m including 50 mm thick end plate located at the top and bottom of the column. For specimen C-N, the
diameter of the steel tube was 406.4 mm and the thickness was 9 mm. The measured yield strength (fy) of
steel tube was 311 MPa, and the tensile strength (fu) was 490 MPa on average. For specimen S-N, the
dimension of the steel tube was ǹ-360Ƿ360 mm and the thickness was 9 mm. The measured yield
strength (fy) of steel tube was 363 MPa, and the tensile strength (fu) was 490 MPa on average. The
measured value of 28-day cylinder compressive strength of concrete infill was 36 MPa on average. The
concrete mix properties used in this test was presented in Table 3.
Table 2. CFT column specimen detail (Chung et al. 2011)

Specimen

Dimension
(mm)

Length
(mm)

C-N

Ż-406.4

3000

9

S-N

ǹ360Ƿ360

3000

9

Steel tube
fy
(MPa)

t
(mm)

494

fu
(Mpa)

Concrete
f’c
(MPa)

Axial
load
(kN)

311

490

36.1

1689

363

490

36.1

1670
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Table 3. Mix properties of concrete

Water-Cement
ratio (W/C, %)

Sand-aggregate
ratio (S/a, %)

Water
(kg/m3)

Cement
(kg/m3)

Sand
(kg/m3)

Aggregate
(kg/m3)

27

44

147

545

720

900

Figure 5. Analysis model of CFT columns

The test was conducted by exposing the CFT columns to fire in a furnace located in Korea. Both
columns had pin-ended boundary condition. Constant axial load was applied before the fire test started
and maintained until it was stabilized. Applied axial load was 1689 and 1670 kN for specimen C-N and
S-N, respectively. The temperature of the furnace was controlled according to ISO-834 [18] standard
temperature-time curve defined by
T

345 log 10 8t  1  20

(1)

where, T = furnace temperature (C) and t = fire time (min).
Figure 6 shows heat transfer analysis results and measured temperatures at the steel tube and concrete
infills at different points. The analysis model predicted the temperatures of the specimens with a
reasonable precision. The predicted temperatures of concrete infill were slight less than measured
temperatures. This is partly due to the differences of material thermal properties and moisture contents of
the concrete infill. However, the analysis results show that the material thermal properties specified in
Eurocode 4 can be used to simulate heat transfer behavior of CFT columns.

Figure 6. Heat transfer analysis results
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Figure 7 compares the numerically predicted axial displacement-time relationship with those
measured experimentally. These comparisons indicate that the analysis models predict the hightemperature behavior for the column specimens reasonably but with some discrepancies in failure time.
Analysis results show that, as the specimen was directly exposed to fire, the temperature on the steel tube
was more rapidly increased (See Figure 6) and started to expand longitudinally. Therefore, a greater
portion of axial load was resisted by the steel tube but the yield strength of the steel tube was gradually
decreased with the temperature increased. Finally, the steel tube was yielded or buckled, and then the
load was transferred to the concrete. After that, the deformation is dominated by the softening behavior
of concrete. As the temperature increased in the concrete, the strength of concrete was also decreased and
no longer support the axial load applied to the column.

Figure 7. Stress analysis results

The measured thermal expansion and compressive strength of concrete at elevated temperatures were
lower than the values specified in Eurocode (See Figure 4). Therefore, modified analysis model was
applied during the analysis. That is, the thermal expansion coefficient was decreased by 30% and the
compressive strength reduction factor was decreased according to the stressed test result [Figure 4(a)].
The modified thermal expansion coefficient and strength reduction factor are presented in Table 4.
The modified analysis model shows more favourable result compared to the Eurocode 4 model. The
more rapid decrease of axial displacement in Eurocode 4 model was related to the differenced in thermal
expansion of concrete with variation of temperature. The large thermal expansion in the surface of
concrete cause stress concentration where the stiffness was decreased due to the high temperature. In the
specimen S-C, analysis model did not converged after steel tube was buckled.
Table 4. Mechanical properties used in modified model

Temperature
(C)
20
100
200
300
400
500
600
700
800
900

Thermal expansion coefficient
(Ƿ10-6C-1)
6.50
6.50
7.02
7.85
9.01
1.05
1.23
1.44
1.26
1.11
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Strength reduction factor
1.00
0.75
0.95
1.00
0.90
0.75
0.55
0.40
0.20
0.10
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4 CONCLUSIONS
In order to investigate the structural behavior of CFT columns exposed to fire, material properties at
elevated temperatures were evaluated. The thermal properties required to calculate the temperature of
CFT column were thermal conductivity and specific heat. Also, the yield strength, stiffness, and thermal
expansion of the steel and concrete were requested to simulate strength degradation at the elevated
temperature.
Using the compiled test data performed in Korea, these material thermal properties were compared
with design code [4, 5] and manual [6]. The thermal and mechanical properties of steel were well agreed
with design models except the thermal conductivity. Measured thermal conductivity was slightly less
than that of design model below 600 C. Thermal and mechanical properties of concrete were highly
influenced by the type of aggregate. According to the test results using siliceous aggregate used in Korea,
thermal conductivity was slightly higher than that of design models and specific heat was slightly less
than that of design models. The compressive strength of concrete was suddenly decreased at 100 C and
recovered as the temperature increased to 200 C and 300 C. The thermal expansion of concrete was
about 30% less than the value specified in Eurocode.
Based on the Eurocode thermal material model, three-dimensional finite element model for CFT
column was developed using ABAQUS. Heat transfer and nonlinear thermal stress analysis were
conducted and verified against CFT column fire test results. Comparison between the analysis and test
results showed that the analysis model predict the temperature of steel tube and concrete with reasonable
precision. Also, the analysis model simulate high-temperature behavior for the column specimens
reasonably. When the thermal expansion coefficient and strength reduction factor were modified, more
favourable results could be obtained.
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Abstract. An effective numerical procedure for progressive collapse has been developed. Combined with
the parallel development of a component-based connection finite element model, it has been shown to be
an effective tool to track the structural behaviour in fire from the static stable phase, through progressive
failure of components in connections and complete detachment of members, to total collapse of the frame.
This type of procedure, which is capable of simulating progressive collapse, is necessary for
performance-based structural design which includes structural robustness assessment. A study, based on
a simplified connection model, on the influence of connection ductility on the structural resistance to
progressive collapse, has been carried out. This has provided initial information on how the designed-in
ductility of connections, in tension, compression and rotation, affects the robustness of structures in fire.

1 INTRODUCTION
It is traditionally assumed that beam-to-column connections have sufficient fire resistance, because of
their cooler temperatures and slower rate of heating than the members to which they are attached.
However, the full-scale fire tests at Cardington in the 1990s showed that the connections are more
vulnerable than has conventionally been assumed in fire, because the forces and deformations to which
they are subjected during a fire are significantly different from those assumed in design. The internal
forces in connections change from moment and shear at ambient temperature to moment, shear and
compression due to thermal restraint in the initial stages of a fire, and finally, to shear and tension in the
later catenary action stage. These conditions demand that connections possess high ductility to retain their
robustness. The variation of internal forces is so extreme in the course of a fire that numerical models are
needed to investigate the detailed behaviour of connections, and the component-based method gives a
practical way of doing this. A component-based connection model is one in which the connection is
represented by an assembly of individual components with known mechanical properties. This
methodology has been developed by many researchers [1-3], and has been validated as an acceptable
representation of the key behaviour of some connection types in fire [4-8]. Because of the nature of
conventional quasi-static analysis, it can only trace the behaviour of a connection up to the point where its
first component fails. A connection may either be able to regain its capacity after the initial fracture of a
component, or the first failure may trigger a cascade of failures of other components, leading to complete
detachment of the members. This possibility should be considered in performance-based design when a
structure is being tested for robustness. If members are to avoid the possibility of becoming detached at
connections, this numerical modelling must be capable of predicting the sequence of failures of
components, rather than simply their first loss of stability. A numerical procedure, in which the whole
behaviour, from first instability to total collapse, can be modelled effectively, has been developed in
Vulcan.
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After a member has completely detached at its connections, the load-paths within the remaining frame
will be totally changed. The effective lengths of vertical support members may be changed by the loss of
restraint from the detached beams. These effects are important for structural robustness assessment. In
order to model them in a single analytical run a numerical procedure, illustrated in Fig. 1, in which the
whole behaviour from first instability to total collapse can be modelled effectively, has been developed in
Vulcan. Combined with the parallel development of general component-based connection finite elements,
this procedure can effectively trace the behaviour of connections, from the initial fracture of a component,
via the failure of successive bolt-rows, to final detachment from the column. Furthermore, the analysis
can then continue to trace the movements of detached beams and the load-sharing mechanisms in other
members which still maintain their integrity with surrounding structure, until the total collapse happens.
In this paper, this procedure is described in detail, and its capability is illustrated by a robustness
analysis of a steel frame. The influence of the ductility of connections on the behaviour of steel beams is
studied by using this developed procedure with simplified connection models.
Read In Model

Yes

Static Analysis with Changing
Temperature
No
Numerical Singularity?
Yes
Explicit Dynamic Procedure

Progressive failure of components

Re-stabilized?
Yes

No
Connection detachment from members

Motion of Beams
No
Delete the falling beam?

Re-stabilized?

Yes

Figure 1. Flowchart of developed procedure modelling failure of connections

2 DEVELOPMENT OF NUMERICAL PROCEDURE
The model combines alternate static and dynamic analyses, attempting to use both to best advantage.
Static analysis is used to trace the behaviour of the structure at changing temperature until an instability
happens; beyond this point an explicit dynamic procedure is activated to track the motion of the system
until stability is regained. This tool has been comprehensively validated against practical cases, and has
been used to carry out several scenario-based robustness analyses in fire [9-10].
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It is believed that this procedure, combined with the parallel development of general componentbased connection elements, is able to trace the connection behaviour, from the initial fracture of a
component, via the failure of successive bolt-rows, to final detachment from the column. Based on this
expectation, a numerical package has been developed aiming to simulate the structural behaviour from
static equilibrium, through progressive failures, to the total collapse of the frame. The developed package
is based on the framework of the recently developed static-dynamic version of Vulcan. Some new
features, shown in the dotted box in Fig.1, have been added to model the progressive failure of
connections and the motion of beams after their complete detachment from columns.

Force

2.1 Component-based connection model
The component-based connection model, which has been developed by one of the authors [11], is
used to simulate the connections between beams and columns in this study. A joint is divided into a
collection of key components, whose behaviour is characterised as that of nonlinear springs. Its essential
properties, including temperature variation, physical connection details and unloading characteristics, are
taken into account in assigning properties to its components. Therefore, individual components are
capable of dealing with loading-unloading-reloading cycles, and changing temperature. Fig.2 shows a
typical layout of an endplate connection component assembly. The connection element has two nodes
which connect to the beam and column respectively, and internally consists of several tension bolt rows
and two compression spring rows. A tension bolt row is characterised by an effective spring composed of
a group of springs in series, representing the endplate in bending, a bolt in tension and the column flange
in bending. The maximum resistance of a bolt row is defined by the weakest spring in its series. The
detail of the component-based connection model can be found in [11].

‘Residual’
compressio

Tension part

Bolt plastic
deformation part
Displacement
Compression part
Column flange and endplate
Contact in the central line

Figure 2. Layout of component-based model and typical bolt-row force-displacement curve

2.2 Dynamic modelling of failure process in connection
The static analysis will terminate due to the numerical singularity induced by the failure of a
component in the connection. At this point, the dynamic analysis is initiated. The general equation of
motion is as follows:
Mu  Cu  F (u )

Q(t )

(1)

in which M is the mass matrix, C is damping matrix, F (u ) is the internal force vector and Q(t )
is the external force vector; t , u , u and u are time, displacement, velocity and acceleration vectors,
respectively.
The progressive failure of a connection is a discontinuous process. In the component-based model
adopted, the components vanish after failure, which means that the strength and stiffness of failed
components drops to zero instantaneously. This will induce numerical singularity into a static analysis. In
this case, the dynamic procedure is initiated to continue the analysis. If the force shed by failed
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components can be redistributed among other components in a connection without inducing the failure of
the whole connection, the static analysis will be re-activated as the temperature rises.

3 ILLUSTRATION OF DEVELOPED PACKAGE

UC 254x254x73
UDL=25KN/m
UB 305x127x48
3.6m

6m
Fig. 3 the studied frame with end-plate connections

In order to demonstrate the capacity of the procedure, a progressive collapse analysis of a plane frame
with two storeys and two spans is carried out. The dimensions of the studied frame are shown in Fig. 3.
The cross sections of columns and beams in the frame are UC 254x254x73 and UB 305x127x48
respectively. The uniformly distributed load on the beams is 25kN/m. It is assumed that the fire occurs in
the right-hand side bay of the lower storey and the members in the dotted box are heated by a standard
fire. The component-based connection element described above is used for the beam-column connections
in this model. These each consist of five tension bolt rows, each of which has three components including
those for the end-plate, bolt and column flange, and two compression bolt rows.
In fact the analysis depicted in Fig. 4 carries on beyond connection fracture, until final structural
collapse occurs due to column buckling at a higher temperature. It is clearly illustrated that the developed
procedure is efficient not only in tracing the progressive failure of the connections; it also simulates the
structural behaviour beyond connection fracture until final structural collapse.
800
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700

700

600

600

500 Component fracture

500

0

Displacement (mm)
200
600
400

1000

800

Displacement of top of column C1

Temperature (eC)
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(b)

400
Top bolt row
Second bolt row
Third bolt row
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300
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J1
C1

Beam end rotation at J1
400

(a)

300

J1
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100

100

C1
0
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Forces in Component (KN)

120

0

0
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0.15 0.2 0.25 0.3
Rotation (rad)

0.35 0.4
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Figure 4: Progressive failure of connection with elevated temperature.
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4 DUCTILITY DEMAND OF CONNECTION
It is difficult to evaluate the ductility of a complex connection in accurate way, since it is determined
and limited by so many components. In this study a simplified connection model, which consists of four
rows of springs is adopted to simulate the beam-column connections; it has top tension and compression
springs, and bottom tension and compression springs. Using the developed procedure, a study of the
ductility demand of the connections in fire is carried out, based on this simplified connection model. The
main aim is to understand in general terms the ways in which designing connections specifically for
ductility could influence a structure’s resistance to progressive collapse. The simplified model is
relatively straightforward as a way of defining the rotational and axial ductility properties of a connection,
and it is possible to reflect these ductilities in generic terms rather than by modelling a real connection in
detail. The ductilities of each bolt row are defined in two parts; compressive ductility and tensile
ductility. In this study, it is assumed that a bolt row fails after its tensile displacement exceeds the tension
ductility limit, but the stiffness of a bolt row becomes infinite after its compressive displacement exceeds
the compressive ductility limit.
A beam with connections at both ends, heated by fire, as shown as Fig. 5, is chosen as the basic
model. Different factors, including the depth/span ratio of the beam and the tensile and compressive
ductilities of the connections, have been investigated. Their effects on the structural robustness of the
beam are studied.
Compression Row 1
Tension Row 1

Tension Row 2
Compression Row 2
Fig. 5 Tested beam and characteristics of the connection

4.1 Stiffness, Strength and Ductility
Table 1. Summary of results with different stiffness, strength and ductility

Ductility Index= Ultimate Deformation/Depth of Connection

Case
1
2
3
4
5
6

Stiffness
(N/mm)
50000
50000
50000
50000
100000
100000

Strength
(N)
100000
100000
200000
200000
100000
100000

Tensile
Ductility
Index
0.02
0.1
0.02
0.1
0.02
0.1

Compressive
Ductility
Index
0.02
0.1
0.02
0.1
0.02
0.1

Failure
Temperature
(°C)
623
649
643
679
623
651

Three key properties (initial stiffness, strength and ductility) are considered in the design of
connections at ambient temperature. In robustness assessment, the failure of a connection is more
important than its initial moment-rotation behaviour. In these terms, the ductilities of connections prevent
them from completely detaching the connected members, by providing enough deformation capacity
before components fracture. In order to test which are the key parameters to increase the robustness of
connections, several analyses are carried out, all based on the basic model above with different
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connections. Table 1 shows the properties defined for the different connections, and the failure
temperatures at which the members completely detached at their connections. It is indicated that
connections with different stiffnesses, but same strengths and ductilities, generate very similar failure
temperatures. The initial stiffness of a connection does not play an important role in enhancing its
robustness, which is mostly related to the fracture of its components and breakage of the connection. On
the other hand, the strengths and ductilities of components in a connection have much more influence on
its failure temperature. Higher strength and higher ductility can retain the robustness of a connection for a
longer period in a fire, increasing its failure temperature. This is because the strength and ductility of a
component directly reflect the point at which the component steps into plasticity and its deformation
capacity. These are the key factors for connections to retain their integrity in fire. Since this study is
concerned with the influence of ductility on resistance to progressive collapse in fire, all following case
studies focus solely on how the change of ductility in connections, rather than strength, affects the
behaviour of the supported beams.
4.2 Depth:Span Ratio
All beams are selected as 514×356×17UB and the connections’ depth is selected as 500mm. The
depth of connections: span of beams (D:S) ratio is varied by adjusting the beam length. All beams are
assumed to be straight and prismatic. Neither local nor lateral-torsional buckling is considered in the FEM
formulations.
With temperature rising, the general behaviour of beams can be categorised into three stages. In the
first stage thermal expansion dominates, and therefore the compression force increases in restrained
beams. In the second stage the degradation of material dominates, so that the displacement at mid-span
increases. In the third stage, the displacement becomes large enough for catenary action to be activated.
The axial resultant forces in beams become catenary tension.
200

0

0

Buckling of the beam

-0.04

-200

Normal Force(KN)

Normalised Displacement(D/L)

-0.02

-0.06
-0.08

9m

-0.1

18m

Top compression
spring unloading

-400
-600

9M
18M

-800

-0.12

-1000
-0.14

-1200

Buckling of the beam

-0.16

-1400
-0.18

0
0

100

200

300

400

500

600

700

100

200

300

400

500

600

700

Temperature(°C)

Temperature(°C)

(b)

(a)

Fig. 6 Mid-span displacement and axial force in connection against temperature: (a) Mid-span displacement of beam;
(b) Normal force in connection

Fig. 6 shows the mid-span displacements of beams and the normal forces in connections, plotted
against temperature. In the first stage, the compressive forces in connections to longer beams are
obviously larger than those in connections to shorter beams. That is because longer beams experience
larger thermal expansion, which can push the connection against the column flange. This brings two
negative effects: firstly, the larger compression force can push columns, especially those on the edge of
the building, outwards and therefore reduce their buckling capacities somewhat; secondly, the larger
compression force can induce buckling of the beam, which can be observed in Fig. 6. The model used is
two-dimensional, so the beam buckles here with respect to its major axis; in reality, either minor-axis or
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lateral-torsional buckling would be induced beforehand. Slender beams require higher compressive
ductility in connections to retain their stability.
The high-temperature catenary tension shows that the lengths of beams have little influence on the
tensile normal forces in the connections. That is because in the catenary action stage the tensile force
dominates is dependent on the transverse load carried and the deflection magnitude.
4.3 Compressive Ductility
Part.4.2 indicates that longer beams require more compressive ductility to retain their stability. Beams
with different D:S ratios are now tested with connections of different compressive ductility. The
ductilities for different cases are listed in Table. 2. Table 2 also shows the rotation capacities of the
connections and the failure temperature of each case.
Table 2. Results for cases with different compressive ductilities

Ductility Index= Ultimate Deformation/Depth of Connection
Rotation
Failure
Capacity
Temperature
Compressive
(rad)
(°C)
Beam Section
Depth:span
ductility (Cp)
0.04
.6068
679
0.06
.6099
679
UB 533x210x122
1:18
0.10
.6099
679
0.16
.6099
679
0.04
.4497
687
0.06
.4584
687
UB 533x210x122
1:36
0.10
.4659
689
0.16
.4647
689
Fig. 7 shows the displacement at the beam mid-span and the normal force in its connections, against
temperature. It is indicated that longer beams require more compressive ductility to prevent their
connections pushing against the column face, and thus to prevent them buckling. This phenomenon has
been described in Part 4.2; it is shown in Fig. 7 that the maximum compression forces in connections
decrease as their compressive ductilities increase. After some point, the compression force is no longer
affected by the change of compressive ductility. This is because, with enough compressive ductility, the
connections allow the beam ends move towards the column flange without contacting it. It is also
indicated that the failure temperature of a beams is not very sensitive to the compressive ductility of its
connections, since the final failure of connections is actually tensile.
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Fig.7 The mid-span displacement of beams and the normal forces in connections: (a),(b) for beams with D:S ratio 18;
(c),(d) for beams with D:S ratio 36.

4.3 Tensile Ductility
Tensile ductilities of connections affect the behaviour of beams under fire conditions. Catenary force
reduces with the movement at the ends of the beams, some of which can be allowed by the connections.
Beams with connections which have different tensile ductilities are now tested. Table 3 shows the failure
temperatures and final rotation capacities of connections in different cases. It can be seen that tensile
ductility dominates the failure of connections at the beam ends. High tensile ductility can even prevent
the connection detaching from the column at high temperature, and also allows the connections to have
large rotations.
Fig. 8 shows the beam displacement at mid-span and the normal connection force against temperature
for the longer beams, from which it can be seen that the catenary force decreases as the deflection and
temperature increase. If the tensile ductility of the connections is sufficient, the collapse of beams can be
avoided.
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Table 3. Results for cases with different tensile ductility
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Ductility Index= Ultimate Deformation/Depth of Connection
Tensile
Rotation
Failure
Capacity
Temperature
ductility(Tp)
(rad)
(°C)
Beam Section
Depth:span
0.2
.6099
679
UB 533x210x122
1:18
0.4
.9530
735
0.6
------0.2
.4659
689
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1:36
0.4
.7089
739
0.6
-------
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Fig. 8 Mid-span beam displacement and axial force in connection against temperature: (a) Mid-span displacement of
beam; (b) Normal force in connection

5 CONCLUSION
A procedure to simulate the progressive failure of connections and frames has been developed. It has
been shown that the behaviour of a structural frame can be modelled throughout the duration of a fire
with the combined static/dynamic solution process, so that transient failures of parts of connections do not
terminate the analysis, and re-stabilization can be identified if it occurs. This kind of analysis will be
necessary in future for true performance-based analytical design of framed buildings against fire.
The ductile design of connections is important for enhancement of structural robustness, since it
relates to the deformation capacity of connections. In order to test the influence of ductilities of
connections on the structural behaviour of beams under fire conditions, parametric studies using a
simplified connection model have indicated that the compressive ductility of connections is helpful by
reducing the push-out of perimeter columns, and by reducing the possibility of buckling of beams,
especially for those with long spans. Tensile ductility contributes more to avoiding total connection
failure and enhancing their rotation capacity, by reducing the catenary force necessary for beams to carry
their loads at high temperatures.
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Abstract. The paper describes the development of numerical model to simulate the impact of high
temperature on conventional concrete under chemoplastic framework. The model is based on new
formulation of a constitutive law with new chemoplastic potential. By overlaying the chemoplastic
potential on the modified Etse and Willam yielding surface, both defined on the Haigh-Westergaard
coordinates, it was found that the two curves do not undergo similar stress state at the same strength
parameter. For an adequate evaluation of normal vectors, each surface is forced to go through the
current stress state. Keeping the loading surface unchanged, the plastic potential calculation need to be
modified. The proposed constitutive model is validated through comparison between predicted and
experimental data. The model is accurate to predict different stress state of concrete under different
temperatures levels.

1 INTRODUCTION
Exposure of concrete to elevated temperature affects its physical and mechanical properties and,
under certain conditions, the concrete surfaces could spall due to the increase of local steam pressure [1].
It has been established that the mechanical properties of concrete can be adversely affected by elevated
temperature exposure [2]. One of the most important reasons of the damage of concrete under elevated
temperatures is the thermally induced dimensional changes due to release of moisture and gases. When
concrete is exposed to temperatures exceeding 1000°C, heat and mass transfer take indeed place in the
material leading to development of high gas pressures in the pores and thermal expansions. Under
elevated-temperature exposure, the paste experiences physical and chemical changes that contribute to
development of shrinkage, transient creep, and changes in mechanical properties and degradation of
concrete. Such degradation may necessitate repair and strengthening to restore the structural integrity
and improve safety of damaged structures.
An understanding of the behavior of concrete under elevated-temperatures is essential for reliable
formulation of concrete and design evaluations. It is also necessary to assess such degradation in order to
develop predictive tools and validate existing design codes. The degradation of concrete can be assessed
by non-destructive methods or numerical simulations. The framework of elastoplastic modeling is indeed
well adapted to many structural problems, and is mostly used to simulate behavior of concrete under
various load types.
The manner how to include the dependence of temperature on the mechanical behavior of materials is
to use conventional models of elastoplasticy and to vary certain parameters [3-5]. Until now, the
temperature dependence in the existing models has the main effect of changing the strength of materials.
However, the magnitude of permanent deformation generated after exposure remains always unchanged.
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Generally, for any material that undergoes a decrease in its mechanical resistance, the deformation should
increase under circumstances that caused the decrease in strength. The permanent deformation should
then vary as a function of temperature.
The analysis of the fire in the Chunnel tunnel, Ulm et al. [6] proposed new formulation by taking into
account the impact of temperature. The authors assumed the behavior of plain concrete subjected to high
temperatures as a dehydration process (i.e. reverse of the hydration phenomena) by considering a coupled
thermo-chemo-mechanical problem [7-8]. On the other hand, the resistance and stiffness development
with the degree of hydration is treated as a chemo-plastic hardening. Therefore, dehydration process
becomes a chemo-plastic softening. This model was then developed within the framework of the
thermodynamic of closed reactive porous media [9]. The formulation included the reversible thermal
expansion, irreversible shrinkage, and irreversible changes in the stiffness and strength development
processes. The failure criterion of Drucker-Prager function of the degree of dehydration with an isotropic
hardening is adopted.
Cervera et al. [10] overused the theory of porous media developed by [8] to propose a coupling
thermo-chemo-mechanical model considering the effect of aging on the evolution of various mechanical
properties of concrete. Hellmich et al. [11] treated the coupling thermo-chemo-mechanical aspect of
shotcrete. The model is extended to a chemo-plastic model and uses two failure surfaces corresponding to
the surface of Drucker-Prager and tensional failure. The plastic volumetric expansion serves as hardening
variable.
Based on the experimental results [2], dehydration is shown to be directly proportional to the
decrease in compressive strength, which is a function of temperature (thermal damage). As pointed by [78], it is necessary to link the degree of evolution of the binding phase (cement paste) with an observable
characteristic, such as, the uniaxial compressive strength or Young modulus. Subsequently, the
mechanical properties and the model coefficients to be identified will depend on the degree of
dehydration. The objective of this investigation is to develop a new chemoplastic constitutive model for
concrete exposed to high temperature.

2 DEGREE OF DEHYDRATION AS CHEMOELASTIC DEGRADATION INDEX
Using the linear chemo-mechanical coupling theory [6, 8], the degree of dehydration is defined as
follow:
f (T )
(1)
ξ= c
fc
Where- f c (T ) is the uniaxial compressive strength at temperature T, while f c is the uniaxial

compressive strength at ambient temperature. The degree of dehydration is given by thermoactivated
kinetics, which is typically a non linear ordinary differential equation (ODE) with time. This degree is
significantly decreased after exposure to high temperatures.

3 FORMULATION OF THE CONSTITUTIVE MODEL
3.1 Loading surface
The triaxial constitutive formulation of concrete at high temperature is based on the extended Leon model
(ELM). This model is based on a non-associated flow theory of plasticity with isotropic hardening and
isotropic softening in the pre- and post-peak regime, respectively. The encompassing loading surface
proposed by [12] can be used to describe the triaxial behavior of the material in a wide range of loading
histories as follow:
2
ρ r (θ ) 
3  ρ r (θ )  m f 
ρ , r (θ ) )
F (σ m ,=
(2)

 +
σ m + =
 −1 0
fc 
2  fc 
6 
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where σ m , ρ and θ denote the coordinates of the Haigh-Westergaard stress space, f c the uniaxial
compressive strength and the function r = r (θ ) describes the variation of the deviatoric strength
ρ = ρ (θ ) as a function of the Lode angle in analogy to the elliptic approximation of the five parameter
model of [13]. While the parameter m f is defined as follow: m f = f c / f tt , f tt is assumed equal to the
uniaxial tensile test as supposed by Rankine criterion. The failure surface showing the meridional
sections, θ = 0 for tensile meridian and θ= 60° for compressive meridian, is plotted in Fig.1 (a). As can
be observed, the depicted surfaces are smoothes and a C1-continuous curvilinear trace. From the triaxial
envelope, two-dimensional failure curve can be determined [Fig.1 (b)].

(a) Haigh-Westergaard coordinates

(b) Biaxial coordinates

Figure1. Failure envelope at ξ = 0.64 (300°C) (Data from [2])

As the concrete strength varies with temperature and chemical degradation occurs, appropriate failure
envelope can reproduce these changes by expressing the parameters of the model as a function of degree
of dehydration ξ . The failure criterion becomes then:
 ρ r (θ ) 
F (σ m , ρ , r (θ ) ,ξ ) = a f (ξ ) 

 f c (ξ ) 

α f (ξ )

+

m f (ξ ) 
ρ r (θ ) 
0
σ m +
 −1 =
f c (ξ ) 
b f (ξ ) 

(3)

3.2 Isotropic loading surfaces in pre- and post-peak
Two assumptions were made: (1) The concrete is isotropic and remains isotropic during the entire
deformation history; and (2) the elastic-plastic coupling is neglected, which imply that the stiffness
properties do not degrade during plastic flow. During the hardening stage, the failure surfaces are
generated individually considering specific values of normalized strength parameter, where 0 ≤ k ≤ 1 . At
the same time, the cohesion parameter c related to the softening regime remains constant. At the
beginning of loading, the elastic regime is limited by a surface loading with initial value of k = k0 . The
function of the failure envelope as defined in Eq.3 is then modified as follow:
α f (ξ )

2

1
 σm
ρ r (θ ) 
ρ r (θ ) 

−
+
F (σ m , ρ , r , k , c , ξ ) =
k
1
)
 + a ( ξ ) α f (ξ )
(

f c (ξ ) 

 f c (ξ ) b f (ξ ) f c (ξ ) 


+

k

β f (ξ )

m f (ξ ) 
ρ r (θ )  β f (ξ )
c=
0
σ m +
−k
f c (ξ ) 
b f (ξ ) 

(4)

The Eq. 4 defines the surface loading and is highly important in the chemoplastic model. Its original
form was initially formulated by [12] considering k 2 instead of β f parameter. The latter parameter was
introduced by [14] for carboneous materials. The originality of the proposed triaxial failure function
consist in its ability to reproduce the hardening of the material in tension and compression through the
use of β f parameter which was added to reproduce experimental σ − ε curves while other models [15-
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16] do not consider. This is essential to the hardening process in tension because this failure mode can be
observed. The β f parameter is then introduced in the proposed model. The shape of the surface of
loading is shown in Fig.2. The surface is closed to define a certain elastic region. It is assumed that the
material begins to hardening at 20% of its ultimate strength. Through the uniaxial compression path, the
hardening is linear because the distance between two successive surfaces is substantially the same. In
uniaxial tension, the hardening is not linear because the surface at k = 0.8 is superimposed on that
obtained for k = 1 .

Figure 2. Triaxial failure envelope at ξ = 0.64 (300°C) in hardening mode

4 CHEMOPLASTIC POTENTIAL FUNCTION
The evolution of plastic strain rate is determined by the flow rule as follow:

 ∂Q

(5)
 p λ= λ m
=
∂σ
where Q denotes the chemoplastic potential, and λ is the plastic multiplier. To reduce excessive
dilatation in the low confinement region, a non-associated flow rule is introduced. A new chemoplastic
potential is defined by re-using the loading function and replacing the adequate set parameters. The
plastic potential function is given by the following formula:
α q (ξ )
 ρ r (θ ) 
m f (ξ ) 
ρ r (θ ) 
0 (6)
Q (σ m , ρ , r (θ ) , ξ ) = aq (ξ ) 
+
σ m +
 −1 =

f c (ξ ) 
bq (ξ ) 
 f c (ξ ) 
To identify the parameters of the chemoplastic potential, it is necessary to know the normal to the
potential at rupture for some cases of loading. The relationship between volumetric and deviatoric
components of the normal potential must be the same as that obtained in compression tests. For the
chemoplastic potential, the circular deviatoric forms were used. The computing time needed to integrate
the constitutive law is then less and simpler. The equation of the chemoplastic potential in the
hardening/softening regimes takes the same form as that of the failure surface:
α q (ξ )
2

1
 σm
ρ r (θ ) 
ρ r (θ ) 

α
ξ
+
Q (σ m , ρ , r , k , c , ξ ) =
 + a (ξ ) q ( )
(1 − k ) 

f c (ξ ) 

 f c (ξ ) bq (ξ ) f c (ξ ) 

(7)
β q (ξ )


k
m f (ξ )
ρ r (θ )
β q (ξ )
+
c=
0
σ m +
−k
f c (ξ ) 
bq (ξ ) 
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5 STRESS RETURN ALGORITHM
5.1 Evaluation of the proper stress for plastic potential
By overlaying the chemoplastic potential on the Etse and Willam yielding surface, both defined on
the Haigh-Westergaard coordinates, it is possible to establish that, at the same strength parameter k , the
two curves do not undergo the same stress states. For an adequate evaluation of normal vectors, it is
necessary that each surface goes through the current stress state. Keeping the loading surface unchanged,
the calculation related to the plastic potential need to be modified. This consists in identifying a new
value of deviatoric component ρ prior to the evaluation of the gradient of plastic potential. Such
modification is necessary by moving vertically the stress state of the plastic potential for Q = 0 . This
method is valid for both hardening and softening regimes. However, it is essential to use circular
deviatoric sections by using analytical derivatives, because it is impossible to isolate ρ , then modify the
calculation of numerical derivatives. To minimize the potential, the new value of ρ is obtained by using
the following iterative relationship:
Q (σ m , ρ i , r , k )
ρi +=
ρi −
1
(8)
∂Q (σ m , ρi , r , k )
∂ρ
∂Q
∂Q
and
are
Special attention is focused on the calculations of the derivatives. The terms
∂ρ
∂σ m
evaluated with ρQ while

∂σ m
∂ρ
and
are evaluated with the real vector of stress.
∂σ
∂σ

5.2 Resolution scheme
A backward-Euler (Euler implicit) algorithm as defined by [17] is applied for constitutive integration.
The algorithm for each integration point for a given state can be summarized by means of the following
steps:
• Calculating the first elastic prediction.
1.

2.

From the stress at point B (Fig.3), calculate the value of F and the gradient
∂F (σ m , ρ , r , k )
.
n=
∂σ
In the presence of non-associated flow, identify a particular value of ρ for Q = 0 and
calculate the gradient m =

3.

∂Q (σ m , ρ , r , k )
∂σ

.

FB
and the stress at point C with equation: σ=
Compute ∆λ =T
σ B − Δλ H m B
C
nB Hm B + H gB
where σ B is the elastic test point, H is elasticity tensor, and H g is effective plastic modulus

4.

(g is generic variable, g = p for hardening and g = c for softening).
Update the equivalent plastic strain ε p ( ε f ) in hardening and the strength parameter

k ( c ) during the hardening (softening).
•

Beginning the implicit backward-Euler method:
5.
6.

Compute F and n at the current point C.
Minimize the potential for Q = 0 and calculate the gradient m .

7.

Compute the residual rσ
−{
0 = Cσ

B

−Δ
Hλm
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−1

8.

∂m 

FC 0 − nCT  I + Δλ H
|C r0
∂σ 

Compute the change of the plastic multiplier δλ =
and
−1
∂m 
T 
|C HmC + H gC
nC  I + ∆λ H
∂σ 

−1

9.

∂m 

then change the stress: δ σ = −  I + ∆λ H
|C {r0 + δλ H mC } .
∂σ 

Update the stress at the point C: σCn = C0 + δ σ , then the changes in the plastic multiplier
from B: Δ=
λn Δλ0 + δλ .

10. Update the equivalent plastic strain ε p ( ε f ) and the strength parameter k ( c ) during the
hardening (softening).
11. Repeat the procedure from step 5 until r and F are below a certain tolerance.

Figure 3. Return mapping process in yield surface

6 CALIBRATION
The first required parameter to identify the failure envelope F is the parameter α f used to express the
relation ρ (σ m ) as a power function. This parameter is set to 2.5. The second parameter is β f that appears
in the hardening term. As a first approximation, the parameter β f is constant and can be similar to the
parameter α f . The parameters a f and b f are identified manually by trials and errors to allow that the
criterion goes through the most experimental points. The selected combination should offer the lowest
absolute error (Root Mean Square (RMS)) between the measured shear stress values and those defined by
criterion at the same pressures. The same analysis for parameters identification is repeated for the
chemoplastic potential. Three parameters ( aq , bq , and α q ) are identified. The chemoplastic potential
used for the concrete must have the following characteristics [15]:
1.
2.

It should promote a positive change in volume plastic in the region of positive pressure related
to the mode of crack opening.
It should promote a change in plastic form in the region of negative pressure related to the mode
of cracking or splitting in shear.

By setting values of α q , it is possible to obtain a pronounced curvature of the relation ρ (σ m ) . The
parameters aq and bq are identified as follow: manually set the values for aq and bq , and simulate a failure
to observe the permanent components of volumetric and deviatoric plastic strains. The model was
programmed in the Matlab software and the loading is controlled by stress and by imposing increments in
the axial direction. The resulting permanent deformations are then used to calculate the plastic volumetric
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and deviatoric strains components. These values are then compared to those measured in the laboratory.
Fig.4 shows the results for a simple compression test. According to the obtained simulated results, the
ratio of the deviatoric component and the volumetric component is almost preserved until the failure.
However, during the hardening, the plastic volumetric strain component has greater amplitude. Fig.5
shows numerical and experimental correlations obtained through a uniaxial compression test. If the
correlation is satisfied, the values used for aq , bq and α q are considered acceptable. Fig.1 shows the
constitutive model with this set of parameters. The calibration operation was taken regardless of the
temperature level.

(a) Volumetric

(b) Deviatoric

Figure 4. Volumetric and deviatoric plastic components correlations at ξ = 0.64 (300°C) for simulated and
experimental data

Figure 5. Numerical and experimental stress-strains in axial compression at ξ = 0.64

7 PARAMETERS EVOLUTION OF LOADING SURFACE AND CHEMOPLASTIC
POTENTIAL
7.1 Fitting parameters of the loading surface
Referring to Eq.3 for the failure envelope, the five parameters are expressed as functions of the
degree of dehydration to include the strength degradation with degree of dehydration. The first parameter
is the absolute value of the uniaxial compressive strength f c according to the degree of dehydration ξ . As
the degree of dehydration is directly obtained from the mechanical strength, a linear relationship is
obtained between the two variables (Eq.1). The second parameter is the relationship between the absolute
value of the uniaxial compressive strength and the uniaxial tensile strength depending on the degree of
dehydration ξ . The last parameters a f and b f of the loading surface according to the degree of
dehydration ξ are shown in Fig.6.
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These parameters defining the failure envelope are known as function of degree of dehydration and
allow the presentation of the compressive meridian as function of hydrostatic pressure and the degree of
dehydration (Fig. 7). The resulting smoothing operation offers convex surface for any stress state. Since
this condition is met, this surface makes it possible to determine any stress leading to the rupture of
concrete given the degree of dehydration.

(a) Parameter a f
(b) Parameter b f
Figure 6. Evolution of failure envelope parameters a f and b f as function of the degree of dehydration

Figure 7. Evolution of the shear strength of the compressive meridian of the failure envelope according to the
hydrostatic pressure and the degree of dehydration

7.2 Fitting parameters of the chemoplastic potential
The first parameters of the chemoplastic potential Q are aq and bq . These parameters are different
from those of the loading surface. Fig.8 illustrates the relationship defined as function of the degree of
dehydration. Referring to Eq.7, the parameter β q appears in hardening. It is also different for the failure
envelope F . The plastic potential Q is used to define the dependence of the resistance as a power
function.

8 SOME NUMERICAL EXPERIMENTS FOR VARIOUS LOADING SCENARIOS
The capability and performance of the proposed model is improved by comparing predicted results to
experimental tests taken from [2]. Comparisons between numerical and experimental results for concrete
under uniaxial compression in both axial and radial directions are summarized in Fig. 5. It can be
observed, the correlation is reasonable. The simulated hardening regime is shown to be very similar so
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the experimental one. At the end of the softening, the model slightly overestimates the axial stress. Fig.9
shows comparison between numerical and experimental results for concrete under triaxial compression
and various confinement levels. The correlation is acceptable for both axial and radial directions. The
respective experimental data are relatively close to the numerical results.

(a) Parameter aq
(b) Parameter bq
Figure 8. Evolution of the chemoplastic envelope parameters aq and bq according to the degree of dehydration

Figure 9. Numerical and experimental triaxial compression tests at ξ = 0.39 (500°C)

9 CONCLUSIONS
A novel tri-dimensional constitutive model has been developed and validated. The simulations were
performed to identify key parameters required for modelling the behaviour of concrete at high
temperatures.
A three dimensional constitutive law, based on the extended Leon model (ELM) model has been
formulated. Comparisons between simulated and measured stress-strains relationships have been carried
out. Test results showed that the use of proposed model was adequate to simulate experimental stressstrain curves of concrete at wide range of the temperature levels.
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Abstract: The post-earthquake fire (PEF) is a major threat to the RC structures due to the heat tending
to be transferred into the inner of the seismic damaged members with cracks and crushing of concrete
cover more rapidly. However, design code considering these extreme but common events is not available
now. To investigate the fire performance of seismic damaged columns, a simple but rational method is
proposed in this paper.
This study develops an empirical model to determine the crushed length of concrete cover under a
design earthquake first and then numerically models the seismic damaged columns in ABAQUS by
removal of the crushing concrete. A comparison work between the fire behaviours of undamaged and
damaged columns is conducted to examine the influence of PEF.

1 INTRODUCTION
Post-earthquake fire (PEF) is prone to be triggered by damaged gas/electric/fuel services in seismic
regions. Some past earthquakes, e.g. the 1906 San Francisco, 1923 Tokyo, 1971 San Fernando, 1994
Northridge and 1995 Kobe earthquakes were followed by fires which brought about greater loss than the
original earthquake [1]. Due to a high thermal inertia of concrete, the intact reinforced concrete (RC)
structural members always perform well in an ordinary fire disaster, however, for the earthquakedamaged RC structural members with crushing of concrete cover and/or significant concrete cracks
subjected to PEF, the heat tend to be transferred into the inner of the structural members more rapidly and
even the reinforcements may be heated directly, and thus the mechanical properties of the seismic
damaged structural members in PEF decreases faster than those of the non-seismic damaged structural
members in fire. Although PEF is a severe threat to the seismic damaged structures, researchers focused
on the fire performances of the non-seismic damaged ones during past decades, and only a little
knowledge about fire behaviours of the seismic damaged RC structures is available until recently. [1, 2]
To evaluate the fire performance of the seismic damaged RC columns in PEF, a preliminary study is
conducted in this paper. Above all, an empirical model based on the test results collected in Pacific
Earthquake Engineer Research Centre, PEER’s database [3] is proposed to assess the geometrical
damaged properties of flexure-critical rectangular RC columns caused by earthquake. As a preliminary
research only the crushing of concrete cover is taken into account here and the influence of cracks is not
considered. According to the crushed model, the thermal configuration of damaged columns can be
determined. After numerically modelling the damaged columns in the commercial software ABAQUS by
removal of the crushed concrete, a series of thermo-mechanical analysis are carried out to investigate the
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correlation between the seismic damage state and the corresponding fire performance in terms of fire
resistance (FR) by comparing with the undamaged columns.

2 CRUSHED MODEL OF CONCRETE COVER
Based on the database of RC columns under seismic loadings collected by the PEER, some useful
information is provided in the experimental images. For example, the length of crushed concrete cover
can be obtained from the pictures of seismic damaged columns related to different column’s axial load
ratio, mechanical lateral confinement ratio, shear-span ratio, and lateral displacement. Due to lacking of
imagines related to intermediate damaged states, an empirical model to determine the length of crushed
cover related to the ultimate limit state, lu, is proposed first and then an interpolation is carried out to
assess the crushed length corresponding to any intermediate damage state according to the lateral
displacement.
2.1 Data collection

lv 4

lv 3

lv1

lv 2

This paper focuses on the flexure-critical rectangular normal strength columns, so the abundant data
in the PEER’s database should be filtered. In addition, the test results without photos or with blurred
photos are not included because the photos of seismic damaged specimens are essential for this study.
Finally, 17 columns were selected and listed in Table 1. The detail information (i.e., the axial load,
shear-span ration, lateral confinement, etc.) about these specimens is available in the database and readers
can refer to the website (http://www.ce.washington.edu/~peera1/).
Take the No.1 specimen carried out by Soesianawati et al [4] listed in Table 1 as an example to show
the method to obtain the crushed length of concrete cover. Fig.1 shows the overall view of the
double-ended specimen after two cycles of lateral loading with a ductility ratio of 6.0. The virtual lengths
of crushed concrete cover related to four locations (i.e., lv,1, lv,2, lv,3, and lv,4) are, respectively, measured
from this photo. The virtual sectional depth of this column, hv, can also be measured directly from this
photo, and the real depth of the column cross section, h, is 400mm. In this way, the real length of crushed
concrete cover can be approximately determined by a converting calculation as li = hlv,i/hv (i =1, 2, 3, 4),
and an equivalent length is obtained as the average value of l = (l 1+ l 2+ l 3+ l 4)/4 for this column. All the
columns’ crushed length corresponding to different drift ratio is compiled in Table 1.

hv

Figure 1. Overall view of No.1 column at ductility ratio of 6
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Table 1: Selected columns for analysis of the length of crushed concrete cover

No.

1

3

5
6
7
8
9
10
Note:

Specimens

Soesianawati
[4], Unit 1

Soesianawati
[4], Unit 3

Li [5] T/M=0

Drift
ratio

Crushed
length(mm)

0

1/254

0

1/82

0

1/94

0

1/41

90

Drift
ratio

Crushed
length(mm)

1/228

1/27

160

No.

2

Specimens

Soesianawati [4],
Unit 2

1/47

180

1/32

U

310 (76%)

1/20

250

1/23

310

1/16

U

260 (72%)

1/19

340

1/296

0

1/229

0

1/181

0

1/105

0

1/89

40

1/59

160

4
1/53

170

1/33

230U (76%)

1/44

130

11

620U (78 %)

12

Soesianawati [4],
Unit 4

Watson,[8] Unit 5

1/45

200

1/36

U

230 (73%)

1/41

410U (77%)

1/63
260U (78%)
Watson,[8] Unit 6
Tanaka [6]
Watson,[8]
1/15
300U (84%)
1/86
370U (77%)
13
Unit 6
Unit 8
Tanaka [6]
Watson,[8]
1/20
540U (83%)
1/36
450U (74%)
14
Unit 7
Unit 9
Tanaka [6]
Saatcioglu [9],
1/19
500U (83%)
1/19
300U (76%)
15
Unit 8
BG-2
Zahn [7]
Saatcioglu [9]
1/15
370U (74 %)
1/16
410U (72%)
16
Unit 7
BG-2
Zahn [7]
Azizinamini [10]
1/27
430U (75%)
1/20
400U (79%)
17
Unit 8
NC-2
a) The superscript “U” denotes the length of crushed concrete cover related to the column’s
ultimate limit state;
b) The bracketed datum denotes a ratio of the residual lateral load related to the ultimate limit state
to the maximum lateral load.
1/13

2.2 Crushed model
It’s critical to determine the lateral displacement at the onset of concrete cover crushing,c and that
related to the ultimate limit state, u to develop the displacement-based model. The ultimate limit state is
identified as the point on the descending branch of the column’s lateral load-lateral displacement skeleton
curve, at which the lateral load is 80% of the maximum lateral load. However, it’s impossible to get a
seismic damaged column’s picture that is exactly related to this point, so the photo corresponding to a
lateral load that is 70%~85% of the maximum lateral load is approximately regarded as the picture of the
column’s ultimate limit state in this study and labelled with a superscript “U” in Table 1. The ratio of the
residual lateral load to the maximum lateral load is also given in Table 1.
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A semi-empirical method also based on the PEER’s database proposed by Jiang et al. [11] to estimate
the lateral displacements of flexure-critical rectangular RC columns at different damage states is adopted
herein to determine thec andu. The crushed length is assumed to be zero before the onset of concrete
crushing, and reaches the maximum value lu at the ultimate limit state. According to the data listed in
Table 1 with superscript “U” and taking the axial load ratio, mechanical lateral confinement ratio,
shear-span ratio into account, an empirical model for the length of crushed concrete cover related to the
ultimate limit state, lu , is developed as:
ρ yh f yh λ 2 0.5
lu

1.05  0.422n  4.04(
)
h
f c'

(1)

where the n is the axial load ratio, and the  is the shear-span ratio. The yh, fyh, fc’ denote the
volumetric stirrup ratio, yield stress of stirrups, compression strength of concrete, respectively.
Fig. 2 (a) shows a comparison between the calculated lengths using Eq. (1) and the measured ones
given in Table 1. For the ratio of the calculated length to the measured length, the mean value and
coefficient of variation (COV) are 1.03 and 0.17, respectively. It can be seen from Fig.2 that the measured
length of crushed concrete cover related to the ultimate limit state ranges from 0.5h to 1.2h for the
flexure-critical rectangular RC columns under seismic loadings.
Drift ratio
1/64

Measured and calculated crushed length (mm)

0
1.2

Calculated lu/h

0.9

0.6

0.3

0.0
0.0

0.3

0.6

0.9

1.2

1/21.3

1/16

300

200

Measured Unit 1
Calculated Unit 1
Measured Unit 2
Calculated Unit 2
Measured Unit 3
Calculated Unit 3
Measured Unit 4
Calculated Unit 4

100

0
0

25

Measured lu/h

(a)

1/32

50

75

100

Lateral displacement (mm)

Comparison of measured and
calculated ultimate crushed length

(b)

Comparison of measured and calculated
crushed length for intermediate damage state

Figure 2. Comparison of measured and predicted crushed length

Then an interpolation should be conducted to assess the crushed length at the intermediate damaged
state. The trend that the increasing of the crushed concrete length tend to be slower with an increase of the
column’s lateral displacement can be found by carefully investigating into the test results reported by
Soesianawati et al. [4]. Therefore a parabolic interpolation is applicable to predict the intermediate
crushed length, and the model can be expressed as:
 0

 (   c )(2 u   c  )

l 
lu
( u   c ) 2

 lu
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where the  denotes the lateral displacement of the columns under a design earthquake, which can
be obtained from a common structure seismic simulation.
Fig. 2 (b) shows a comparison between the calculated lengths using Eq.(2) and the measured ones
listed in Table 1 for different damage states of columns tested by Soesianawati et al [4]. It can be seen
from this figure that Eq. (4) is capable of predicting the crushed concrete length related to any
intermediate damage state with a good accuracy on the whole.

3 THERMO-MECHANICAL SIMULATION
3.1 Numerical models
Three RC columns (named as Column A, Column B and Column C) with length of 3000 mm and
fixed-fixed end conditions are considered here. The sectional dimensions, reinforcement details, material
properties, and applied axial loads of Columns A and B are, respectively, identical with those of the No.1
and No.2 specimens tested in fire by Lie and Irwin [12]. The Column C is resembled to the Column A
except the longitudinal reinforcement. There are 4 longitudinal steel bars arranged in Column A, while 8
steel bars with area as half as the bars in Column A are arranged in Column C, so the total area of
reinforcement are identical in the two columns.
For the seismic damaged Columns A, B and C, the crushed lengths of concrete cover on two
opposite sides in the plastic hinge region related to different lateral displacements can be determined
using Eqs.(1)~(2). In addition, the thickness of crushed concrete is assumed to be the clear concrete cover
to the transverse reinforcements, and the core concrete is supposed to be intact due to the confining effect
produced by the steel stirrups. Table 1 shows the relative crushed length (a ratio of the crushed length to
the column’s sectional depth, RCL) related to different lateral displacements.
Table 2: Selected columns for analysis of the length of crushed concrete cover

Specimen

No. 1

No. 2

No.3

Lateral displacement (mm)
c =27.5
32.8
38.1
43.4
u =48.7
c =30.9
37.6
44.2
50.9
u =57.5
c =24.1
29.1
34.1
39.0
u =44.0

RCL
0
0.37
0.63
0.79
0.84
0
0.34
0.59
0.73
0.78
0
0.37
0.63
0.79
0.84

FR(min)
179
96
80
70
54
248
142
118
98
87
194
116
92
81
66

Damaged FR/undamaged FR
1
0.54
0.45
0.39
0.30
1
0.57
0.48
0.40
0.35
1
0.60
0.47
0.42
0.34

The finite element analysis software ABAQUS is employed to simulate the fire behaviours of the
undamaged and seismic damaged columns exposed to ISO834 standard fire. The thermal properties of
concrete (i.e., density, thermal conductivity, and specific heat capacity) are determined according to
Eurocode 2 [13]. The constant convective coefficient for the exposed surface and the concrete thermal
emissivity are assumed to be 25W/m2K and 0.7, respectively. The stress-strain relationship of concrete
under high temperature proposed by Lie and Irwin [12] is adopted in this paper, and a simplified method
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to account for the transient thermal strain of concrete in ABAQUS suggested by Wang and Xue [14] is
utilized here. The yield strength, ultimate strength, and modulus of elasticity of steel reinforcement under
high temperature are determined according to the formulas given by Guo and Shi [15]. The thermal
expansion coefficients of concrete and steel recommended in Eurocode 2 [13] are used in this study. Both
the 3-D solid element (C3D8R) and 3-D truss element (T3D2) available in ABAQUS are utilized to
model the concrete and reinforcement, respectively. The reinforcement is embedded in the concrete. Heat
transfer analysis is conducted firstly to obtain the time-dependent thermal fields of the column during fire,
and then mechanical behaviors of the column in fire are calculated.
3.3 Results and discussion
3.3.1 Thermal analysis
The temperature fields when heating to 180min of the Column A without crushed concrete cover
(non-seismic damaged column) and that of the column with crushed concrete cover (seismic damaged
column, RCL=0.84) are, respectively, shown in Fig.3(a). For the damaged column, the crushed concrete
has been removed in the numerical model.
It can be seen that the two columns’ temperature distributions are quite different near the crushed
region. Considering the undamaged section 1-1 and seismic damaged section 2-2 of Column A as shown
in Fig. 3(a), the temperature-time curves of the centre of the two sections and that related to the
longitudinal reinforcement are plotted in Fig. 3(b) for both sections. The temperature at the centre of
Section 2-2 is 160oC higher than that of the Section 1-1, and the temperature of the longitudinal
reinforcement at Section 2-2 is 484oC higher than that of Section 1-1.
1200

steel of Section 2-2

centre of Section 2-2

΅

Temperature ( C)

900

steel of Section 1-1
600

300

centre of Section 1-1
0
0

60

120

180
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Figure 3. Comparison of temperature distribution of columns without/with crushed concrete cover

3.3.2 Mechanical analysis
The mechanical analysis following the thermal analysis is conducted to examine the fire
performance of seismic damaged columns.
The axial deformation-time curves and fire resistance of the seismic damaged Columns A, B and C
with different RCL are illustrated in Fig.4, and compared with those of the undamaged ones with RCL=0.
It can be seen that the FR drops dramatically after crushing of concrete cover, and with an increasing of
the RCL, the fire endurance decreases gradually. This is attributed to the fact that the FR of the axially
loaded RC columns with a compressive failure pattern in fires mainly depends on their strength capacity.
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Regardless of the length of crushed concrete, the cross section in damaged region becomes the weakest
section with great loss of strength capacity, which is responsible for the whole column’s failure.
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Figure 4. Axial deformation-time curves of columns without/with crushed concrete cover in PEF

Fig.4 also reveals the fact that with an increasing of the RCL, the maximum axial elongation
deformation reduces greatly first and then decreases smoothly on the whole. However, the elongation for
the damaged columns is a little larger than the undamaged columns in the early stage of heating process.
It can be attributed to the higher average temperature in the damaged section resulting in larger thermal
expansion.
Table 2 also provides the ratios of the fire resistance of the seismic damaged column to that of the
undamaged column. The ratio of Column A is a little less than that of Column C related to the same
damaged state. It can be attributed to the fact that there are 8 bars are arranged in column C but only 4 in
Column A (as shown in Fig.5). It can be seen from this figure that all 4 steel bars in Column A are very
close to fire, while 2 steel bars in Column C are fully protected by concrete cover, and thus the decreasing
of the sectional load bearing capacity of Column C is slower than that of Column A.
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Figure 5. Schematic diagram of cross-sections in damaged specimens No.1 and No.2

4 CONCLUSION
This paper develops a simple but rational method to examine the behaviours of RC columns
subjected to PEF. An empirical model based on the test results is proposed in this paper first to evaluate
the crushed length of damaged columns. This model is proved to evaluate the crushed length with a
satisfied result. By removal of the crushed concrete, the numerically model of damaged columns can be
easily built in the ABAQUS, and then a series of thermo-mechanical analysis are carried out to
investigate the fire behaviours of the seismic damaged columns.
The thermal field in the crushed region of a seismic damaged column is quite different from that of
the reference undamaged column. The temperature of the corner longitudinal reinforcement in the
crushed region is much higher than that located in the undamaged column. The damaged column’s FR
drops sharply after crushing of concrete cover, and with an increasing of the RCL, the fire endurance
decreases gradually. With an increasing of the crushed concrete length, the maximum axial elongation of
the seismic damaged column in post-earthquake fire reduces greatly first and then decreases smoothly on
the whole. However, the thermal elongation of the seismic damaged column is a little larger than that of
the reference undamaged column in the early stage of the heating process. For a given reinforcement ratio,
increasing the number of steel bars can slightly improve the fire endurance of the seismic damaged
axially loaded column in post-earthquake fire. Further investigation into the influence brought by the
cracks is carried out in progress to achieve a more complete picture.
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Abstract. Temperature-dependent material models are required in numerical softwares dedicated to the
nonlinear analysis of structures in fire. Although structural concrete is widely used in civil engineering,
proper modelling of its thermo-mechanical behaviour remains a challenging issue for engineers mainly
because of the complexity of the phenomena that result from the microcracking process in this composite
material and because of the lack of numerical robustness of the models. This paper presents a new
multiaxial concrete model developed for the analysis of concrete structures in fire. The multiaxial model
is based on a plastic-damage formulation and incorporates an explicit term for transient creep strain.
After implementation in a finite element software for structural fire engineering calculations, numerical
simulations have been performed to highlight the ability of the model to capture some of the main
phenomena that develop in concrete (permanent strains, degradation of the elastic properties, unilateral
effect) as well as the ability to be used for the fire analysis of large-scale structural elements.

1 INTRODUCTION
In performance-based analysis, the response of structures subjected to thermo-mechanical loading is
assessed by temperature-dependent calculations. These calculations require a general stress-strain
relationship for modelling the behaviour of concrete at elevated temperatures. The concrete model should
fulfil the criteria of reliability, accuracy and numerical robustness. Accuracy and reliability ensure that
the model captures properly the behaviour of the concrete material in all the situations of stress and
temperature in the applicability domain. Numerical robustness ensures that the model is applicable to
complex and large-scale engineering problems. In addition, the model should contain a limited number of
parameters that can be identified from elementary tests. The present research aims at developing a
multiaxial model able to reproduce the phenomenological behaviour of concrete at elevated temperature
and satisfying to the requirements of structural fire engineers.
The behaviour of concrete at the macroscopic level results from the initiation and growth of
microcracks in the cementitious matrix. The microcracking process causes softening behaviour, stiffness
degradation and unilateral effect. These observed phenomena can be captured by models within the
framework of continuum damage mechanics. On the other hand, concrete exhibits inelastic volumetric
expansion in compression, referred to as dilatancy in the literature. Proper modelling of dilatancy is very
important for simulating concrete structures under multiaxial loading [1]. Dilatancy can be modelled by
the development of plastic strains in concrete. Therefore, combination of the elastoplasticity theory with
the damage theory results in an efficient strategy for modelling the mechanical behaviour of concrete.
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Constitutive models for concrete at ambient temperature based on plastic-damage formulation have
been proposed by several authors. Although concrete experiences different microcracking in different
directions, models developed for structural applications usually combine plasticity with isotropic damage
[1, 2, 3], in order to avoid the inherent complexities of numerical algorithms required by most of the
anisotropic damage models [4, 5]. The isotropic damage process can be characterized by one scalar,
several scalars or a tensor. The use of different scalars to capture the damage process in concrete [1] is
consistent with the experimentally observed different damage mechanisms developing in tension and in
compression; a minimum of two scalar variables are necessary to describe these different damage
mechanisms. Some authors have proposed a fourth-order damage tensor to characterize the state of
isotropic damage in concrete [5, 6], because a fourth-order tensor is required to capture the unilateral
effect. As a result, even for isotropic damage, proper description of the damage state in concrete requires
a fourth-order tensor based on two scalar variables. Stress-based plasticity may be formulated either in
the effective stress space [1, 2, 5] or in the nominal (damaged) stress space [3, 7]. Effective stress is
meant as the average micro-level stress applied to the undamaged volume of the material whereas
nominal stress is meant as the macro-level stress and is defined as force divided by the total area.
Formulation of the plastic response in the effective stress space relies on the assumption that plastic flow
occurs in the undamaged material micro-bounds by means of effective quantities [8]. This formulation
allows for decoupling the plastic part from the damage part in the computation process; computation of
the plastic response then constitutes a standard elastoplastic problem in the effective stress space. As a
result, the combination of stress-based plasticity formulated in the effective stress space and isotropic
damage constitutes an interesting approach for modelling the behaviour of concrete.
At elevated temperatures, the situation is even more complex due to additional phenomena that
develop in heated concrete. Elevated temperatures are the cause of degradations at the micro-level that
result in loss of stiffness and strength of the material. Moreover, a particular phenomenon appears in
concrete subjected to elevated temperatures: the transient creep strain. Physically, the transient creep
strain is the difference in strain between concrete that is heated under load and concrete that is loaded at
elevated temperature; this strain develops during first-time heating and is irrecoverable [9]. Transient
creep strain has to be incorporated in any constitutive model dedicated to fire-exposed structural
concrete. Due to the high complexity of the many phenomena involved, few multiaxial models coupling
plasticity and damage have been proposed for the mechanical behaviour of concrete at elevated
temperature; an example of such model combining stress-based plasticity in the effective stress space and
isotropic damage, extended at elevated temperature, has been proposed by Nechnech et al. [10]. Yet,
research efforts are still required to give further insight into concrete modelling at elevated temperature
and to extend the latest developments of ambient temperature models to elevated temperature; this is the
purpose of the present study.

2 PRESENTATION OF THE MODEL
2.1 Assumptions
The mechanical behaviour of concrete at elevated temperatures is captured by constitutive
relationships between the total strain tensor and the stress tensor. The total strain İtot is decomposed into
free thermal strain İth, transient creep strain İtr, elastic strain İel and plastic strain İp according to Eq. (1).

H tot

H th  H tr  H el  H p

(1)

The sum of the elastic strain and the plastic strain is referred to as instantaneous stress-related strain
İı. Basic creep strain is not taken into account here but this term could easily be added to the strain
decomposition.
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The characterization of plastic response is formulated in the effective stress space. The elastic strain
tensor is related to the effective stress tensor V by means of the fourth-order isotropic linear-elastic
stiffness tensor C0 , see Eq. (2).

V

C0 : H el

C0 : H V  H p

(2)

The plastic response accounts for the development of irreversible strains in the material. Yet, the
degradation of the elastic properties resulting from the development of microcracks is not addressed at
this stage; the unloading stiffness in the effective stress space remains equal to the isotropic linear-elastic
stiffness.
Concrete exhibits different damage mechanisms in tension and in compression. In this model, a
tensile damage scalar and a compressive damage scalar are adopted to capture the phenomenological
effects induced by microcracking in concrete under tension and compression, respectively. Based on the
work by Wu et al. [5], these two damage scalars lead to a fourth-order damage tensor employed to
characterize the state of isotropic damage in concrete. The use of a fourth-order damage tensor allows for
appropriate description of the unilateral effect inherent to concrete behaviour. Mapping of the effective
stress V into the nominal stress ı is performed by this fourth-order isotropic damage tensor D according
to Eq. (3), where I is the fourth-order identity tensor.

V

I  D :V

(3)

It is assumed that the plasticity and damage phenomena are coupled and evolve simultaneously in the
material; therefore, the two phenomena are driven by the same internal variables in the model.
Finally, the new concrete model is a fully-3D constitutive model that can be used with solid finite
elements or with shell finite elements; in the latter case, the plane stress version of the model is used.
2.2 Plasticity
A composite yield surface is used for capturing the concrete non-symmetrical behaviour in tension
and in compression; a Rankine yield criterion is used to limit the tensile stresses and a Drucker-Prager
yield contour is used for compression. The equations of the composite yield surface are written in terms
of effective stresses, see Eq. (4).

ft V , N t d 0 ;

fc V , N c d 0

(4)

In Eq. (4), țt and țc are the tensile and compressive hardening parameters, respectively.
Plastic flow rules have to be postulated to govern the evolution of plastic flow when the effective
stress state reaches the yield surfaces. As concrete is a frictional material, in which dilatancy occurs when
loaded in compression, a non-associated flow rule is adopted in compression. The plastic flow rules, in
combination with the Kuhn-Tucker and consistency conditions, allow for calculation of the accumulated
plastic strains in tension and compression; these accumulated plastic strains are chosen as internal
variables in the model. The hardening parameters depend on the accumulated plastic strains and therefore
are induced by plastic flow; these hardening parameters govern the evolution of the yield surface through
the definition of the hardening laws.
2.3 Damage
The isotropic state of damage of concrete is addressed by a fourth-order damage tensor which is
calculated from the tensile damage scalar dt and the compressive damage scalar dc as given by Eq. (5). In
this equation, the fourth-order projection tensors based on the eigenvalues and eigenvectors of the


effective stress tensor are noted P and P .
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dt P  dc P

D



(5)

The projection tensors allow for a decomposition of the effective stress tensor into positive and
negative components. As a result, the tensile damage scalar only affects the positive part of the effective
stress tensor whereas the compressive damage scalar only affects the negative part of the effective stress
tensor. Hence, the unilateral effect is captured without the need for an additional parameter.
By assumption, damage mechanism is coupled to plasticity in the model. Consequently, there is no
specific threshold for damage and the evolution laws for tensile and compressive damage are driven by
the accumulated plastic strains (in tension and compression, respectively). Once convergence has been
obtained in the plastic return mapping algorithm, update of the damage variables is thus an explicit
calculation.
2.4 Transient creep strain
In the numerical calculation process, computation of the increment in transient creep strain is
performed at the beginning of the time step (s), separately from the computation of elastic and plastic
strains. The Explicit Transient Creep (ETC) Eurocode model, developed at University of Liege for
uniaxial relationships [11, 12], is extended to the multiaxial case by adopting the methodology proposed
by de Borst and Peeters [13], see Eq. (6). In Eq. (6), fck is the compressive strength at 20°C; the function
ĭ(T) is the transient creep function given in Table 1 and the fourth order tensor H is given by Eq. (7).
The material parameter Ȗ that appears in Eq. (7) can be taken equal to Poisson’s ratio [10], in accordance
with Thelandersson’s multiaxial data [14].
'H

tr

H ijkl

ª¬I

T

(s)

I T

( s 1)

º¼ ª H
«¬

 J G ij G kl  0.5 1  J

V



( s 1)

fck º

»¼

G ik G jl  G il G jk

(6)

(7)

Table 1. Transient creep function ĭ(T).

T [°C]
ĭ [-]

20
0.0000

100
0.0010

200
0.0018

400
0.0049

600
0.0274

800
0.0733

Accordingly, it is assumed that the process of transient creep does not induce any anisotropy. The
negative part of the effective stress tensor is considered in Eq. (6) because, on the one hand, transient
creep strain is assumed to occur only in compression and, on the other hand, this mechanism occurs in the
undamaged part of the material.
Computation of the transient creep strain increment takes into account the stress-temperature history.
Between step (s) and (s-1), there is an increment in transient creep strain, which value is computed by
Eq. (6), if and only if the three following conditions are fulfilled: the temperature has increased between
step (s) and (s-1), the negative part of the (converged) effective stress at time (s-1) is non-null, and the
material is in the ascending branch of the constitutive relationship. It is thus assumed that the positive
part of the effective stress tensor does not induce transient creep strain. Besides, the transient creep strain
is irreversible at both load and temperature decrease.
2.5 Model parameters
The model contains ten material parameters that can be obtained by three basic tests: uniaxial
compression test until failure comprising one unloading-reloading at peak stress, biaxial compression test
until peak stress, and uniaxial tension test until failure.
Concrete subjected to elevated temperatures exhibits thermo-mechanical degradation of its properties
of strength and stiffness; this effect is taken into account through proper temperature dependency of the
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material parameters. The evolution laws of the parameters with temperature are taken from design codes
such as the Eurocode, when available, or from experimental data published in the literature.

3 VALIDATION OF THE MODEL
The concrete model has been validated against experimental data. The ability to capture the concrete
behaviour for simple loading cases, e.g. uniaxial tension and compression, at both ambient and elevated
temperature, is not demonstrated in this paper, due to the need to be concise. However two experimental
tests are simulated here to demonstrate the ability of the new concrete model to capture the main
phenomena observed in concrete material and the ability to be used for the simulation of structural
members in fire. The numerical simulations have been conducted with the software SAFIR [15].
3.1 At ambient temperature
A test of uniaxial tension followed by uniaxial compression on a concrete sample has been simulated
using the new concrete model and the results are compared against experimental data [16], see Figure 1.
The numerical results obtained with an elastoplastic concrete model are also plotted on Figure 1. The new
concrete model succeeds at capturing the development of permanent strains, the degradation of the elastic
properties and the stiffness recovery due to crack closure (unilateral effect), whereas elastoplastic models
can only capture the development of permanent strains.

2.0
1.0

stress [MPa]

0.0
-1.0
-2.0
-3.0

Test data [Ramtani]
New plastic-damage model

-4.0
-5.0
-0.0002

Elastoplastic model
-0.0001

0.0000
0.0001
strain [-]

0.0002

0.0003

Figure 1. Numerical simulation of a uniaxial tension-compression test.

3.2 At high temperatures
The concrete model is validated at the structural level against experimental results on a reinforced
concrete flat slab in fire. The experimental test has been carried out at BRANZ and is described in a
paper by Lim et al. [17]. The tested slab is 3.30 m wide by 4.30 m long with a clear span between the
supports in the long and the short directions of 4.15 m and 3.15 m, respectively. The slab is simply
supported at all four edges with the edges horizontally unrestrained. The flat slab is 100 mm thickness
and is reinforced by 200 mm²/m steel reinforcement in each direction. The yield strength of the steel used
in the slab is 565 MPa whereas the concrete compressive strength on cylinder is 37 MPa. The concrete
cover is 25 mm. The slab was subjected to ISO fire exposure for 3 hours while carrying a constant
uniformly distributed live load equal to 3.0 kPa. The slab, which deformed into double curvature,
survived the 3 h ISO fire exposure without collapse.
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Numerical simulation of this experiment has been performed with the software SAFIR. First, the
thermal analysis is conducted to determine the temperature distribution in the concrete slab during fire.
The thermal properties for concrete are taken from Eurocode 1992-1-2. Siliceous concrete was chosen,
with a density of 2400 kg/m³ and a water content of 72 kg/m³. The emissivity was taken as 0.7 and the
coefficient of convection was 25 W/m²K. Temperatures in the slab were recorded during the test at the
heated surface, at the unheated surface and at 55 mm depth within the slab. Figure 2 gives the comparison
between the temperatures predicted by SAFIR and the measured temperatures at these locations;
predicted and measured temperatures agree well.
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Figure 2. Computed and measured temperatures in the concrete slab.
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Figure 3. Finite elements model of the flat slab.

Then, the structural analysis is carried out to determine the structural behaviour of the reinforced
concrete slab in fire. Shell finite elements are used for modelling the slab. Only a quarter of the full slab
was modelled to take advantage of the symmetrical load and support conditions, see Figure 3. The slab is
subjected to a uniformly distributed load of 5.4 kPa which represents the sum of the self-weight, 2.4 kPa,
and the live load, 3.0 kPa. This applied load of 5.4 kPa corresponds to a load ratio of approximately 0.40
for this slab. The temperature evolution in the slab is given by the SAFIR thermal analysis. The concrete
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model presented in this paper is used for the thermo-mechanical behaviour of concrete whereas the
material model for the steel reinforcement is taken from Eurocode 1992-1-2. The concrete compressive
and tensile strength are 37.0 MPa and 1.0 MPa. The other material parameters of the concrete model are
calibrated on elementary tests and no additional calibration is required on the concrete slab.
The predicted and measured vertical deflection at mid-span of the slab in fire is shown in Figure 4.
The results of the numerical simulation using the new concrete model agree with the experimental results.
The numerical simulation has also been performed using the elastoplastic concrete model currently
implemented in SAFIR; however this numerical simulation suddenly stopped before the end of the
calculation due to numerical problems in the integration of the concrete law. Numerical robustness is a
major issue in concrete modelling and an important requirement in structural fire engineering, as typical
applications include large structural elements subjected to complex stress-temperature histories. The
present example illustrates the efforts that have been made to ensure the numerical robustness of the new
concrete model.
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Figure 4. Computed (SAFIR) and measured values of the mid-span vertical deflection.

4 FIRE ANALYSIS – REHABILITATION OF A CONCRETE SHELL ROOF
In the framework of a concrete building rehabilitation, the fire resistance of a shell roof structure was
studied for ICB-Ingénieurs Conseils en Bâtiments. This practical example is used here to illustrate the
ability of the concrete model to be used for structural fire engineering applications.
The SAFIR finite elements model of the structure is shown on Figure 5. Only half of the roof has
been modelled with proper symmetry conditions imposed at the edge of the model. As the shell structure
has variable thickness, 10 different sections have been used in the model with a thickness varying from
160 mm to 100 mm. The steel tie beams have been modelled using beam finite elements. The concrete
shell roof is reinforced in both directions by means of steel reinforcement mesh. The concrete
compressive strength is 20 MPa, the reinforcement steel yield strength if 400 MPa and the tie beams
yield strength is 235 MPa. The fire analysis of the structure is performed under self-weight loads.
At room temperature, collapse of the structure arises by yielding of the steel tie beams when the
applied loads exceed the load bearing capacity of the structure. Yielding of the steel beams leads to
decrease in their stiffness; therefore, the horizontal force transmitted by the concrete shell roof is not
equilibrated any more by the steel tie beams and the structure collapses. Figure 6 shows the membrane
forces in the structure loaded at room temperature. The applied loads are transmitted by the concrete shell
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through compressive forces toward the supports and the steel tie beams. The concentration of the forces
at the location of the steel tie beams is clearly visible in Figure 6.
Diamond 2011.a.1 for SAFIR
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Figure 5. SAFIR structural model of the shell roof subjected to fire.
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Figure 6. Membrane forces in the structure loaded at room temperature (SAFIR model).

At elevated temperature, the temperature increase in the steel tie beams leads to thermal expansion
and decrease in stiffness and strength of these beams. As a consequence, the concrete shells lose their
horizontal supports and the structure stiffness decrease. Finally, collapse arises as shown in Figure 7. If
the steel tie beams are left unprotected, the fire resistance of the structure is lower than 15 minutes. It is
found that collapse arises at a time when the temperature in the steel tie beams reaches approximately
550°C; therefore an efficient way to improve the fire resistance of the structure is to limit the temperature
increase in the steel tie beams.
The robustness of the multiaxial concrete model is highlighted by this example as it was possible to
simulate the structural behaviour of a large structure in fire until collapse. The consistency of the concrete
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model for capturing the behaviour of a complex structure is highlighted by the analysis of the membrane
forces distribution on Figure 6.

Figure 7. Deformed shape at collapse of a concrete shell roof subjected to fire (SAFIR model).

5 CONCLUSION
A plastic-damage concrete model has been developed and implemented in the software SAFIR for the
analysis of structures in fire. The model is able to capture the phenomenological behaviour of concrete at
ambient and elevated temperature and is sufficiently robust to be used in large-scale fire analysis. The
model parameters can be identified by three elementary tests: uniaxial compression, uniaxial tension and
biaxial compression. Transient creep strain is explicitly computed and takes into account the stresstemperature history in the material.
Validation of the new model has been performed against experimental data given in the literature at
ambient and elevated temperature. It has been shown that the plastic-damage model accurately captures
the unilateral effect due to the closing of the tensile cracks during unloading from tension to compression,
whereas elastoplastic models are unable to capture this effect. At the structural level, the model has been
validated by comparison against a test carried out at BRANZ on a reinforced concrete flat slab, 3.30 m
wide by 4.30 m long, subjected to ISO fire exposure during 3 hours. Finally, the ability of the model to
be used in large-scale structural simulations has been illustrated by presenting the fire analysis of a
concrete shell roof, in the framework of the rehabilitation of a concrete building.
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Abstract. This paper provides a probabilistic study of a typical perimeter column under fire. Random
variables in demand and capacity models are identified and their corresponding probabilistic models are
developed. In particular, probabilistic models are developed for the mechanical and thermal properties of
steel and properties of insulating materials. Using probability distributions for selected variables and
Monte Carlo Simulation, an estimate of the probability of failure of the perimeter column is determined.
The methodology can be easily used in other structural evaluations.

1 INTRODUCTION
For years, the available design procedures for fire have been largely based on perspective codes or
performance-based guidelines with deterministic input variables; however, performance-based design
provides the designer with more flexibility and opportunity for higher level of safety at lower costs.
Therefore, the fire engineering community has started to move towards performance-based design
procedures in which the probabilities of achieving specified performance levels are specified. In order to
satisfy the performance targets, a probabilistic analysis should be carried out and uncertainties at various
levels of design and analysis of the structure should be considered. Although in recent years, regulatory
authorities have started to put together the available methodologies, there is still no document that
describes the step-by-step procedure for the probabilistic analysis of a structural member under fire.
This paper proposes a probabilistic framework to evaluate the performance of a perimeter column
under fire. As part of the probabilistic analysis, it is required to consider uncertainties in the input
variables of the formulation. Therefore, probabilistic models for the fire load density, thermal and
mechanical properties of steel and properties of insulating materials are developed and presented. The
new probabilistic model presented in this paper is specific to perimeter column members of office
buildings; however, given the developed probabilistic models for input variables, the procedure can be
easily extended to other structural members.
The procedure has two main steps: (1) Demand model: in which randomness in the fire load density is
modeled and the fire temperature-time evolution is obtained; (2a) Capacity Model-Thermal Analysis: in
which randomness in thermal properties of steel and insulating materials is modelled and the steel
temperature-time evolution is obtained and (2b) Capacity Model-Structural Analysis: in which
randomness in mechanical properties of steel is modelled and a structural analysis that considers the
thermal loads is performed. In this paper, Monte Carlo Simulations are employed to perform the
probabilistic evaluation of the structural member.
The paper first explains the developed framework. The procedure is then applied to a prototype
perimeter column in an office building. The analysis is performed on both protected and unprotected
columns. Probability of failure and time to failure of the column for each case is calculated.
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2 DEMAND MODEL
During a fire event, compartment temperatures depend mainly on three factors: (1) geometric
characteristics of the compartment, (2) properties of the boundary of enclosure and (3) fire load density.
All three groups of variables have uncertainties related to them; however, Hurley [1] indicates that
thermal properties of the enclosure linings are not likely to change and the results are not highly sensitive
to those variables. On the other hand, value of the fire load is one of the most important factors that
influences temperatures reached during a fire event and a great deal of uncertainty exists in estimating the
design value of fire load.
The basis for developing temperature-time curves for this paper is the parametric curves of Eurocode1
(EC1) [2], which provide a closed-form deterministic solution. The Eurocode provides suggestive
deterministic values for the characteristic fire load density qfk, which is one of the random variables in the
EC temperature-time curve solution. The fuel loads have large uncertainties associated with them,
therefore surveyed data for fire loads are used to develop a probabilistic model for qfk. For this purpose,
the available fire load survey results were studied [3, 4, 5, 6] and compared with the values suggested in
the Eurocode. Details of this study can be found in [7]. Based on the survey results, a new probabilistic
fire load is calculated in this paper considering the room usage and room floor area. First, two categories
of rooms are considered: (1) light-weight which include general, clerical, lobby and conference rooms;
and (2) heavy-weight which include filing, storage and libraries in an office. Using the survey data, the
deterministic Eurocode model is then modified by application of a methodology proposed by Gardoni et
al. [8].
Gardoni et al. [8] developed a Bayesian-based procedure that takes available deterministic models and
systematically creates a probabilistic model that accounts for uncertainties such as model errors (in case
of inaccurate model in which variables are missing), measurement errors or statistical uncertainty. In this
procedure correction terms, which include variables that are thought to be missing, are added to the
deterministic model. Unknown parameters in the correction terms are calculated based on the actual
measured data and a Beyesian probability formulation. The final probabilistic model includes the
deterministic model, the correction terms and a term that defines the model error.
Eqs. 1 and 2 present the corrected models for fire load density, where qfk is the design value taken
from EC1 (MJ/m2) and Af is the compartment floor area (m2). The last term in both equations represent
the model error in which values of 0.5712 (in Eq. 1) and 0.5708 (in Eq. 2) represent the standard
deviation of the model error and ε is the random variable with standard normal distribution (i.e., normal
distribution with zero mean and unit variance). These models include the influence of room usage and
size. Details of the model derivation are explained in [7].
Light-weight compartments: q fk ,corrected = exp ⎡⎣ ln(q fk ) + 0.3178 − 0.0047( A f × 10.76) + 0.5712ε ⎤⎦

(1)

Heavy-weight compartments: q fk ,corrected = exp ⎡⎣ ln(q fk ) + 1.6188 − 0.0081( A f × 10.76) + 0.5708ε ⎤⎦

(2)

Figs. 1 and 2 show a comparison of fire loads from survey results qfk,data with predicted fire loads by
the Eurocode (qfk,Eurocode) using the “uncorrected” values (existing Eurocode methodology qfk) and the
“corrected” values qfk,corrected, Eqs. 1 and 2. The 1:1 lines drawn on the plots represent a perfect match
between the data and Eurocode. The corrected models for both light and heavy weight categories
demonstrate an improvement for fire load values when compared to the data from the survey results. Fig.
1 shows that the correction improves the accuracy of the prediction in particular for qfk <1500 MJ/m2, the
correction does not work as well for higher values of qfk; however, qfk greater than 1500 MJ/m2 is highly
improbable for a light-weight category. Similarly, Fig. 2 shows that for extremely large loads in the range
of 4000 MJ/m2, the model is not well fitted, but again such large loads are highly improbable for a room
in an office building.
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To perform probabilistic analysis, it is assumed that qfk has a lognormal distribution with mean of 420
MJ/m2 and standard deviation of 126 MJ/m2 calculated based on the statistics provided in the EC1 [2]. A
randomly generated value for qfk is then corrected based on Eqs. 1 and 2. Finally, EC1 closed-form
solution [2] is applied to calculate the temperature-time curve.

Figure 1. Corrected fire load density compared to Eurocode predictions

3 CAPACITY MODELS
The lumped mass procedure described in [9] is a simple closed-form procedure that can be used to
determine the temperature in a steel section assuming uniform temperature through the depth. When a
temperature gradient is expected (e.g., for columns on the perimeter of a building), a closed-form
methodology developed by Quiel and Garlock [10] will be used to calculate the gradient.
Beam-columns are members that are designed to carry both axial load (P) and bending moment (M).
In general, the structural capacity of a beam-column member is controlled by one of the three limit states:
full section yielding, global buckling and local buckling. Focus of this paper will be on the first limit state
for wide-flange (WF) sections with thermal gradient under combined P and M. Closed-form solutions for
predicting the structural response of a perimeter column, developed by Quiel and Garlock [10], are based
on the model shown in Fig. 2 and Eq. 3.

Figure 2: Column model for Quiel and Garlock’s model [10]

(

)

P = Po + ε total − ε o kspring L ≥ Po

(3)

where εo represents the initial strain experienced by the column, L is length of the column, εtotal is
comprised of the mechanical strain (εσ) plus the thermal strain (εT), which equals the coefficient of
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thermal expansion times the change in the fiber’s temperature. The total strain is adjusted by εo so that
only upward displacements can induce an increase in P. Finally, Po represents the initial applied axial
load experienced by the column and the vertical spring kspring in Fig. 2 represents the resistance to vertical
thermal expansion. A detailed description of this methodology for every time-step in the analysis is given
by [10].
As part of the probabilistic analysis, random variables of the capacity model by Quiel and Garlock
[10] are identified and uncertainties in the variables are included in the analysis. The random variables in
the capacity model can be grouped into three categories: (1) Mechanical properties of steel (Fy and Ey),
(2) Thermal properties of steel (thermal conductivity ks, specific heat cs and thermal strain α) and (3)
Properties of insulating materials (thermal conductivity ki, specific heat ci and density ρi).
Properties of steel and insulating materials change with temperature. Predicting such changes at high
temperatures is not an easy task. A similar approach, which was used to obtain the probabilistic fire load
density qfk is again employed to include the uncertainties in mechanical and thermal properties of steel
and fire protection materials. It should be noted that the three groups of random variables are typical to
any method of thermal analysis and the probabilistic material properties developed in this paper can be
used in other types of thermal analysis of structural members.
3.1 Properties of Steel at High Temperatures
A recently published report by the National Institute of Standards and Technology (NIST) [11]
provides a comprehensive study on the yield strength of steel (Fy) at various temperatures and for various
types of steel. The report includes the available data in the literature as well as results of another study by
NIST on structural steel properties as part of the World Trade Center (WTC) collapse investigation. The
NIST report proposes the following closed form solution for the yield strength of steel at various
temperatures (Fy,T), which is a continuous exponential function:

k y,T =

Fy,T
Fy

1.0 ⎤
⎡ ⎛ * ⎞ 5.708
−1 T
1 ⎛ T* ⎞ ⎥
⎢
= exp
− ⎜
⎟
⎢ 2 ⎜⎝ 590 ⎟⎠
2 ⎝ 919 ⎠ ⎥
⎣
⎦

where T* =T-20

(4)

The deterministic NIST Model is modified based on the collected data following Gardoni’s
methodology (Table 1). Fig. 3 shows the available data and Fy variation at different temperatures. The
measured data used for the analysis were collected and reported in the NIST study [11]. In the figure, the
proposed envelope is +/- one standard deviation of the proposed mean value, which reflects a smaller
dispersion of data at higher temperatures. At every temperature, a value within the envelope can be
randomly selected for the value of Fy in which standard deviation of the model error is included.

Figure 3: Proposed probabilistic model for Fy,T based on the deterministic model by NIST

A similar procedure is also applied to obtain a probabilistic model for the Modulus of Elasticity Ey.
The corrected solution (in Table 1) is based on the measured data collected by Kodur et al. [12] and the
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deterministic model in Eq. 5 provided by ASCE in Structural Fire Protection Manual [13]. Fig. 4 shows
the corrected model and one standard deviation envelope. Random values within the envelope can be
selected at all temperatures. The plot shows that values of Ey at any temperature are limited to the value of
Ey at the ambient temperature. Dispersion of measured data for Ey is relatively large, especially at larger
temperatures. The proposed envelope considers the scatter of data and is optimized over all data points.

k E,T =

E y,T
Ey

⎧
T
T ≤ 600 C
⎪ 1+
T
⎪⎪
)
2000 ln(
=⎨
1100
⎪ 690 − 0.64 × T
⎪
T > 600 C
T − 53.5
⎪⎩

⎫
⎪
⎪⎪
⎬
⎪
⎪
⎪⎭

(5)

Figure 4: Proposed probabilistic model for Ey,T based on the deterministic model by ASCE

Finally, deterministic Eurocode3 (EC3) [14] solutions for thermal conductivity ks, specific heat cs and
thermal strain α=Δl/l (Eqs. 6,7 and 8) are corrected based on the measured data from [12] and following
Gardoni’s methodology. In the case of thermal conductivity (Eq. 6), for temperature values less than
800°C, as the temperature increases, thermal conductivity decreases with a linear relationship. For
temperature values above 800°C, the number of measured data is limited and the predicted thermal
conductivity in the corrected model varies slightly between 30 and 35 W/m K. The specific heat of steel
increases with temperature until a large spike forms at around 750°C (Eq. 7). This is due to a phase
change that occurs in steel at which point steel absorbs considerable energy. Finally, the thermal strain
increases linearly with temperatures up to 750°C, at which point the phase change occurs (Eq. 8). The
thermal strain stays almost constant at temperatures between 750°C and 800°C and starts to increase
again at above 800°C.

For T < 800 C ks = 54 − 3.33 × 10 −2 T
For T ≥ 800 C ks = 27.3
For T < 600 C cs = 425 + 7.73 × 10 −1 T − 1.69 × 10 −3 T 2 + 2.22 × 10 −6 T 3
13002
For 600 ≤ T < 735 C cs = 666 +
738 − T
17820
For 735 ≤ T < 900 C cs = 545 +
T − 731
For 900 ≤ T ≤ 1200 C cs = 650
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Δl
= 1.2 × 10 −5 T + 0.4 × 10 −8 T 2 − 2.416 × 10 −4
l
Δl
For 750 ≤ T ≤ 860 C
= 1.1× 10 −2
l
Δl
For 860 < T ≤ 1200 C
= 2 × 10 −5 T − 6.2 × 10 −3
l

For T < 750 C

(8)

Table 1 provides the probabilistic closed form solutions for thermal and mechanical properties of steel
at various temperatures. In each equation, ε is a random variable with the standard normal distribution.
The table shows that the corrected equations involve either an exponential function or a square root
function. These two functions are used to stabilize the variance in the measured data.
Table 1: Probabilistic formulations for thermal and mechanical properties of steel at high temperatures

Property
Basis
Proposed Model*
Yield
NIST [11]
ky,T,corrected=exp[log(ky,T)-0.0421+ ε ×0.1464]
Strength
Elastic
ASCE[13]
kE,T,corrected= [(sqrt(kE,T))+7.0597-0.0002×T-7.1932×T0.0051+ ε ×0.1042]2
Modulus
Thermal
EC3 [14]
ks,corrected=exp[ln(ks)-0.0831+0.0003×T+ ε ×0.0626]
Conductivity
Specific
EC3 [14]
cs,corrected=exp[log(cs)-0.0272+0.0001×T+0.4555/(0.9989-T)+ ε ×0.061]
Heat
Thermal
EC3 [14]
αcorrected=α -0.0039+ ε ×0.0495
Strain
* where T is the Temperature and ε is the standard normal variable.
3.2 Properties of Protecting Materials at High Temperatures
The report by NIST [15] provides results of a study on passive fire protection for buildings, in
particular the WTC buildings, and presents test results for properties of insulating materials at high
temperatures (ki, ci, ρ). Three sprayed fire-resistive materials (SFRMs) were tested. Properties of these
insulating materials varied from type to type; therefore an average of measured data was used as the
deterministic predicting values and it was left to Gardoni’s methodology to generate the probabilistic
closed-form solutions relating temperature to the material property under study, as summarized in Table
2.
It was observed that density of insulating materials decreases linearly with increasing temperature up
to 600°C. This is expected since with an increase in temperature, volume increases and consequently
density decreases. Very limited data points were available for temperatures above 600°C but this data
showed an increase in material density. The sudden change in behavior of material with a few available
data points was hard to explain. However, this might have been due to measurement errors at high
temperatures. The data points above 600°C were not included in the analysis and the corrected model
decreases linearly at high temperature values. Also, the specific heat and thermal conductivity of
insulating material increase linearly as temperature increases.
Table 2: Probabilistic formulations for thermal properties of insulating materials at high temperatures

Property
Density
Thermal
Conductivity
Specific Heat

Proposed Model
ρi=exp[ln(258.9)+0.0716-0.0003×T+0.0656× ε]
ki=0.17705-0.1438+0.0003×T+0.0493× ε
ci=1.384-0.3178+0.0008×T+0.892×ε
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4 PROBABILISTIC PERFORMANCE
The column under study is based on an actual perimeter column from One Meridian Plaza (1MP)
steel structural frame, which suffered a multi-story fire in 1991 [16]. The column section is W14x314 and
is positioned such that it takes moment on the strong axis.
4.1 1MP Demand Model
The Eurocode compartment fire model, modified by the procedure explained in Section 2, is used to
approximate the probabilistic fire time-temperature curve. Floor plans of 1MP show that a typical floor
has closed offices on the perimeter with open offices arranged in the interior area [16]. The offices are not
aligned with the position of the columns; therefore, the compartment size in Eqs. 1 and 2 is selected as the
tributary area of the column. Gypsum plaster was assumed as the compartment lining material. The
compartment fire load density was corrected with the light-weight category equation (Eq. 1). Heavyweight categories (Eq. 2) are derived for smaller room areas (such as storage and etc.), therefore when the
equation is used to correct larger compartments, it results in smaller fire load densities. Also, it is
assumed that the compartment has automatic water extinguishing system, automatic fire detection and
smoke detector, safe access routes, regular fire fighting devices and smoke exhaust system.
Based on the above assumptions, Fig. 5 shows the Probability Distribution Function (PDF) for the
maximum fire temperature in the compartment and the temperature-time curve for the highest, lowest,
and mean maximum temperature obtained considering 18000 random realization of EC1 formulation [2].
The average maximum temperature is 788 °C and the highest maximum temperature obtained is 1161 °C
with standard deviation of 92.8. When compared to a deterministic study by [16], the estimated maximum
temperature for the same column was calculated to be 1000 °C. According to [16] this was consistent
with the estimated maximum temperature reached in the WTC towers. It should be noted that [16]
assumed a decay rate of 5°C per minute to be consistent with the observations during the actual 1MP fire.
The temperature-time plot in Fig. 5 assumes a decay rate of 5°C per minute.

Figure 5: (Left): Probability Distribution Function of the maximum fire temperature, (Right): The temperature-time
curve for the highest maximum fire temperature

4.2 1MP Capacity Model
The methodology is applied to the W14x314 column with and without fire protection materials.
Regulations require all columns to be protected, but the fire protection materials may be dislodged due to
events such as blast or impact or even by the loss of cohesion over time. Therefore the unprotected cases
are not unrealistic and represent the conservative envelope of possible behavior. On the other hand, the
protected cases, which assume that the fire protection material is flawless and remains intact for the
duration of the fire, represent the upper limit of all possible behaviors [16].
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After defining the demand model, the procedure explained in Section 3 is applied to perform
structural and thermal analysis of the W14x314 column. Properties of the insulating materials for the
protected column are also defined based on the probabilistic models explained in Section 3.
Given the developed probabilistic demand and capacity models, Monte Carlo Simulations (MCS) are
used to calculate the probability of failure for a prototype perimeter column with and without fire
protecting materials. Fig. 6 shows the column thermal analysis for the highest obtained temperature.
Results show that in the case of the unprotected column, the steel temperature passes 1000 °C, at which
point, the value of yield strength and modulus of elasticity of steel is reduced by more than 90%. On the
other hand, the steel temperature in the protected column is always less than 250 °C. This indicates that in
the case of protected column, the steel yield strength is not reduced and the modulus of elasticity is
reduced no more than 10%.

Figure 6: Steel temperature-time curve for the unprotected case (left) and the protected case (right)

The MCS results show that probability of failure for the unprotected column is 0.108 (considering
18000 realizations) and the protected column will not fail. Fig. 7 shows the Cumulative Distribution
Function (CDF) for the failure time of the unprotected column. The plot shows that if the unprotected
column fails, the average failure time for the column is 43.5 min while 50% of the time the column fails
at about 38 min. This figure also shows that, for example, if the column fails, about 80% of the time it
will fail in less than 60 min and only 20% of the time it fails in less than 30 min. Tables 3 and 4 compare
results of the probabilistic analysis with those of a deterministic study by [16]. Comparing the mean
failure time from the probabilistic analysis with the deterministic results shows that deterministic results
are relatively conservative.

Figure 7: The cumulative distribution function for the failure time of the unprotected case
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Table 3: Statistics of the failure time for unprotected column

Probabilistic Analysis
(Matlab)

Minimum
17.9

Time to Failure (minutes)
Maximum
Mean
Median
83.0
43.5
37.9

Std. Dev.
17.2

Table 4: Calculated failure time for the unprotected column based on Quiel [16]

Time to Failure (minutes)

Finite
Element
34

Deterministic
Analysis (Matlab)
32

Fig. 8 shows the path of P/Py and M/My of the unprotected column over time and the plastic P-M
capacity envelope at the failure time. The plot corresponds to a case with failure time close to the mean
failure time (43.5 minutes). The plot indicates that for the unprotected case, the combined P and M
reaches the plastic capacity envelope at about 41.5 minutes. As time passes and temperature increases, Py
decreases implying that P/Py increases, explaining why the path of P/Py and M/My is moving up.

Figure 8: Normalized P-M performance for the unprotected case

5 CONCLUSION
The paper provided a probabilistic framework to evaluate performance of steel perimeter columns in
high-rise buildings under fire. As part of the framework, a Bayesian approach was used to develop
probabilistic models for fire load density, thermal and mechanical properties of steel and properties of
insulating materials. The proposed probabilistic models can be used to evaluate the thermal performance
of any structural member. Results of the Monte Carlo Simulations showed that the maximum temperature
achieved in the compartment under study was slightly higher than 1100 °C, at which point, the value of
yield strength and modulus of elasticity of steel is reduced by more than 90%. Given the probability
distribution of fire temperatures, the mean failure time for the unprotected perimeter column in an office
building was about 43 minutes and 80% of the time the column failed in less than an hour. On the other
hand, the protected column did not fail.
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Abstract . The investigations on the residual Mode-I fracture behaviors of concrete subject to high
temperatures were carried out in present paper. The test specimens were exposed to temperatures varying
from 65ºC to 600ºC with their weight losses monitored. The wedge splitting method was employed to
obtain the Load-CMOD (crack mouth opening displacement) curves of post-fire specimens from which
the fracture energy GF was calculated. It was demonstrated that GF sustained a hold-increase-decrease
tendency with Tm. Furthermore, the characteristic length lch as a brittleness parameter was calculated
and shared a similar tendency with GF, which meant these two parameters had the same function to be
the index of brittleness for post-fire concrete. Finally the fracture and brittleness parameters could be
closely related to the ultimate weight loss.

1

INTRODUCTION

To date, much attention has been paid to the fracture properties at room temperature, whereas limited
tests focuses on the fracture behaviours subject to high temperatures. As well as mechanics properties
(including strength and stiffness ), the fracture energy is a very useful fracture toughness parameter for
designing concrete structures, manufacturing high-performance concrete materials and analyzing
structure behaviours subject to various high-temperatures environments.
Based on the three-point bending and eccentric compression tests on both dry and saturated concrete
specimens heated up to 200ºC, Bazant and Pratt[1] reported GF tests. Three different (out geometrically
similar) notched specimen sizes were applied and the maximum loads to infinite size were extrapolated
by means of the Bazant size-effect-law. Hot tests are performed at 4 temperatures, 20ºC, 65ºC, 120ºC and
200ºC on the ordinary concrete with limestone aggregate (w/c=0.6). The fracture energy derived by
means of size-effect-law decreases monotonically with temperature to about 50% at 200ºC compared with
its value at room temperature. For saturated specimens tested in hot water the decreasing effect is even
stronger.
Baker[2], B.Zhang[3] conducted the three-point bending tests on the notched preheated beams, and
found that the fracture energy bore an increase-decrease tendency with increasing temperatures. Their
experimental result at lower temperature is contradictory to that of Bazant and Pratt. Nielsen and Bicanic
[4] also measured the residual fracture energy of normal-strength gravel concrete and high-performance
basalt concrete subject to high temperatures and obtained a similar increase-decrease tendency. B.Zhang
[5] investigated the effects of heating temperatures up to 450ºC and testing conditions (hot and cold) on
the fracture energy of high-performance concrete, and found that the fracture energy generally sustained a
decrease-increase tendency with the heating temperatures for hot concrete but a hold-increase-decease
tendency for the cold concrete. However, Felicetti et al. [6] did not get a conclusive result when measured
fracture energy of concrete specimens preheated to 500ºC.
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In mainland, China, Gai-Fei Peng [7] investigated the residual fracture energy of fiber-toughened
concrete exposed to high temperatures ranging from 200ºC to 800ºC. The experiment showed that fiber
concrete had much higher fracture energy than plain concrete and the residual fracture energy increased
significantly until a transition point was reached at 400ºC, thereafter it decreased continuously up to
800ºC.
This article presents experimental results on temperature dependency of the fracture energy GF by
conducting wedge splitting tests on the notched preheated specimens. The complete load-crack mouth
opening displacement curve (P-CMOD) was obtained. The residual fracture energy GF of specimens after
being exposed to elevated temperatures Tm was calculated and its relationship with Tm was identified.
Furthermore, the ultimate weight loss w of test specimens after cooling was monitored and could be used
to further study the fracture behaviour of concrete, thus the relationships between GF and w were
established. Finally, the characteristic length lch as a brittleness parameter was also calculated.

2

THE EXPERIMENTAL DETAILS

Overall 50 concrete specimens with the same dimensions 230×200×200mm were prepared in the test.
All the specimens had a precast notch of 80mm height and 3mm thickness by placing a piece of steel
plate into the molds prior to casting. The concrete mix ratios were listed in table 1, with common Portland
cement mixed medium sand and 16mm graded coarse aggregate. The slump of the concrete was
controlled between 90mm and 150mm. Meanwhile, 24 standard concrete prisms with dimensions
150×150×300mm were also casted to determine the residual compressive strength and residual Young's
modulus of post-fire specimens. Each wedge splitting specimens and prisms were embedded a thermal
couple for temperature control. After 60 days of natural curing, compressive test were carried out at
ambient temperature, given the compressive strength of 35.5 MPa, Young's modulus of 32.8 GPa.
Table 1 Concrete mix design

Contents
Cement
Sand
Coarse aggregate
water
Quantities:kg/m3
230
791
1010
185
Ratio
1.00
3.44
4.39
0.80
Nine heating temperatures range from 65ºC to 600ºC (Tm=65ºC, 120ºC, 200ºC, 300ºC, 350ºC, 400ºC,
450ºC, 500ºC, 600ºC) were adopted with ambient temperature for reference. Since it was recognized that
the fracture behaviour measurements were generally associated with significant scatter, for each
temperature 5 repetitions were performed. An electric furnace with net dimensions 150×150×300mm was
employed for heating. The initial furnace temperature was set 100ºC higher than the specified temperature
Tm considering the undesirable thermal conductivity of concrete. When the temperatures in the concrete
approached target value (approximately 80% of the final temperature), the furnace temperature was
turned down to Tm. Finally, when the designated Tm was reached, the furnace was shut down and the
specimens were naturally cooled for 7 days prior to test.
A closed-loop servo controlled hydraulic jack with the maximum capacity of 1000kN was employed
to conduct the wedge splitting test. Two Clip-on Extensometers were suited at the mouth and the tip of
crack respectively to measure the crack mouth opening displacement (CMOD) and crack tip opening
displacement (CTOD). To obtain the complete load-deflection curve (P-CMOD), the test rate was at a
fixed rate of 0.4mm/min, hence it approximately took 20 mins to complete a single test of specimens
subject to less than 300ºC, and 30 mins for beyond 300ºC. In the compressive test, the post-fire prisms
were first propressed to 0.5MPa and then unload to zero; thereafter it was compressed to failure at a fixed
rate of 1mm/min.
2.1 The experimental phenomena
In the cases of loading test on specimens exposed to relatively lower temperatures (20ºC~200ºC), the
splitting load generally reached its peak with no visible crack observed. However, once the first crack
initiated, the splitting load dropped dramatically. The crack propagated vertically and rapidly to the
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Pre c a stnotc h

bottom of specimen along with the precast notch. The fracture surfaces obtained at these temperatures
were granular in character. The cohesion of the grains with the cement paste was high at those
temperatures, which caused grain cracks in numerous sites. At temperatures above 200ºC, it was obvious
that more than one cracks branching from the tip of notch and competing to form the final fracture. The
fracture surfaces tended to be more tortuous and less cracks across the grains were observed, pulling from
the grains out of the cement paste occurred. It could be attributed to degradation of cohesion between the
coarse aggregates and mortar paste. Above 400ºC complete destruction took place in the cement paste,
resulting in the propagation of a fracture through the cement paste. The test phenomenon of post-fire
specimens was shown in figure 2.

Pv

Pv/2

Ph
θ

Fig. 1 The geometry of specimens

Fig. 2 The testing phenomenon of post-fire specimens

2.2 The residual compressive strength fpr
Figure 3 shows that the residual compressive strengths generally sustained a three-stage deceaserecovery-decease tendency with Tm. It first sharply decreased at 100ºC, and then slightly recovered up to
300ºC, thereafter it continuously decreased again. fpr decreased from 31.41 MPa at the room temperature
to 22.91 MPa at 100ºC, with a sudden drop of 8.5 MPa or 27% and gradually recovered to 26.34 MPa at
300ºC. Thereafter it continuously decreased to 16.74 MPa at 600ºC with a net drop of 14.67 MPa or 48%.
The fpr -Tm curve was expressed by using the following combined quadratic and linear relationship as:
r = 0.951

20ºC<Tm< 300ºC

(1)

f pr = -0.0377Tm + 38.112

r = 0.908

300ºC<Tm< 600ºC

(2)
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Figure 3 the residual compressive strength fpr with Tm
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2.3 The Residual Young's modulus E
Figure 4 shows that the residual Young's modulus of the concrete, E, decreased monotonously with
the increasing heating temperatures. It could be explained by the fact that higher heating temperatures
always caused higher moisture evaporation from the concrete reduced the stiffness of cement paste and
aggregates. Young's modulus E continuously decreased from 32.80 GPa at room temperature to 15.1GPa
at 300ºC, and finally 7.18 GPa at 600ºC with a significant loss of 25.62 GPa or 78%. The E-Tm curve
could be expressed using a logarithmic equation as follows with the correlation coefficients r=0.951.

E = -6.3311Ln(Tm) + 52.093

20ºC<Tm< 600ºC

(3)

2.4 The Weight Loss wu for different heating temperatures Tm
Figure 3 shows that wu increased tri-linearly with Tm. At first, wu increased rapidly with Tm up to
200ºC, thereafter it kept increasing at a small, steady rate with Tm ranging from 200ºC to 450ºC, and
above 450ºC, wu increased quickly again. In the first stage, wu was due to the evaporation of the
macroscopic capillary water in the concrete which could be regarded as a predominantly physical process.
When Tm was varied between 200ºC and 450ºC, wu was mainly due to the evaporation of gel water. The
smaller evaporation rate was attributed to the difficulty for gel water to escape from the gel pores with
small sizes. This stage can be described as a physico-chemical process due to the evaporation of
mesoscopic gel water. In the third stage, wu was mainly attributed to the dehydration and decomposition
of hardened cement paste and aggregates, representing a predominantly chemical process due to
evaporation of microscopic, chemically combined water. Typically, wu was 7.01% for 200ºC, 7.18% for
450ºC and 8.53% for 600ºC.
6
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Fig. 5 The weight loss of specimens with Tm
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Fig. 6 Load vs. CMOD curves of specimens with Tm

2.5 The Complete Load-Deflection (P-CMOD) curve
To determine the fracture energy of concrete for varied heating scenarios, the complete loaddisplacement curves (P-CMOD curves) are crucial. A complete load-displacement curve can represent a
number of findings: the initial stiffness, the ultimate load capacity, the displacements at cracking and
failure, hardening and softening properties, etc. Even its geometric shape can reflect the toughness and
brittleness in some way: When the P-CMOD curve is tall and spiky, the concrete can be described as
brittle. When it is short and extended, the concrete is less brittle and softer.
Figure 6 presents typical complete load-displacement curves for different heating temperatures up to
600ºC from the wedge splitting tests on the concrete specimens. A curve obtained for unheated specimens
at the room temperature is also plotted in the figure as a reference. It shows that the ultimate load Pu
generally decreased significantly with increasing temperatures Tm while the crack mouth opening
displacement (CMOD) increased monotonously with Tm. The initial slope of ascending branches
decreased with heating temperatures and the curve became gradually shorter and more extended. Figure 7
shows Pu slightly increased from 5.198 kN at room temperature to 5.563 kN at 65ºC. It then continuously
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decreased to 4.09 kN at 120ºC, with a sudden drop of 1.47 kN, 3.287 kN at 200ºC, 1.957 kN at 400ºC,
and 0.884 kN at 600ºC, with a final drop of 83%. Meanwhile, the critical CMOD corresponding to the
ultimate load Pu was increased from 0.120 mm at 20ºC to 0.212 mm at 65ºC, and 0.357 mm at 120ºC,
0.213 mm at 200ºC, 1.032 mm at 400ºC, and 1.908 mm at 600ºC with a final increase of 15 times. From
figure 6 and 7, it was concluded that the concrete became less brittle with the increasing heating
temperature. The PuT/ Pu0 and CMODc0/CMODcT curve could be expressed by the following exponential
equations:

P uT/P u0=1.2865e-0.0033Tm
CMODc 0/CMODc T=1.0498e-0.0045Tm

8.00

1.2

7.00

P uT/P u0
CMODc0/CMODcT

(5)
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Fig. 7 Pmax and CMODc of specimens varied with Tm

Fig.8 the relationship of CMODc and CTODc with Tm

2.6 The relationship between CMOD and CTOD
Figure 8 presents that the crack mouth opening displacement (CMOD) and the crack tip opening
displacement (CTOD) was in a linear relationship for all heating scenarios. The lines slope increased with
Tm, that meant the CMOD increased with heating temperatures corresponding to the same CTOD, the
heating effect made the concrete softer and ductile.

3 FRACTURE ENERGY GF
The fracture energy, GF, defined as the total energy dissipated over a unit area of the cracked ligament,
was obtained on the basis of the work done by the force (the area under a load-displacement curve in
wedge splitting test on a centrally notched specimens). The fracture energy GF was calculated based on
the following equation
GF

∫
=

∆0
0 P ( ∆)d ∆

B( H − a0 )

(6)

Here, Δ0 is the ultimate displacement when the specimen is broken, P(Δ) presents corresponding load
to Δ, B, H are the thickness and height of the specimen, a0 is the initial notch depth of the test specimen.
3.1 Fracture energy for different heating temperatures Tm
Figure 9 presents the residual fracture energy GF from wedge splitting test on the concrete specimens.
The magnitude of GF at each heating scenarios was significantly discrete, whereas the average value
sustained a hold-increase-decrease tendency. GF first kept constant up to 105ºC at approximately 400N/m,
and then it suddenly decreased to 317N/m at 200ºC with a net drop of 80N/m or 20%. Thereafter it
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increased with Tm to 438N/m at 300ºC, and 488N/m at 450ºC. Generally, for temperatures under 200ºC
appeared not to induce much thermal damage to concrete, the cracking resistance was kept constant.
Heating temperatures between 200ºC and 450ºC helped to further hydration of the cement paste and
strengthen the interface with the aggregates, and the fracture surface tended to be more tortuous than
those observed at lower temperatures, so more energy were dissipated in these specimens. However,
higher heating temperatures would cause more microcracks, dehydration and decomposition and degrade
the resistance. After 450ºC, GF continuously decreased with Tm and eventually drop down to 233N/m at
600ºC, which was much smaller than the reference value at room temperature. The GF-Tm curve could be
expressed by using the following cubic equation as:

GF = -0.000007Tm3 + 0.0053Tm2 - 0.8258Tm + 409.89 200ºC≤ Tm≤600ºC

(7)

with correlation coefficient r=0.82.
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Fig.9 The fracture energy of specimens with Tm
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3.2 Fracture energy against wu
Figure 10 depicted the relationship of GF with the ultimate weight loss wu. The reference fracture
energy at room temperature, corresponding to the zero weight loss, was also included. Generally, the GFwu shared the same three-stage hold-increase-decrease tendency as GF-Tm. That is, at the first stage, GF
changed very little up to 200ºC when the transition point wu1 reached. The damage to the concrete caused
by the vapour pressure during heating eliminated the toughening effect associated with the weight loss. At
the second stage, GF rapidly increased until another transition weight loss wu2 was reached. In this study,
wu2 was 7.18% corresponding to 450ºC. This stage was accompanied by the evaporation of gel water
which promoted the further hydration of the cement paste and strengthened the interface with the
aggregates, and the fracture surface tended to be more tortuous. In the final stage, GF decreased
monotonously with wu, mainly due to the dehydration and decomposition of hardened cement paste and
aggregates.

4 CONCRETE BRITTLENES S
Brittleness is commonly understood to be the tendency for a material or a structure to fracture
abruptly before significant irreversible deformation occurs. Different brittleness of toughness parameters
are used to assess concrete brittleness, including energy-based and complex parameters. Hillerborg et al.
[9] proposed the characteristic length lch as a brittleness parameter:
lch =

GF EC
ft 2
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Where ft is the tensile strength of the concrete, which could be replaced by f' t. The value of f' t. would
take from literature [8] also done by authors. Because l ch includes a combination of energy, stiffness and
strength parameters, it is regarded as a synthetic brittleness parameter. The larger the value of lch, the less
brittle of tougher the concrete is.
4.1 l ch against Tm
Figure 11 presents that ch sustained a hold-increase-decrease tendency with Tm. lch generally kept a
constant value until a transition point was reached at 200ºC, then it increased rapidly with heating
temperatures up to 450ºC, the ultimate lch value reached 3.79 m, which held 5.05 times larger than that at
room temperature. Thereafter, lch decreased continuously with heating temperatures to 600ºC, with final
l ch value of 2 m or a net increase of 288% to the room temperature. The l ch-Tm curve was expressed by
using the following combined quadratic and linear relationship as:

l ch = 0.00005Tm2 - 0.0096Tm + 1.1041

r = 0.992

20ºC≤ Tm≤450ºC

(9)

l ch = -0.0113Tm + 8.957

r = 0.988

450ºC≤ Tm≤600ºC

(10)
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Fig.11 The characteristic length of specimens with Tm

Fig.12 The characteristic length of specimens with w u

4.2 l ch against w
Figure 10 shows the relationship between lch and wu which shared the same tendency as l ch-Tm.
Generally, the weight loss due to heating helped to toughen the concrete so as to reduce the brittleness.
The value of lch first kept constant even slightly decreased with w until a transition w1 was reached at
200ºC, and thereafter increased sharply with Tm until another threshold value wu2 reached. Finally, from
450ºC to 600ºC, l ch decreased continuously with the final value at 600ºC was 4 times than that at room
temperature.
The brittleness of concrete was greatly dependent on the composition and structure of the concrete.
When w<wu1, the evaporation of capillary water only slightly changed lch or brittleness, because it did not
cause many structural changes during this physical process. When wu1< w<wu2, lch increased very
dramatically with wu, mainly owing to the evaporation of gel water and chemical bound water and even
decomposition. These chemical reactions induced a lot of microcracks so as to increase the toughness
significantly. However when w>wu2, due to the dehydration and decomposition of hardened cement paste
and aggregates, the concrete suffered significant damages that the capacity of resisting fracture is
consequently decreased. This result was a little different from the conclusions of literatures [3] and [4].
Furthermore, the l ch-Tm curve shared the same tendency with GF-Tm curve, which meant these three
parameters have the same function to be the index of brittleness for post-fire concrete.
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5 CONCLUSIONS
The effects of heating temperatures on the residual fracture properties of concrete, including the
strength parameter (compressive strength fpr), the stiffness parameter (Young's modulus E), the fracture
energy parameter (GF) and finally the brittleness parameter (the characteristic length lch ) have been
investigated by conducting wedge splitting tests on the pre-notched heated specimens. The following
conclusions could be drawn:
(a) The residual compressive strengths fpr generally sustained a three-stage decease-recovery-decease
tendency with Tm, it finally decreased by 16.74 MPa or 48% at 600ºC.
(b) The residual Young's modulus of the concrete, E, decreased monotonously with the increasing
heating temperatures Tm. Higher heating temperatures always caused higher moisture evaporation from
the concrete reduced the stiffness of cement paste and aggregates and it finally decreased to 7.18 GPa at
600ºC with a net drop of 78%.
(c) The weight loss, as a continuous non-reversible process, steadily increased in a three-stage
tendency, including the predominantly physical process, physico-chemical process, chemical process,
(d) The complete load-displacement (P-CMOD) curves were obtained from the wedge splitting test
on specimens. The heating temperatures significantly influenced the shapes of curves. High temperatures
generally lower the peak and extended the curves, so that decreased the brittleness of the concrete.
(e) The magnitude of fracture energy GF at each heating scenarios had a significant discreteness,
whereas the average value sustained a hold-increase-decrease tendency with increasing heating
temperatures. The GF changed with weight loss wu in a similar way. At first, the evaporation of capillary
water at low heating temperatures only slightly affected GF, and then the evaporation of gel water
significantly increased the fracture energy. Thereafter the dehydration and decomposition of hardened
cement paste and aggregates reduced the fracture energy greatly.
(f) The characteristic lengthlch sustained a hold-increase-decrease tendency with Tm, and a combined
quadratic and linear relationship showed a good coincidence with variation tendency. Meanwhile, the
relationship between lch and w u changed in a similar way as lch-Tm. This result was a little different from
the existed literatures. Furthermore, the l ch -Tm curve shared the same tendency with GF-Tm curve, which
meant these two parameters have the same function to be the index of brittleness for post-fire concrete.

REFERENCES
[1]
[2]
[3]

[4]
[5]

[6]

Bazant Z.P. and Prat P.C: Effect of temperatures and humidity on the fracture energy of concrete.
ACI Materials Journals, 1988, 85, No.4, p. 262.
Baker G: The effect of exposure to elevated temperatures on the fracture energy of plain concrete.
RILEM Materials and Structures, 1996, 29, No.190, p.383.
Zhang B., Bicanic N., Pearce C.J. and Balabanic G.: Residual fracture properties of normal and
high-strength concrete subject to elevated temperatures. Magazine of Concrete Research , 2000, 52,
No.2, p.123.
Nielsen C.V. and Bicanic N.: Residual fracture energy of high-performance and normal concrete
subject to high temperatures. RILEM Materials and Structures , 2003, 36, No.262, p.515.
B. Zhang and N. Bicanic: Fracture energy of high-performance concrete at high temperatures up to
450ºC: the effects of heating temperatures and testing conditions (hot and cold). Magazine of
Concrete Research, 2006, 58, No.5, p.277.
FELICETTI R., GAMBAROVA P.G., ROSATI G.P., CORSI F. and GIANNUZZI G. Residual
mechanical properties of high-strength concretes subject to high-temperature cycles. 4th
International Symposium on Utilizations of High Strength/High Performance Concrete , Paris, 1996,
579-588.

558

YU Jiangtao, YU Kequan, LU Zhoudao

[7] Gai-Fei Peng, Wen-Wu Yang, Jie Zhao, Ye-Feng Liu, Song-Hua Bian, Li-Hong Zhao. Explosive
spalling and residual mechanical properties of fiber-toughened high-performance concrete subject
to high temperatures. Cement and Concrete Research (36) 2006, 723-727.
[8] Yu Jiangtao. Experimental and Theoretical Research on Damage Assessment of Reinforced Concrete
Member after Fire. Shanghai: Tongji University, 2007.
[9] HILLERBORG A., MODEER M. and PETERSON P.E. Analysis of crack formation and crack
growth in concrete by means of fracture mechanics and finite elements. Cement and Concrete
Research, 1976, 6, No. 6, 773-782.

559

7th International Conference on Structures in Fire
M. Fontana, A. Frangi, M. Knobloch (Eds.)
Zurich, Switzerland, June 6-8, 2012

RESIDUAL AND POST-COOLING STRESS-STRAIN CURVES FOR
TRADITIONAL AND SELF-COMPACTING CONCRETE
Emmanuel Annerel* and Luc Taerwe*
* Magnel Laboratory for Concrete Research, Department of Structural Engineering, Faculty of
Engineering & Architecture, Ghent University
e-mails: emmanuel.annerel@ugent.be, luc.taerwe@ugent.be
Keywords: fire, concrete, load ratio, post-cooling storage, stress-strain model, Sargin
Abstract. This paper presents a model for the stress-strain relationship of both traditional and selfcompacting concrete after exposure to fire. The model is based on the Sargin model which is used in
EN1992-1-1 and takes further into account the load ratio maintained during heating, the temperature
level and the storage period after cooling. Therefore, a test program is conducted with variation of the
load ratio up to 30% of the initial strength, temperatures up to about 500°C and storage periods of 0
days (immediately tested after cooling) or about 50 days in moist air.

1 INTRODUCTION
After a fire, concrete structures behave in most cases very well. Although damage to the structure will
occur, it is of economic interest to assess the structures after fire and calculate the remaining load bearing
capacity. For this purpose, an adequate understanding of the post-cooling behaviour is necessary, as well
as mechanical models which take into account the changes due to heating and storage.
When concrete is heated, its strength decreases gradually with temperature, which is influenced by the
applied load (beneficial effect) and the heating rate (possible thermal shock for fast heating). Also the
cooling rate has an influence. Fast cooling such as quenching into water introduces a thermal shock with
possible additional strength losses of up to 30-35% as found for the concretes studied in this paper [1].
Furthermore, during post-cooling storage in moist air, further strength losses appear due to the formation
of new portlandite which is accompanied by a 44% internal expansion. For the concretes studied in this
paper, strength losses of up to 20-30% are observed around 7 days of storage [1]. Finally, the strength
may slowly recover due to hydration of unhydrated cement particles, resulting in a possible strength
recovery of up to 10% as found for the studied concretes [1].
The proposed residual and post-cooling stress-strain models in this paper, take these effects into
account by testing the remaining strength immediately after cooling (residual strength) and after a storage
period in moist air for about 50 days. A full description of the test results is given in [2].

2 TEST PROGRAMME
A traditional vibrated concrete (TC) and a self-compacting concrete (SCC) are considered in this
paper. Both concretes are made with OPC and siliceous aggregates. The specimens are cast with a
diameter of 106 mm and a height of 320 mm. These specimens are cured for 28 days at 20±1°C and
>90% R.H., followed by storage at 60% R.H. and 20±1°C for about 29 months. The concrete
composition and the initial mechanical properties are given in Table 1.
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Table 1. Concrete mix and initial mechanical properties.

sand [kg/m³]
gravel 2-8 mm [kg/m³]
gravel 8-16 mm [kg/m³]
Portland cement I 52.5 [kg/m³]
water [kg/m³]
limestone powder [kg/m³]
superplasticizer [l/m³]
W/C [-]
density at 28 days [kg/m³]
fccub150,28d [N/mm²]
fccil106x320,900d [N/mm²]
Eccil106x320,900d [N/mm²]

SCC

TC

782
300
340
400
192
300
2.90
0.48
2344
65.0
63.3
38500

640
525
700
350
165
0.47
2374
55.9
46.0
37500

The concrete specimens are heated to different target temperatures (about 175°C, 300°C and 500°C
respectively) under external load ratios of 0, 20 and 30% of the initial strength. The target temperatures
are chosen as follow: at 175°C a total loss of the free moisture content is assumed, 300°C corresponds to
the onset of strength loss and 520°C is related to the decomposition of portlandite. Each target
temperature and load condition is tested for each concrete twice, except for the load ratio 0% for TC
which is only tested once. The heating rate equals 5°C/min, which is slow heating compared to ISO 834
standard fire, but corresponds to accidental heating according to [3]. To reach uniform temperature inside
the concrete, the maximum temperature is held constant for 750 minutes. After heating, the specimens are
allowed to cool slowly in a closed oven at a heating rate of about 0.5°C/min. When the specimens are
cooled down to ambient temperature, the load is removed and the specimens are stored at moist air (60%
R.H. and 20±1°C) for 7 weeks (TC) and 8 weeks (SCC). The specimens are tested for Young’s modulus
after this post-cooling storage period, whereas a second series of cylinders heated without load is also
tested for Young’s modulus immediately after cooling. Notice that these conditions are beneficial for the
compressive strength (slow heating and slow cooling: no thermal shock), except for the post-cooling
storage that may result in an additional strength loss of up to 20-30%.
Preliminary tests show a high spalling risk for both TC and SCC samples. This spalling results in the
total loss of the specimen, which makes it impossible to test the remaining mechanical properties. Also to
avoid damage to the test setup, the specimens are dried to reduce the spalling risk. The TC specimens are
pre-dried for 1 day, while the SCC samples are pre-dried for 1 week (till constant mass).

3 TEST SETUP
Figure 1 illustrates the test setup, consisting of an electric split oven, a loading system, a specially
designed displacement device and a PC unit (Vishay S5000 data acquisition system). The oven is
positioned on top of welded HE 200 M profiles and a concrete block. A hydraulic jack placed in a
loading frame transfers the load via a series of X105 Cr Mo 17 steel cylinders towards a concrete
specimen inside the oven. The hydraulic jack is connected to a pump and an accumulator. Once the
required pressure is reached in the hydraulic jack, the pump is disconnected. From then on, the pressure is
maintained by means of the accumulator, which is filled with oil to about half of its volume and the other
half with nitrogen gas.
To protect the oven from damage as a consequence of possible spalling, the concrete cylinders are
placed in a surrounding steel tube. The gap at the top opening of the oven is filled during the heating test
with high temperature glass fibres insulation.
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Figure 1. Test setup: (1) loading frame, (2) hydraulic jack, (3) series of X105 Cr Mo 17 steel cylinders, (4) tube
around concrete specimen, (5) HE 200 M profiles, (6) concrete block, (7) accumulator, (8) oven.

4 RESIDUAL AND POST-COOLING STRESS-STRAIN MODEL
After the heating test and the applied subsequent post-cooling storage, the concrete cylinders are
tested for Young’s modulus (displacement controlled test according to NBN B 15-203: 0.002 mm/s). As a
basis for a residual and post-cooling stress–strain model, the analytical formulation as proposed by Sargin
and Handa [4] and given in EN 1992-1-1 is used. The model is modified by defining the different
parameters as temperature dependent, given in Eq. 1 by the subscripts T.

0  H  H cu1,T :

VT
f cm,T

k K  K 2 and
K
1  k  2 K

H H c1,T

(1)

where İ, occurring strain; İ c1,T , strain corresponding to the compressive strength of heated concrete;
İ cu1,T , nominal ultimate strain of heated concrete; ı, occurring stress (N/mm2); f cm,T , compressive strength
of heated concrete (N/mm2).
Initially the k-parameter is the ratio of the tangent modulus at the origin to the secant modulus taken
at the compressive strength, while in the new model it is a function of temperature found from non linear
regression. Besides this k-parameter, Table 2 also presents the ratios of the temperature altered strain and
compressive strength to their initial properties as function of temperature. This process is repeated for
each concrete, load ratio and post-cooling storage period.
Figure 2 shows the recorded stress–strain curves of TC in comparison with the values found from the
modified Sargin model, respectively for load ratios of 0% and 0 days of storage (a), 0% and 49 days of
storage (b), 20% and 49 days of storage (c), 30% and 49 days of storage (d). Adequate agreement is
found between both, especially in the lower temperature region (<300°C). At 520°C, a larger difference is
observed between the model and the measured curve for some cases. Similar relationships are found for
the SCC specimens.

563

Emmanuel Annerel and Luc Taerwe

Table 2. Formulas for the parameters of the modified Sargin model

Storage

Į

k

İc1,T / İc1,20°C

fcm,T / fcm,20°C

[days]

[%]

[-]

[-]

[-]

Traditional concrete TC
0

0

k = -1.468E-03.T + 1.718
İc1,T/ İc1,20°C = 9.658E-06.T² - 2.607E-03.T + 1.034
fcm,T/fcm,20°C = -8.873E-07.T² - 6.320E-04.T + 9.886E-01

49

0

k = -6.576E-04.T + 1.342
İc1,T/ İc1,20°C = 1.190E-08.T³ - 6.000E-04.T + 1.012
fcm,T/fcm,20°C = 4.355E-07.T² - 1.675E-03.T + 1.035

49

20

k = -8.216E-04.T + 1.448
İc1,T/ İc1,20°C = 7.450E-09.T³ - 7.000E-04.T + 1.014
fcm,T/fcm,20°C = -5.113E-07.T² - 1.090E-03.T + 1.018

49

30

k = -7.682E-04.T + 1.403
İc1,T/ İc1,20°C = 1.220E-08.T³ - 1.150E-03.T + 1.024
fcm,T/fcm,20°C = -8.272E-07.T² - 1.013E-03.T + 1.025

Self-compacting concrete SCC
0

0

k = -2.489E-04.T + 1.161
İc1,Tİc1,20°C = -2.990E-06.T² + 2.635E-03.T + 9.308E-01
fcm,T/fcm,20°C = -5.877E-06.T² + 2.426E-03.T + 9.545E-01

56

0

k = -2.306E-04.T + 1.147
İc1,T/İc1,20°C = 1.29E-08.T³ - 8.000E-04.T + 1.020
fcm,T/fcm,20°C = -2.416E-06.T² + 4.813E-05.T + 1.001

56

20

k = -2.682E-04.T + 1.162
İc1,T/İc1,20°C = 1.020E-08.T³ - 7.000E-04.T + 1.017
fcm,T/fcm,20°C = -2.832E-06.T² + 3.736E-04.T + 9.921E-01

56

30

k = -3.071E-04.T + 1.188
İc1,T/İc1,20°C = 9.190E-09.T³ - 6.000E-04.T + 1.016
fcm,T/fcm,20°C = -3.810E-06.T² + 7.663E-04.T + 9.841E-01

İc1,20°C

strain corresponding to the initial compressive strength [-]

fcm,20°C

initial compressive strength [N/mm²]
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60

Į 

Stress [N/mm²]

50

0 days storage

20°C

40

175°C

300°C

a)
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520°C
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0
0

0,001

0,002
0,003
Strain [-]

60

0,005

Į 

20°C
50

Stress [N/mm²]

0,004

49 days storage
175°C

40
30

b)

300°C
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10
0
0

0,001

0,002

0,003

0,004

0,005

Strain [-]
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20°C

Stress [N/mm²]
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Į 
49 days storage

175°C
40

300°C

c)

30
20

520°C
10
0
0

0,001

0,002
0,003
Strain [-]

0,004
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20°C
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49 days storage
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300°C
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0
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0,004
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Figure 2. Residual (0d) and Post-cooling (49d) stress-strain curves of TC for different load ratios
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Figures 3 and 4 illustrate for TC, respectively SCC the stress-strain curves found from the models
belonging to a heating cycle without external loaG Į  )RUWKLVORDGUDWLRWKHVSHFLPHQVDUHWHVWHG
for Young’s modulus immediately after cooling (0 days) and after a post-cooling storage in moist air
(60% R.H. and 20±1°C) for 7 weeks (TC) and 8 weeks (SCC). The curves are depicted relatively to the
initial compressive strength and its corresponding strain. It is found that the post-cooling storage yields a
loss of the compressive strength of up to 20% for TC and up to 30% for SCC. Similar values were found
in [1, 5] for 150 mm cubes. Furthermore, the Young’s modulus drops significantly due to the exposure
after fire to the moisture from the environment. The strain corresponding to the compressive strength
seems to increase with storage time due to the loss of mechanical properties. However, for SCC, this is
only observed for the samples heated to 530°C.
For 205°C and also 315°C, Figure 4 shows for the curves belonging to SCC without post-cooling
storage an increase of the compressive strength of up to 20% compared to the initial strength. This
phenomenon is also observed for 150 mm cubes and is due to the drying procedure at 105°C till constant
mass [5]. Drying at 105°C for a short period results in a loss of the compressive strength of about 20%,
whereas drying till constant mass results in a recovery of the strength to the initial strength for TC and
even a strength increase for SCC [5]. Similar observations can also be found in [6]. The loss of 20%
corresponding to a short drying period of 1 day can be found in Figure 3 for the TC curve belonging to 0
days of post-cooling storage.
1
0,9

ıIFP&>@

Į 

175°C

0,8
0,7

- : 0 days storage
o : 49 days storage

20°C

0,6
0,5
0,4

300°C

0,3
0,2

520°C

0,1
0
0

0,5

1
1,5
İİF&>@

2

2,5

Figure 3. Stress-strain models of TC (Į = 0.0) with variation of temperature and post-cooling storage
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İİF&>@
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Figure 4. Stress-strain models of SCC (Į = 0.0) with variation of temperature and post-cooling storage
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Figures 5 and 6 show for TC and SCC the stress-strain models corresponding to different
temperatures and load levels for the specimens submitted to a post-cooling storage. Several conclusions
can be derived from these figures:
x

Generally, the effect of load during heating shows for the same temperature level an increase of
compressive strength and Young’s modulus. The concrete seems to suffer less from the
degradation due to heating. However, the improvement of the compressive strength is only about
3 to 9%. At about 500°C, the strength even drops for the samples heated with a load ratio of 0.3
compared to 0.2. Notice that the drying process at 105°C may have altered the compressive
strength and its ratio to the non dried reference at 20°C.

x

At about 175°C and 300°C, the Young’s moduli of the specimens heated under load are close to
each other. When compared with Figures 3 and 4, the Young’s moduli of the samples heated
under load are comparable to the ones without load, but tested immediately after cooling.

x

At about 500°C, the strains reach 2 to 2.5 times the value at 20°C. For lower temperatures, the
increase of the strains is rather small.
1
0,9

175°C

Į = 0.0

ıIFP&>@

0,8
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20°C
Į = 0.2
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0
0
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İİF&>@

2

2,5

Figure 5. Stress-strain models of TC with variation of temperature and load level (7 weeks post-cooling storage)
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Figure 6. Stress-strain models of SCC with variation of temperature and load level (8 weeks post-cooling storage)
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Figures 7 and 8 illustrate the compressive strength reduction of TC, respectively SCC. The following
observations can be derived:
x

Compared to TC, SCC is characterized by a less steep reduction in compressive strength as
function of temperature (see also Figures 5 & 6).

x

Significant differences are found between the curve belonging to the specimens tested
immediately after cooling (0 days storage) and the curves belonging to several weeks of storage.
As mentioned in the introduction, further strength loss will occur upon storage due to the
expansive reaction of newly formed portlandite. Additional strength losses of up to 20% for TC
and 30% for SCC are found and are not influenced by the load ratio.

x

In the temperature range 175-300°C, a different behaviour is stated for TC and SCC for the
curve belonging to 0 days storage. A strength drop is found for TC, whereas a strength increase
is observed for SCC.
1,4

fcm,T/fcm,20°C [-]

1,2
1
0,8
0,6
TC_Load 0.0_Storage 0d
TC_Load 0.0_Storage 7we
TC_Load 0.2_Storage 7we
TC_Load 0.3_Storage 7we

0,4
0,2
0
0

100

200
300
400
Temperature [°C]

500

600

Figure 7. Compressive strength reduction of TC
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Figure 8. Stress-strain models of TC with variation of temperature and load level (7 weeks post-cooling storage)
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5 CONCLUSIONS
x

For both TC and SCC, a residual and post-cooling stress-strain model is derived. As a basis the
Sargin model defined in EN 1992-1-1 is used. The different parameters are modified as temperature
dependent, for which a relationship with the initial property is found by means of non linear
regression analysis. The models result in adequate agreement with the experimental data. However,
in some cases, the agreement is less for high temperatures of about 500°C.

x

Due to slow heating and slow cooling, no thermal shock is introduced that can result in additional
strength losses. However, the model takes into account the effect of strength losses during the postcooling storage period. Compressive strength losses of up to 20% for TC and 30% for SCC are
found, whereas the Young’s modulus also decreases. In most cases, the strain corresponding to the
compressive strength also increases with storage time.

x

The effect of load during heating and cooling results in an increase of the compressive strain of
about 3 to 9%, while the Young’s modulus also increases and reaches for temperatures till about
300°C the values found immediately after cooling.

x

The compressive strength as function of temperature decreases faster for TC than for SCC.
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Abstract. This paper presents the results of an experimental study on the effect of elevated
temperature up to 8000C on the compressive strength and thermal expansion of geopolymer concrete.
The effects of molarity of alkali activator and curing conditions on the compressive strength of
geopolymer concrete at elevated temperature up to 800°C are also studied. The results show that, the
geopolymer concrete gained between 10% and 50% of its ambient strength after exposure to 800°C
temperature, compared to 80% loss of OPC concrete. Geopolymer concrete exhibited about 10% less
strain to that of OPC concrete mix containing same aggregates. Geopolymer concrete with low molarity
(10 Molars) benefited with significant strength gain whereas geopolymer concrete with high molarity (16
Molars) only attained minor increase in strength at elevated temperatures above 400°C. The same is
true when geopolymer concrete was cured for a longer duration.
1 INTRODUCTION
Ordinary Portland cement (OPC) concrete is one of the most widely used construction materials in
the world. It generally offers adequate fire resistance for most normal applications. It is a non
homogenous composite material whose fire performance is controlled by that of aggregates and cement
paste. Concrete has a low thermal conductivity (50 times lower than steel) and therefore heats up very
slowly in fire. It is the low thermal conductivity that provides good inherent fire resistance of concrete
structures. It is non-combustible and does not produce any smoke, toxic gases or emissions in a fire
situation. Although concrete provide excellent performance in fire, but it is blamed to be the main source
of greenhouse gas emission into atmosphere. It is estimated that, to produce one tonne of cement about
one tonne of CO2 is released in the atmosphere [1]. Moreover, around 5-8% of global CO2 emission is
from cement manufacture and makes it the third most polluting activity of mankind [2]. Therefore, it is
necessary to look into alternative ways of reducing the use of cement in concrete. The introduction of
“geopolymers” as a novel binder promises to be a good prospect as an alternative to Portland cement [3].
The term “geopolymer” is first proposed by a French materials scientist named Joseph Davidovits in 1978
after he activated the materials of geological origin with alkaline liquids to obtain the cementing
properties [3].
Geopolymer comes from a family of inorganic polymers with an amorphous microstructure instead of
crystalline. It is a series of chains or networks of mineral molecules that are linked with a covalent bond.
Geopolymer concrete is a ‘new’ material that does not use Portland cement as a binder. Instead, source
materials such as fly ash, slag, metakaoline, etc., that are rich in Silicon (Si) and Aluminium (Al), are
used to react with alkaline liquids to produce the binder [4].
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Considerable researches have been conducted on geopolymer concrete [5]. However, very little is
reported on the behaviour of geopolymer concrete in fire and at high temperature [6-7]. Most published
research focused on the residual strength of geopolymer concrete tested at ambient temperature after
exposure to elevated temperatures. Currently, no data exists on the in-situ compressive strength of
geopolymer concrete at elevated temperature. Also not much is known about the thermal expansion
behaviour of geopolymer concrete when heated up to 800°C during fire. This paper presents the results
of an experimental study on the effect of elevated temperatures on the thermal expansion and compressive
strength of geopolymer concrete. The effects of molarity of alkali activator and curing conditions on the
residual compressive strength of geopolymer concrete at elevated temperature up to 800°C are also
evaluated in this study.

2 EXPERIMENTAL PROGRAM
In total, six series of mixes were considered. Three series were for geopolymer concrete and the rest
were OPC concrete. In each series, several concrete cylinders of 100mm in diameter and 200mm in
height were cast and tested. The first and second series were designed for a target 28-day compressive
strength of 50 MPa for geopolymer and OPC concrete, respectively. These two series were designed to
compare the thermal expansion of geopolymer concrete with that of OPC concrete of same strength. In
the third series, the total aggregate content was kept similar to that of the first series and by comparing
these two series (series 1 and 3) the effect of geopolymer binder on the thermal expansion of geopolymer
concrete can be evaluated. Series 4 was a geopolymer mix, which was similar to series 1, but subjected to
40 hours of steam curing at 60°C. The comparison of series 4 with series 1 would reveal the effect of
long steam curing on the compressive strength of geopolymer concrete at elevated temperatures. In series
5 the molarity of sodium hydroxide was increased to 16 and by comparing the results with that of series 1,
where 10 molar of sodium hydroxide was used, the effect of high molar alkaline liquids on the
compressive strength of geopolymer concrete at elevated temperatures was evaluated. Series 6 was
designed to evaluate the effect of elevated temperatures on OPC concrete and compared with that of
geopolymer concrete. In each series, three cylinders were cast and tested for each elevated temperature
regime. The results shown in section 5 are average of three cylinders.

3 MATERIALS, MIX PROPORTIONS AND CURING
The cement used in the study is general purpose (GP) Portland cement which corresponds to ASTM
type I. The fly ash used is originated from Collie power station in Western Australia and satisfies ASTM
class F classification. The fly ash consists of an amorphous part about 60% by wt. and a crystalline part
about 40% by wt. The chemical composition of fly ash is shown in Table 1. The crystalline part of the fly
ash has low reactivity and acts as fine aggregate in the binder system. The activating solutions used are
sodium silicate with a chemical composition of (wt.%): Na2O = 14.7, SiO2 = 29.4 and water = 55.9. The
other characteristics of the sodium silicate solution are: specific gravity = 1.53 g/cc, and viscosity at 20OC
= 400 cp. The sodium hydroxide solution is prepared from analytical grade sodium hydroxide pellets. The
mass of the NaOH solids in the solution varied depending on the concentration of the solution expressed
in terms of molar, M. In this study, the NaOH solution with a concentration of 10M is considered in all
geopolymer concrete, except series 5, and consisted of 10 x 40 = 400gms of NaOH solids per litre of the
solution, where 40 is the molecular weight of NaOH. The NaOH (Sodium Hydroxide) is first mixed with
de-ionized water with the ratio of 0.4:1 and produce sodium hydroxide solution. During the mixing of
sodium hydroxide solution, the white sodium hydroxide pellets were slowly dissolved by the addition of
de-ionized water. A rise of temperature occurred as the sodium hydroxide pellet slowly dissolved into
solutions. And then the sodium hydroxide solution is mixed with Na2SiO3 (Sodium Silicate) with the
ratio of 0.4:1 and produced the alkali activator. The alkali activator solution is then used for the mixing of
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Table 1. Chemical compositions of fly ash
SiO2

Al2O3

Fe2O3

CaO

MgO

SO3

Na2O

K2O

LOI

51.5%

23.63%

15.3%

1.74%

1.2%

0.28%

0.38%

0.84%

1.78%

geopolymer based cementitious composites. The mixing is carried out in a pan mixer. First, the
aggregates and cement or fly ash (in case of geopolymer matrix) are dry mixed for approximately 2-3
minutes and then the water or alkaline activator solution (in case of geopolymer matrix) and
superplasticizer are slowly added into the mix and continues to mix for another 3-4 minutes. The
geopolymer specimens are then subjected to stream curing at 60°C immediately after casting, for 24 hours
and 40 hours, for series 6 samples only. The stream curing is carried out in the stream curing room in the
laboratory. The specimens are then demolded after 24 hours and stored in the laboratory in open air until
the date of testing. The OPC concrete cylinders are demolded after 24 hours and stored in the curing
tanks where they are subjected to standard wet curing conditions. Detail mix proportions of all series in
this study are shown in Table 2.
Table 2 Mix proportions of geopolymer and OPC concrete
Mix proportions in kg/m3
Series

1
2
3
4
5

4

Cement

500
497
-

Fly
ash

Sand

408
408
408

647
770
647
647
647

Coarse agg. Size (mm)
7

10

20

647
647
647
647

554
330
554
554
554

770
-

Alkali activator
NaOH
10M
16M
41
41
41

Na2Sio3
103
103
103

Added
water

Superplasticize
r

14.3
225
250
14.3
14.3

6.1
6.1
6.1

THERMAL EXPANSION AND COMPRESSIVE STRENGTH MEASUREMENT

In order to heat the concrete specimens to temperatures upto 800°C, a 36 litre locally manufactured
kiln was used. An Orton Express controller was used to control the temperature elevation rate and the
maximum temperature in the kiln. In this study, the set temperature elevation rate was 800°C per hour,
and the maximum temperature was set at 900°C. These two variables were kept constant during the whole
experiment. Two 150 mm diameter holes were drilled through top and bottom of the furnace of the kiln to
facilitate easy access of thermocouples to concrete cylinder, ceramic rods for expansion measurements
and stainless steel cylinders to facilitate the compression testing and expansion measurements inside the
furnace. Heat resistant materials were used to block any heat escaped through the holes at top and
bottom. The experimental setup can be seen in Figure 1.
Before heating any concrete sample in the furnace, the top few millimetres of concrete specimens
were sawed off by a diamond cutter to produce an even surface for the ceramic rod and stainless steel
cylinder to rest upon. The samples were then put in an electric oven at 105°C for 24 hours to dry any
excess moisture in accordance with AS 1774.30 [8].
In the case of thermal expansion measurements, the concrete cylinder was placed inside the furnace
and was supported on a stainless steel cylinder, which was inserted through the bottom hole of the
furnace. The remaining portion of the stainless steel cylinder at the bottom of the furnace was wrapped by
thermal insulation cloth to minimise heat loss. The detail experimental setup for thermal expansion
measurement is as shown in Figure 2(a). Figure 2(b) shows the inside image of the furnace. In this
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Figure 1. Experimental setup for compression and thermal expansion tests of concrete cylinders at elevated
temperatures.

(b)

(a)

Figure 2. (a) Experimental setup for the measurement of thermal expansion of geopolymer and OPC concrete samples.
(b) Inside view of kiln with concrete cylinder and ceramic rod.

(a)

(b)

Figure 3. (a) Experimental setup for the measurement of in-situ compressive strength of geopolymer and OPC concrete
samples. (b) Inside view of kiln with stainless steel cylinders on top and bottom of concrete cylinder.
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study, ceramic rods were used to measure the thermal expansion of concrete cylinder. The purposely
drilled hole on top of the furnace allowed the ceramic rods to extrude out of the kiln and dial gauges were
placed on top of the rods, which were able to read the expansion of the rods. The thermal expansion of
the stainless steel was not a great concern since two ceramic rods were used to measure the relative
expansion of the concrete sample, using the stainless steel surface as a reference. Once the concrete
sample was placed in the furnace, the specimen was then initially heated to 50°C and then readings were
taken from there on. Dial readings were manually taken at every 50°C increments of concrete core
temperature. Concrete temperature was measured through the thermocouples attached to the concrete
specimen. Also at every 50°C increase in concrete temperature, the air temperature was also taken so that
the expansion of the ceramic rods were taken into account and corrected for.
As for the in-situ compressive strength testing of concrete cylinders at elevated temperatures, when
the concrete temperature reached the desired temperature, the kiln was turned off and load was applied
through the top stainless steel. The detail test setup for compressive strength measurements is as shown in
Figure 3. In this study, the compressive strength was tested under a steady state condition of the
temperature at 175, 400 and 8000C.

5 RESULTS AND DISCUSSION
5.1

Compressive strength of geopolymer concrete at ambient temperatures

The development of compressive strength of various geopolymer concrete (series 1, 4 and 5) at 7, 14 and
28 days are shown in Figure 4. It can be seen that by applying longer steam curing (40 hours in series 4 in
this study) to geopolymer concrete, the compressive strength can be increased and at 28 days it exhibited
about 22% increment. Similar improvement was observed at 7 and 14 days by increasing the molarity of
alkali liquids from 10M to 16M. However, no such improvement was noticed at 28 days.

Figure 4 Development of compressive strength of geopolymer concrete at ambient temperature
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5.2

Compressive strength of geopolymer concrete at elevated temperatures

The effect of elevated temperatures (175, 400 and 8000C used in this study) on the compressive strength
of geopolymer concrete are shown in Figure 5. The results presented in the figure represent the in-situ
compressive strength of heated concrete cylinders inside the kiln, which was done through a special
experimental setup shown in Figure 3. It can be seen that all geopolymer concrete exhibited reduction in
compressive strength when they were heated upto 1750C (see Figure 5(a)). Similar behaviour was also
observed in OPC concrete (see Figure 5 (b)). When the temperature was increased to 4000C a slight gain
in compressive strength was observed in geopolymer concrete. However, no such improvement is
observed in OPC concrete. When the concrete cylinders were heated upto 8000C, the geopolymer
concrete exhibited slight increase in compressive strength compared to their ambient strengths, except
series 5. The OPC concrete on the other hand exhibited significant reduction of its ambient compressive
strength when it is heated upto 8000C.

(a)

(b)
Figure 5. Compressive strength of geopolymer and OPC concrete at elevated temperatures

5.3

Effects of curing and molarity of alkaline activator on the compressive strength of
geopolymer concrete at elevated temperatures

The effect of long steam curing on the compressive strength of geopolymer concrete at elevated
temperatures can be seen in Figure 6(a). It can be seen that by increasing the steam curing period from 24
hours to 40 hours, the compressive strength of geopolymer concrete at elevated temperatures was
increased by about 15 to 20%. The geopolymer concrete, which obtained longer steam curing (40 hours),
exhibited about 20% compressive strength capacity at 8000C compared to 48% compressive strength
capacity at the same temperature when it obtained 24 hours steam curing (see Figure 7).
By increasing the molarity of alkaline activators in geopolymer concrete better performance in
compressive strengths at high temperatures was observed except at 8000C (see Figure 6(b)). The increase
of molarity from 10M to 16M exhibited about 23% and 7% residual compressive strength capacity at
4000C and 8000C, respectively, while maintaining similar compressive strength at 1750C (see Figure 7).
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(a)

(b)

Figure 6. Effect of curing and molarity of NaOH on the compressive strength of geopolymer concrete at elevated
temperatures

5.4

Thermal expansion of geopolymer concrete at elevated temperatures

The development of thermal expansion of geopolymer and OPC concrete at elevated temperatures upto
8000C is shown in Figure 8. The figure shows that, the geopolymer concrete (series 1) achieved the lower
thermal expansion compared to the OPC concrete (series 2 and 3). Series 1 and 2 were designed for same
28 day compressive strength. By comparing series 1 with 2, the positive effect of geopolymerization on
the thermal expansion of concrete at elevated temperatures can be revealed. The geopolymer concrete
exhibited about 19% lower thermal expansion compared to OPC concrete. However, it should be noted
that, the OPC concrete (series 2) contained bigger size coarse aggregates than that used in the geopolymer
concrete. This discrepancy can be eliminated by using the same size of coarse and fine aggregates of same
contents as used in series 3. And by comparing series 1 with 3, it can be seen that the geopolymer
concrete also exhibited lower thermal expansion (about 10%) than that of OPC concrete containing
aggregates of equal amount and size. This clearly indicates that the geopolymer paste greatly contributed
to the thermal expansion behaviour of concrete. Paste research indicates that the shrinkage of geopolymer
paste is slightly less than that of cement paste at 8000C [9-10]. However, the result in this study indicates
that the shrinkage of cement paste is slightly less than that of geopolymer paste (comparing series 1 with
3), given that fact that both concrete contained same amount of aggregates of same size.

6

CONCLUSIONS

This paper presents results on the compressive strength and thermal expansion behaviour of geopolymer
concrete exposed at elevated temperatures. The experimental studies led to the following conclusions:
1.
2.
3.
4.

Geopolymer concrete exhibited higher or at least similar compressive strength at and above
4000C temperature compared to their ambient compressive strengths.
The application of longer steam curing in geopolymer concrete is found to improve the
compressive strength both at ambient and elevated temperatures.
The increase of molarity of alkaline activator in geopolymer concrete is found to improve the
compressive strength both at ambient and elevated temperatures except at 8000C.
The thermal expansion of geopolymer concrete is found to be about 10 to 19% less than that of
OPC concrete.
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Further research is on-going to investigate the effect of the geopolymerization process on the fire-resistant
properties of geopolymer concrete.
A successful establishment on the inherent fire resistance in
geopolymer concrete could lead to another regime of fire-protective materials.

Figure 7. Gain and loss of compressive strength of geopolymer and OPC concrete relative to ambient temperature after
heating at 175, 400 and 8000C. (Positive and negative signs indicate gain and loss of strength, respectively due to
heating.)

Figure 8. Thermal expansion of geopolymer and OPC concrete at elevated temperatures upto 8000C
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Abstract. Results from small scale fire spalling tests are published in many large peer review journals
dealing with fire and concrete. In the simplest approach an electrical furnace is used to slowly heat cubes
or cylinders. From the results general conclusions are drawn regarding the phenomenon of fire spalling
of concrete, i.e. the fire spalling phenomenon of concrete is threaded as equivalent to a material property.
There are several reasons for having large doubts about this approach.

1 INTRODUCTION
Severe spalling of a concrete structure exposed to fire can be dangerous from a safety perspective and
can lead to high expenses for the society as in the case of the large tunnel fires were the traffic flow can
be strangled for a long time during refurbishing. The main focus in this research area is then naturally
focused on trying to find suitable active measures to prevent the occurrence of spalling in sensitive
concrete mixes. The question is then how to validate a concrete mix or spalling preventing system. For
some systems such as insulating products the validation is generally no problem since standardised test
procedures are available, although great care must be taken to ensure that the test setup is properly
designed as the anchoring system for the protection is a critical parameter [1], but when a concrete in
itself shall be validated it is more difficult. It is generally not possible to perform full scale tests on
concrete structures; not only from an economical perspective but also that it would be very difficult to
make such tests. The question is thus how the spalling sensitivity of a concrete mix experimentally can be
determined. As a researcher it is natural to try to simplify the question at issue as far as possible to be able
to draw valid general conclusions, but great care must be taken when trying to simplify the spalling
phenomenon as the influence from the shape of the geometry and boundary conditions cannot be
quantified in detail. The implication of this is that, the further away you are from testing a real
construction, the less valid conclusions you can draw about the involved phenomenon. In the case of
testing unloaded small concrete specimens exposed to slow heating this factor is very seldom properly
addressed.

2 INFLUENCES ON FIRE SPALLING FROM GEOMETRY AND LOAD
During the late sixties and early seventies an extended test campaign was carried out by Meyer-Ottens
[2] and a good presentation and analysis of his results were done by Sertmehmetoglu [3]. The
experimental series included investigations of the influence on fire spalling from aggregate type, concrete
quality, compressive stresses, reinforcement, shape of the member and moisture content. Major findings
in context of the scope of the present article are:
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Compressive load [MPa]

During heating from two sides thin specimens with closely placed reinforcement are more
sensible to spalling then thick specimens without reinforcement.
During heating from two sides higher compressive stresses and thin cross sections led to
increase in the occurrence of spalling. A diagram from the work of Meyer-Ottens was
included in a previous version of the Eurocode 1992-1-2:1995. This nomogram, shown in
figure 1, is omitted from the most recent version of this document, probably due to the fact
that these two factors, thickness and load, are not the only important parameters influencing
spalling.
During one side heating when testing similar specimens with reinforcement close to the fire
exposed surface or close to the cold surface the specimens with reinforcement placed close
to the surface caused spalling whereas the specimens with reinforcement close to the cold
side did not spall.
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Figure 1 Area A: high risk of expolsive spalling, Area B: low risk of explosive spalling. Figure redrawn from ENV
1992-1-2:1995.

Hertz [4] performed tests on unloaded slabs with size 600 x 600 x 200 mm3 that was only heated from
one side in the centre 200 x 200 mm2. During these tests the cold concrete around the heated area worked
as a restrain for thermal expansion. During the tests the concrete spalled heavily for 20 minutes until the
frame of cold concrete cracked leading to release of the restrain and immediately the spalling stopped.
According to Dougill [5-6] cracking is often beneficial as it limits the development of thermal
stresses. In experiments with round mortar slabs moulded in a metal ring made of brass with a diameter of
30 cm he fund that a local heating with a oxy-acetylen flame in the centre led to melting of the hot area
surrounded by extensive cracking but no spalling. When the same experiment was performed with a more
general heating of the surface it spalled violently. In the first case the heated area was probably too small
for building up enough potential energy to be released in a violent spall and in the second case the restrain
from the brass ring combined with the built up of energy from thermal expansion lead to the
instantaneous brittle failure we call spalling.
When heating the edge of 600 x 500 x 200 mm3 specimens no spalling was recorded during ten
minutes of intense heating, see figure 2. The reason that no spalling occurred was probably that cracking
released stresses and moisture was released. When then letting the specimen cool down for approximately
half an hour and heating the specimen in the centre violent spalling started, illustrated in figure 3. This
shows clearly that the restrain is an important factor in the spalling phenomenon. A small specimen not
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loaded or restrained will crack as in the case of the first heating which limits spalling. This phenomenon
can also often be observed when testing large slabs heated from one side when a boundary zone without
spalling occurs close to the edges.

Figure 2. First heating no spalling. In the slab on the left side PP fibres were included.

Figure 3. Second heating severe spalling caused by restrain of cold concrete. Note the cracking and moisture flow out
from the edge of the spalled concrete.

The spalling behaviour during fire exposure of small unloaded specimens is not equal to the
behaviour of large loaded slabs. During a test including 8 loaded slabs, 1800 x 1200 x 200 mm3, and 9
corresponding cubes made of the same concretes this size effect was clearly shown. Three of the large
slabs spalled but none of the cubes spalled, see figure 4.
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Figure 4 Before and after a fire test in a horizontal furnace. Non of the fire tested cubes spalled but spalled material
from the corresponding large slabs used as a roof during the fire test can be seen around the cubes after the fire test.

In a study for development of a suitable test methodology for an upcoming test program on fire
spalling of concrete different shapes of specimens including cubes, slabs and cylinders were compared
with large slabs, 1800 x 1200 x 400 mm3 [7]. During the fire test in a horizontal furnace the large slabs
were loaded with 2.1 MPa in compression with an internal post stressing system and all small specimens
were unloaded, see figure 2. During the tests on concretes for tunnels a specially designed fire curve for
the Malmö City tunnel were used were the temperature after 26 minutes was 1000ºC and after 180
minutes 1280ºC. None of the small specimens shown in figure 5 spalled before melting which should be
compared to the large loaded slab shown in figure 6 that had an maximal spalling depth of 272 mm. Small
slabs made of the same mixes were also tested on a small furnace and some cylinders were sent to DTU
for tests according to the small scale method developed by Hertz [8]. In the Hertz method the flat surface
of restrained standard cylinders are fire exposed. Results from tests with the Hertz method showed no
spalling for the same concrete that is shown in figure 3 whereas the tests on small slabs showed spalling
but not the same amount as during the large test. Based on the results of the initial study, which includes
more different shapes then described in this article [7][9], it was decided to use loaded slabs 600 x 500 x
200 mm3 as main test shape but also to complement the small slabs with 1800 x 1200 x 200 mm3 slabs as
a reference and verification. The exact spalling depth of small loaded slabs of thickness 200 mm does not
correspond to the results from the large loaded slabs with the same thickness but similar trends in
behaviour could be seen. A conclusion from this is that small loaded slabs might be used as a rough
estimation of the spalling sensibility and can be a tool for comparing different factors but no conclusion
could be drawn regarding the actual spalling depth of larger specimens. The specimen shape effect on fire
spalling cannot be explained in detail with the present knowledge about the phenomenon. The main
reason for this is probably the complex interaction between crack development, moisture transport and
change of material properties due to the presence of moisture [10][11].
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Figure 5 Small unloaded test specimens made of tunnel concrete in fire testing furnace before fire test.

Figure 6 Large slab made of tunnel concrete after fire test. Severe spalling, up to 272 mm, followed by melting of the
surface.

3 INFLUENCE OF HEATING SCENARIO
There is a large difference in material response if a specimen is heated slowly as during material
testing were a typical heating ramp is 0.5-2 degrees per minute compared with rapid heating as during
real fire exposure. During rapid heating much more surface cracks evolves by the thermal gradient which
often leads to lower maximum pore pressure close to the surface [12]. Many of the early warnings of the
spalling sensibility of high strength concrete came as a spin-off from material testing i.e. when material
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testing at high temperature was going to be performed the specimens suddenly exploded during heating
[13][14].
When analysing explosions from material testing the phenomenon driving the spalling is different
compared with fire exposure of real elements. Therefore great care must be taken if conclusions about
influence from different material parameters on fire spalling of concrete shall be deduced from small
slowly heated unloaded test specimens as fire spalling of concrete is not a material property. More focus
must be put on the structural influence.

4 DISCUSSION AND CONCLUSIONS
Fire spalling is not a material property. The shape of the specimen and to what extent the specimen is
loaded or restrained during heating is crucial for the amount of spalling during fire. Very big differences
have been recorded when testing small unloaded specimens at the same time as larger loaded specimens.
The main reasons for this difference are:
The lack of load or restrain. It is well known from material tests that the mechanical
properties are highly influenced by the presence of load during heating [15-17]. This effect
is probably even higher in the surface layers in a rapidly heated concrete specimen. If the
mechanical degradation during heating is changed by the shape and restrain of the test
specimen the spalling sensibility is consequently also changed. When heating concrete the
aggregate and cement paste behaves differently. Initially during heating both the cement
paste and the aggregate expand but as the temperature rises the cement paste shrinks leading
to tensile stresses in the cement paste. When an external load is present this tensile stresses
arising from this difference is reduced. This limits the development of cracks during heating
under load [17] leading to accumulation of energy that in some cases are released at higher
temperatures in the spalling process.
The flow path for moisture during heating. The size and geometry as well as the loading
conditions affect the cracking developed during heating. Since the crack system affects the
moisture transport (the permeability) and the moisture condition is closely related to the
spalling behaviour it has a major effect on spalling. Small specimen’s results in short flow
paths and as unloaded specimens cracks more than specimens loaded during heating the
permeability grows rapidly which amplifies the moisture transfer. When moisture is not
drained from the critical spalling zone the reduction in strength by the presence of moisture
[10][11] along with a contribution from the stresses from thermal expansion and pore
pressure triggers the phenomenon of spalling and a flake of the surface is violently
detached.
When doing assessment of the spalling sensibility of a concrete construction the test specimen must
be manufactured to be as close to the real construction as possible if reliable results should be obtained. In
real constructions during a developing fire there is no concrete that is not loaded or restrained by its own
cold areas except maybe to some extent small sculptures, so very limited conclusion could be drawn
about fire spalling of real constructions by testing unloaded cubes or cylinders.
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Abstract. The rise of pore pressure is generally recognised as one of the governing factors of explosive
spalling in concrete structures exposed to fire. However, to what extent spalling is related to concrete
fracture properties is still an open issue. In order to clarify this point a special setup has been designed,
aimed at performing simple indirect-tension tests (split-cube tests) under different levels of sustained pore
pressure. These levels are achieved by preliminarily heating two opposite faces of cubic specimens,
whereas the lateral sides are sealed and thermally insulated, so as to create a mono-dimensional thermohygral transient field. Fracture is induced in the symmetry plane, where both temperature and pressure
are monitored by means of a customized probe. The results show that pore pressure and the concurrent
reduction of the apparent tensile strength have comparable values. Simple considerations based on
linear-elastic fracture mechanics corroborate this evidence. The conclusion is that pore pressure may be,
in itself, a sufficient driving force to trigger explosive spalling in concrete members exposed to fire.

1 INTRODUCTION
The more or less sudden separation (spalling) of concrete layers or pieces from the surface of R/C
members subjected to fire is a still hot issue in structural design, since this phenomenon may lead to a
sizeable reduction of the cross-sectional area and to the direct exposure of rebars to the flames. A number
of studies have been conducted on this topic, stressing the role of both internal material factors (moisture
content, porosity, tensile strength, fibre content) and external structural factors (heating rate, applied loads
and constraints).These aspects control the relative roles of the two main mechanisms to which this
phenomenon can be ascribed [1, 2]. On the one hand the restrained thermal dilation of the exposed
concrete leads to compressive stresses parallel to the surface and to radial tensile stress in curved
members and corners. On the other hand, vapour pressure build-up in the pores substantially contributes
to the explosive nature of spalling with thin splinters breaking off in HPC (High-Performance Concrete)
[3]. The latter evidence justifies the rather recent and fast increasing attention to the thermo-hygral
behaviour of concrete exposed to fire.
From the experimental point of view, several authors [4-5] have directly measured the local pressure
in concrete specimens subjected to thermal transients. In most cases this was performed by embedding
thin stainless steel pipes provided with external electronic sensors. Possible alternatives [5] come from the
adoption of a porous sensing head (to measure the mean pressure of rather high volumes) and filling the
pipe with thermally stable silicon oil (to prevent any moisture leakage). It has to be noted that the pressure
measured in this way results from the equilibrium reached by the probe inside cement matrix because of
the gas pressure (vapour + air) in the pores. Nonetheless, consistent results are generally obtained in
different test conditions (concrete grade, moisture content, heating rate) and values as high as 5 MPa have
been reported in case of HPC; lower values are reported for NSC (Normal-Strength Concrete). A second
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research trend is based on numerical models simulating the heat and mass transfer taking place in
concrete exposed to high temperature. This involves the solution of a complex set of coupled differential
equations and several approaches, based on different simplifying assumptions, have been proposed in the
last thirty years [6]. Their consistency is often tested against the ability to fit the temperature and pressure
values obtained in experimental tests. In these models, one critical problem in assessing the risk of
concrete spalling is the mutual interaction between pore pressure and the mechanical response of the
material. As commonly done in multi-phase porous media, the total stress ttot is split into the effective
stress teff, borne by the solid skeleton and the solid phase pressure ps exerted by the pore fluids [7]:
ttot = teff - ps . I

(1)

where I is the unit tensor (tensile stress and compressive pressure are assumed to be positive).
The solid pressure can be expressed as a combination of the gas and capillary pressures and different
expressions have been proposed in the literature. In some models only the gas phase is considered, with
different weight coefficients. One option, according to Biot's theory for compressible fluids inside a stiff
skeleton, is to introduce the bare gradients of the gas pressure into the equilibrium equations [8]. Another
– and opposite – option is to assume that gas pressure is exerted inside the pores and should be multiplied
by the material porosity [2]. Intermediate values [9] are obtained by considering the elastic solution for
the stress intensification around a spherical cavity. More sophisticated models take the capillary pressure
into account as well [6], this pressure being multiplied by the fraction of skeleton area in contact with
liquid water. Nonetheless, the role of capillary pressure is not critical neither in fast thermal and moisture
transients [10], nor in increasing significantly the mechanical damage [11], to the point that the combined
action of the restrained thermal strain is often considered as the most likely factor in triggering explosive
spalling in concrete structures exposed to fire. Also the thermal dilation of liquid water inside the fully
saturated pores may initiate the micro-cracking of cement paste [12].
One general remark about the cited models is that they consider the material as a porous solid in flow
analysis of the fluid phases, whereas the material is assumed to be a homogeneous continuum in the
mechanical analysis of the solid skeleton. However, exceeding the “tensile strength” is in itself the
macroscopic result of an unstable flaw propagation through the same porous network where fluid pressure
is exerted. Considering the influence of pressure in this internal instability would be a more consistent
way to work out a spalling criterion. In order to substantiate this viewpoint the problem of performing a
fracture test under different levels of sustained pore pressure has been tackled in this study. Contrary to
most experimental techniques for material characterization at high temperature, requiring a uniform
steady-state thermo-hygral condition, here the test is carried out during a controlled transient. The
objective is to clarify whether the tensile strength of hot concrete may be exceeded by pore pressure,
without any significant contribution by thermal stress.

2 TEST PRINCIPLE AND SETUP
Concrete members exposed to fire undergo high thermal gradients, due to concrete low thermal
diffusivity, and pressure build-ups, because of the gradual evaporation of water in the pores. The latter is
the main driving force for mass transfer, leading to both progressive drying close to the surface and
vapour migration toward the cold core of the structure. As a result, a quasi-saturated layer is formed
where pressure peak develops, because of reduced gas permeability [1]. This phenomenon is even more
severe along symmetry planes, where moisture transport is impossible. Examples are concrete cylinders
and spheres, whose higher sensitivity to spalling comes also from the curved shape of the isostatics [13].
Another example is the thin web in precast I-beam (Fig. 1), which may exhibit delaminations and even
through holes after a fire, in spite of the limited time required to dry. This latter example is the starting
point of the approach adopted in the following: the mono-dimensional thermo-hygral transient occurring
in a thin web (Fig. 1b) can be re-created by properly heating concrete cubes (Fig. 1c), to check concrete
fracture response along the symmetry plane. This scheme involves the problem of heating two opposite
faces and to prevent any thermal and mass flow through the lateral faces, as will be discussed.
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(a)

Figurre 1. Thin web in a fire-exposed I--beam: (a) throug
gh hole, (b) tempeerature, pressure and
a moisture plotts in the web
during the
t heating processs and (c) specim
men philosophy.

(a)

(b)
Figure 2. (a) Heeating system and
d (b) insulated speecimen during heeating.

On
O the contraryy, the significannt thermal stress which develoops in the actuaal structure is substantially
smoo
othed down in the proposed test, to limit the
t investigatioon to the role that pore pressure has in
reduccing the apparennt tensile strenggth of heated co
oncrete. Testingg in tension is performed by sp
plitting [14],
which
h requires a rat
ather simple tesst setup and can
n be easily impplemented in th
he case of hot specimens;
contrrary to bending tests, this technnique brings in
n far less structuural effects, witth an almost co
onstant ratio
betweeen the indirectt tensile strengthh and the “true”” tensile strengtth [15].
2.1 Heating
H
system
m
The
T heating sysstem consists of
o two radiant panels (Fig. 22a) placed on two
t
opposite faces
f
of the
concrrete cubes (Fig.. 2b), in order to
t guarantee thee symmetry heaating with respeect to the mid-p
plane of the
specimen. Radiant ppanels allowedd to obtain a vaariety of heatinng rates (up to 120°C/min) th
hanks to the
built--in thermocoupples connected to separate con
ntrollers. Thouggh the significaance of the inteernal heater
temperature is debattable, this allow
ws repeatable testing conditionss.
2.2 Sealing
Sealing
S
is fundaamental in creatting a mono-dim
mensional hygrral flux, by prev
venting the specimen from
dryin
ng through the lateral faces. Different
D
combinations of maaterials were tested: (a) high-ttemperature
resisttant silicon (OT
TTOSEAL S17 by Otto chemical) with carboon fibres and, (b
b) epoxy resin (DP 760 by
3M) with aluminum
m foils. In the first
fi combinatio
on a carbon-fibrre fabric was placed
p
on the siilicon layer,
previously smeared on concrete suurfaces. The pu
urpose of the ccarbon-fibre faabric is to allow
w the in-air
hardeening of siliconn and to avoid the formation of air bubbles,, that may be caused
c
by vapo
our pressure
acting
g on specimenn surfaces. Thee second comb
bination consissts of epoxy an
nd aluminum foils (same
proceedure as beforee). Two sets of drying tests weere performed: in the first, 4 plain-concrete cubes were
tested
d (2 unsealed aand 2 sealed – one
o for each inssulation techniqque), while in th
he second, 3 plaain-concrete
and 3 fibre-reinforceed cubes were tested
t
(4 unsealled and 2 sealedd by means of epoxy
e
resin and
d aluminum
foils)). The cubes weere sealed and teested two months after castingg.
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Figure 3. Comparison among different sealing systems: (a) first drying tests and (b) second drying tests.

The temperature was set at 120 ºC. In the first set of tests the objective was to identify the best
material combination, which turned out to be that based on epoxy layers and aluminum foils (best bond to
concrete and best sealing ability, Fig. 3a). However, as sealing was not fully successful, a second set of
drying tests was performed on specimens in which epoxy resin was smeared both on concrete and on
aluminum foils. The sealing system showed to be much more effective (Fig. 3b). Finally, the alluminum
foils on opposite faces were cut in the splitting plane, to prevent any contribution to the tensile strength of
the cube; then the thin cuts were sealed with silicon (Fig. 5a).
2.3 Pore pressure measurements
The measurement of the pore pressure was performed by using capillary steel pipes fitted with
sintered metal heads. Great attention was paid to the shape of both the head and the pipe, in order to affect
in the least possible way concrete mechanical response. Hence, aggregate-shaped heads (Fig 4a, right)
and curved steel pipes (Fig. 4b) were used, in order to prevent the probed from lying in the mid-plane of
the cube (that is the fracture plane in the splitting test). The pipes were filled with silicon oil and had a
thermocouple inside. Hence, both pressure and temperature inside the head of the probe were measured.

(a)

(b)

Figure 4. Probe: (a) head used by Kalifa [1] and Mindeguia [4] (left) and head used in the present study (right) and, (b)
curved probes fastened to the mould.

(a)

(b)
Figure 5.(a) Sealed probe-fitted specimen and, (b) sealed and insulated specimen ready for heating.
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(a)

(b)

(cc)

(dd)

Fiigure 6. Numericcal analyses resultts: (a) modelled eight
e
of the specim
men, (b) reference system – z, longitudinal
direction-, distribbution of the tempperature (c) and of
o the stresses (d) after 30 min for 120°C/min heatin
ng rate.

2.4 In
nsulation
Thermal
T
insulattion is necessarry to create a mono-dimension
m
nal heat flux; hence,
h
the fourr cold faces
were covered with 220 mm-thick innsulating layer of ceramic fibrre material (Fig
g. 5b). Numericcal analyses
were performed to ccheck the effectiveness of the insulation (Fig. 6).
H
rate
2.5 Heating
The
T choice of thhe heating ratee is quite critical: very high hheating rates caause severe dam
mage in the
concrrete (and low vvalues of pore pressure, the vapour
v
being frree to escape through the miccro-cracks);
very low heating rattes cause dryingg (leading, again
n, to very low vvalues of pore pressure).
p
n order to undeerstand the effecct that the heating rate has on cconcrete with regard
r
to pore pressure
p
and
In
therm
mal stresses, som
me preliminaryy experiments (to
( understand tthe order of maagnitude of porre pressure)
and numerical
n
analyyses (to evaluatee the thermal stresses) were peerformed.
The
T thermo-mecchanical numerical analyses were performeed by means of
o ABAQUS FE code, by
modeelling an eighthh of the insulaated cube (Fig
g. 6a). Four heeating rates weere investigated
d: 1°C/min,
2°C/m
min, 10°C/min and 120°C/minn. As expected,, fast heating innduces much hiigher thermal sttresses than
slow heating. (The m
maximum tensiile stress occurs in the centroiid of the specim
men in the direction of the
M after 30 minutes
m
and
heat flux , i.e. longgitudinal directiion; the values are comprisedd between 5.7 MPa
M after 280 m
minutes, heatingg rates = 120°C//min and 1°C/m
min, respectively
y).
1.3 MPa

3 EXPERIMEN
E
NTAL PROG
GRAM
3.1 Mix
M design
The
T concrete tyype B40, thorooughly investig
gated by Mindeeguia [4], wass used; the mix
x design is
reporrted in Table 1.. This concrete type has a mecchanical behaviiour in between
n HPC and NSC, meaning
that spalling
s
is unlikkely to occur.
In
n some specimeens, poly-propyylene fibres werre introduced (22 kg/m3).
Table 1.
1 Mix design.

Quuantity [kg/m3]
347
327
714
838
186
Up too 1% of the cem
ment

Constiituent
Cem
ment
8/12.5 Caalcareous
12.5/20 Caalcareous
0/2 Sand
S
Waater
Addiitive
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Table 2.Reference tensile strength in virgin and dried specimens.

Mean [MPa]
St. dev. [MPa]

All
2.76
0.31

Virgin specimens
PP fibre
Plain
2.73
2.79
0.43
0.25

All
3.60
0.27

Dried specimens
PP fibre
3.56
0.31

Plain
3.66
0.23

3.2 Casting and curing
Concrete was cast in 10 cm-side plastic cubic moulds (Fig. 4b) and specimens were de-moulded after
one day. Afterwards they were hermetically sealed in bags for one week. Then, the bags were opened and
the cubes were kept in laboratory environment for three weeks. Finally, the bags were closed in order to
prevent drying due to air exposure, until experiments were conducted (about 90 days after casting).
3.3 Cold tests
In order to define the reference tensile strength in virgin condition, splitting tests were performed on
unheated specimens (6 fibre-reinforced and 4 plain-concrete); moreover further six specimens (3 fibrereinforced and 3 plain-concrete), previously dried in oven at 120oC for 16 days (weight loss ~ 4 - 4.5%),
were tested. Observing the results (Table 2) it is worth noting that, in terms of strength, there is no
difference between plain and fibre-reinforced concrete in both virgin and dried conditions; on the
contrary, drying process leads to a significant decrease in the splitting tensile strength (about 23% less).
3.4 Hot tests
A total of 22 specimens (16 plain and 6 fibre-reinforced concrete) were tested, by applying 4 different
heating rates: (a) 1oC/min (2 plain-concrete), (b) 2oC/min (4 plain and 2 fibre-reinforced concrete),
(c) 10oC/min (4 plain and 4 fibre-reinforced concrete) and, (d) 120oC/min (6 plain-concrete).
During heating, both pressure and temperature were monitored in the centroid of the cubic specimen;
when the maximum pore pressure was reached, the specimen was brought (in about two minutes) under
the press for the splitting test, while continuously measuring pressure and temperature. Unfortunately, in
some specimens (named 12 P, 35 Fi and 21 P), the probes were clogged by cement paste for about 1 cm
from the centre of the cube and thermocouples couldn’t penetrate fully; this means that pressure was
measured quite correctly, while temperature was measured a little bit far from the mid-section (so nearer
to the heated face) obtaining slightly higher values.

4 RESULTS
4.1 Pore pressure trends at increasing temperature
In Fig. 7a-d, the results of 22 tests are reported in terms of pressure-temperature curves for the 4
heating rates adopted, together with the saturation vapour pressure curve, PSV. The results confirm the
pore pressure values obtained by Mindeguia [4]. Observing the results, four aspects can be underlined:
x the qualitative development of pore pressure is similar for all the tests: the dramatic pressure rise
occurs almost at the beginning of a plateau in the time-temperature curve (that corresponds to the
water vaporization) and the peak is achieved at the end of this plateau;
x fast heating rates (10°C/min and 120°C/min) cause pore pressure plots to lie close to the
saturation vapour pressure curve, whereas significant gaps were observed for slow heating rates
(1°C/min and 2°C/min), probably due to a more pronounced drying;
x fibre-reinforced concrete leads to lower pressures than plain-concrete (even more than 75% less);
x in the initial stage, there is a not-negligible overpressure caused by the partial pressure of the dry
air in the pores media (this overpressure induced pore pressure to be higher than PSV [4]).
The dispersion of the pressure peaks at the same nominal testing conditions can be ascribed to some
variability among specimens in the effectiveness of the sealing system. Nonetheless, this is functional for
performing the fracture test under the same thermo-mechanical conditions but different pressures.
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Figure 7. Saturation vapour pressure curve (PSV) and pore pressure-temperature curves for the different heating rates:
(a) 1°C/min, (b) 2°C/min, (c) 10°C/min and, (d) 120°C/min.

4.2 Influence of pore pressure on the splitting tensile strength
As said before, splitting test was performed when maximum pore pressure was reached; this means
that experiments had not been performed at a specific temperature. However, peak pressures were
achieved in a narrow range of temperature (175oC to 225oC), as shown in Fig. 8a. Then, the possible
chemo-physical decay of concrete at the time of testing may be assumed uniform in the whole set of
specimens.
The results obtained from the splitting tests are reported in Fig. 8b as a function of the pressure
measured during the test. Considering only the data belonging to 2°C/min and 10°C/min a linear
regression has been performed, obtaining a negative slope equal to -1.24. The choice of considering only
the two mentioned heating rates for the linear regression was suggested by the large range of pressures
covered by them with respect to the other heating rates.
Then, for each heating rate, the barycentre of the data distribution (pAV, fctAV)HR was evaluated and four
straight lines with a slope equal to -1.24 and passing through these average points are plotted in Fig. 8b.
The comparison between the values of tensile strength obtained experimentally, fctex, and theoretically
by applying the linear model (four lines), fctth, is shown in Table 3. Obviously the mean value of the
distribution fctex - fctth is null; the standard deviation is 0.27 considering all the data (while is 0.03, 0.15,
0.35 and 0.34 considering separately 1°C/min, 2°C/min, 10°C/min and 120 °C/min, respectively). These
values are of the same order of magnitude of the standard deviation of the tensile strength measured in
virgin condition (Table 2) and this aspect underlines the reliability of the proposed linear model. Hence, it
can be inferred that the detrimental effect of pore pressure on the indirect tensile strength is almost
independent on the heating rate and it revealed to be linear and proportional to a value close to 1.24.
On the other hand, the intercept of the lines strongly depends on the heating rate. This is the combined
effect of the possible internal deterioration due to heating and the influence of thermal stresses induced by
temperature gradients. At the slowest heating rate (1°C/min) the intercept is 3.5 MPa, namely 98% of the
tensile strength in virgin cubes; this indicates that the material decay at about 200°C is negligible.
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Figure 8. (a) Temperature at the peak pore pressure and, (b) tensile strength – pore pressure plot.
Table 3.Experimental and theoretical tensile strength (fctex and fctth, respectively) at the pressure p measured during the
splitting test, for the different heating rates; in particular: (a) 1°C/min, (b) 2°C/min, (c) 10°C/min and, (d) 120°C/min.

Spec./HR
23 P/(a)
20 P/(a)
15 P/(b)
26 P/(b)
10 P/(b)
19 P/(b)
41 Fi/(b)
40 Fi/(b)
7 P/(c)
8 P/(c)
6 P/(c)

p
[MPa]
0.22
0.77
0.76
1.02
0.43
0.33
0.45
0.35
0.55
0.71
0.76

fctex
[MPa]
3.27
2.55
1.93
1.73
2.70
2.66
2.74
2.66
2.82
2.40
1.67

fctth
[MPa]
3.25
2.56
2.15
1.83
2.56
2.69
2.54
2.66
2.27
2.06
2.01

Spec./HR
9 P/(c)
35 Fi/(c)
31 Fi/(c)
38 Fi/(c)
37 Fi/(c)
22 P/(d)
17 P/(d)
16 P/(d)
18 P/(d)
21 P/(d)
25 P/(d)

p
[MPa]
0.52
0.18
0.13
0.20
0.09
0.20
0.07
0.49
0.36
0.17
0.10

fctex
[MPa]
1.95
2.36
3.01
2.58
2.91
1.69
2.34
2.34
2.12
2.50
2.48

fctex
[MPa]
2.30
2.72
2.79
2.70
2.84
2.28
2.44
1.93
2.09
2.32
2.41

Increasing the heating rate, up to 120°C/min, a sizeable reduction of the tensile strength at zero
pressure become evident, leading to a decay of about 30%. These results are consistent with the thermal
stress peaks induced, as shown by numerical analyses (see section 2.5).
It is worth noting that concrete strength has been evaluated through an indirect tensile test that, as is
well known, gives higher values with respect to direct tensile tests. It has been shown [15] that for no
thermal damage, the direct tensile strength over indirect tensile strength ratio is 1.12 – 1.25 and can reach
value close to 1.70 for severe thermal damage. Hence, it is reasonable to infer that the linear relation
between pore pressure and direct tensile strength is proportional to a value close to -1, as will be
substantiated in the following, on the basis of fracture mechanics.

5 INTERPRETATION OF THE EXPERIMENTAL RESULTS
As discussed, the apparent tensile strength fctapp measured in the experimental tests resulted to be a
function of: (a) the real material strength fct(T) (including only the effect of thermo-physical
transformation occurring at temperature T), (b) the pore pressure pgas developed in the pores and, (c) the
detrimental effect ǻfct(T,HR) of thermal stress due to the inhomogeneous heating:
fctapp(p,T,HR) = fct(T) – pgas(HR) – ǻfct(T,HR)

(2)

where the latter term proved to be negligible in case of slow heating rate HR (up to 1°C/min in our tests).
This finding seems to confirm the approach based on the effective stress (Equation 1) in case the
Biot’s coefficient is assumed equal to 1 [8] and the role of the capillary pressure [6, 7] is neglected.
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One
O alternative approach to exxplain this role of gas pressurre is based on fracture
f
mechan
nics and on
the sttability of the innherent materiaal defects.
5.1 Fracture
F
mechaanics model
The
T tensile behaaviour of conccrete may be in
nterpreted as thhe global effecct of many miccro defects,
which
h reach an unsstable propagattion when a crritical level off stress is reach
hed, according to fracture
mech
hanics approachh. The local strress concentratiion around a ddefect is govern
ned by the stress intensity
factorr, KI, which is a function of booth load level and
a boundary coonditions. The defects propagaate when KI
reach
hes a critical vaalue KIc, which is a property of
o the material - KIc = f(Ec, Gf), where Ec and
d Gf are the
elastiic modulus and the fracture energy, respectiveely.

Figuure 9. Square part of concrete withh one defect.

Let
L us consider a concrete elem
ment including a defect whichh governs the material
m
tensile response
r
on
y-direection (Fig. 9)). A pressure p,
p exerted insiide the defect, can be equiv
valently consideered as the
summ
mation of three loading cases: hydrostatic
h
pressure all aroundd the boundariees, external tenssile stress in
both x and y directiions. Hydrostattic pressure hass no effect in frracture propagaation (KIHYD = 0); moreover,
harp-shaped deffects, the stresss intensification
n due to parallell loading (KIX ~ 0) is negligible compared
for sh
Y
to thee effect of transsverse loading (K
( I ). This mean
ns that pressure inside defects (pores) is equiv
valent, from
the frracture mechannics point of viiew, to an inten
nsification of thhe tensile stress by the same value. This
concllusion compliess with the experrimental resultss.

6 CONCLUSIO
C
ONS
In
n this paper thee influence of transient
t
thermo
o-hygral condittions in the fracture response of concrete
was investigated.
i
Thhe main concluusions that can be
b drawn on thhe basis of a comprehensive ex
xperimental
progrramme are summ
marized in the following:
x the temperatture at the peakk pressure is almost independdent from both fibre content and
a heating
rate, with vaalues comprised in a narrow range
r
(175-2255°C). In this raange the mechanical decay
due to chem
mo-physical trannsformations pro
oved to be neglligible;
min) allow to measure
m
higher ppore pressures but
b at the samee time cause
x fast heating rates (t10°C/m
mal stresses whiich sizeably affe
fect the experim
mental results;
severe therm
x pore pressurre significantly affects the app
parent tensile sttrength of conccrete almost ind
dependently
from both fibbre content andd heating rate, with
w a linear deccrease that is prroportional to -1.24 for the
splitting tenssile strength and, reasonably, proportional
p
to -1 for the actuaal tensile strength.
Based
B
on the laast conclusion, it seems that higher
h
pore presssures than tho
ose measured in
n this study
(valu
ues up to 4-5 M
MPa were obseerved by severaal authors in H
HPC) may be, in
i themselves, a sufficient
drivin
ng force to triggger explosive sppalling in R/C members expossed to fire. As a partial confirm
mation, in a
splitting test under just 1 MPa poore pressure the fracture proccess becomes dramatically
d
fasster than in
nary tests and thhe two halves off the splitted cu
ube are violentlyy projected apaart.
ordin
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Abstract. This paper introduces an analytical model based on a simplified approach to determine the
restraint forces induced in reinforced concrete (RC) columns subjected to eccentric loads at elevated
temperatures. The proposed model, which is based on the concepts of equivalent distributed temperature
as well as a load eccentricity- and fire exposure-dependent reduction factor of the column axial stiffness,
takes into account the effects of load eccentricity, load level, axial restraint, material thermal properties,
concrete spalling, and transient strain under fire conditions. Computer program SAFIR and fire tests on
six axially-restrained RC columns under uniaxial bending conducted recently at Nanyang Technological
University, are respectively used for numerical study and experimental validation of the analytical model.
Good agreement obtained with test results shows that this model is capable of predicting thermal-induced
forces of columns in realistic restraint, loading, and fire conditions.

1 INTRODUCTION
Due to their different thermal responses, structural members in framed buildings are constrained from
free elongation when a fire occurs. It has been indicated from a numerical approach proposed by Dwaikat
et al. [1] and validated by a number of experimental studies [2,3], that fire resistance of reinforced
concrete (RC) beams increases when they are restrained. However, for RC columns the issue may be
different since additional thermal-induced compression forces, together with deteriorations of material
strength and stiffness at elevated temperatures, may cause premature failure in either squashing or
instability mode. Thus, a proper prediction of restraint force is critical in the fire resistance analysis of
restrained columns. On the other hand, although it is common for columns to simultaneously support
axial force and bending moments in reality, previous research works on restrained RC columns in fire
mostly focused on the effect of pure compression [4-8]. Besides, no provision in current structural fireresistant design codes [9,10] is available for restrained RC columns subject to eccentric loads.
Furthermore, new fire tests conducted at Nanyang Technological University (NTU) by the authors [11]
showed that restrained RC columns when subjected to eccentric loads, failed prematurely compared to
predictions by numerical models that neglect concrete spalling and implicitly account for concrete
transient strain. Hence, to the authors’ knowledge, there is an essential need to study the simultaneous
effects of axial restraint and eccentric load on the development of restraint forces within heated columns.
In this paper, an analytical model for the determination of restraint forces is proposed based on the
concepts of equivalent distributed temperature, as well as a reduction ratio of axial stiffness that depends
on load eccentricity and fire exposure. Effects of concrete spalling and transient strain are also
incorporated into the model through a factor considering the fire exposure, concrete grade, and fire time
at which concrete spalling first occurs. The model is applied to predict the restraint forces induced in six
axially-restrained RC columns under uniaxial bending tested by the authors in the above-mentioned
experimental study [11]. Finite element-based computer program SAFIR [12] is also used for the
numerical study on the specimens. Comparisons between the analytical, experimental and numerical
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results show that the proposed analytical model is capable of demonstrating a similar trend on the effects
of uniaxial load eccentricity and load level observed from tests and numerical predictions. From the three
different approaches, clearly, restraint force increases with an increase of uniaxial load eccentricity but
decreases with an increase of load level. Besides, the effect of axial restraint ratio on restraint force can
also be derived from the proposed formula. On the other hand, it is shown that the analytical and
numerical analyses neglecting concrete spalling and using material models which implicitly consider
concrete transient strain, over-predict the restraint forces induced in axially-restrained RC columns when
subjected to eccentric loads at elevated temperatures. Relatively good agreement is obtained from
analytical predictions and test results, which shows that the proposed analytical model can be efficiently
used in performance-based approaches for the fire resistance analysis of RC columns under realistic fire,
loading, and restraint conditions.

2 ANALYTICAL MODEL
A pin-roller-and-pinned column under axial restraint is used for the derivation of the proposed
analytical model (figure 1(a)). The column, which is assumed to be an idealised elastic material, has an
initial length denoted as Lc and an ambient axial stiffness Kc20 E 20 A20 / Lc , where E 20 and A20 are the
elastic modulus and gross cross-section at room temperature, respectively. The axial restraint is simulated
by an idealised elastic spring with a temperature-independent stiffness Kr.
When subjected to an axial load N0 with a first-order eccentricity e at room temperature, at its roller
end the column contracts axially by an amount of u0 which is also the expansion of the spring (figure
1(b)). As a result, a self-reaction force of Na20 Kr u0 is generated. On the other hand, the mechanical
relationship within the column can be expressed as ( N0  Na20 ) (ke20Kc20 )u0 where the reduction factor
ke20 is to account for the adverse effect of load eccentricity on axial deformation at ambient condition.
This factor equals to unity in the case of pure compression and instantly decreases when the load
eccentricity increases. Based on the above equations, the term Na20 can be derived as:

N a20



Kr
N0
ke20 K c20  K r

(1)

When exposed to a fire at an elevated temperature T, if there is no axial restraint, the element would
elongate freely from A to A1 with an axial deformation uth H th Lc , where Hth is thermal strain. However,
due to the spring, the column will be compressed from A1 back to A2 with a mechanical axial deformation
uV resulting from a combination of axial forces ( N0  NaT ) , with the mechanical
relationship uV ( N0  NaT ) /(keT KcT ) , where NaT Krutot is the additional axial force generated when
the column and the spring axially deform by a total amount of utot ; k eT is also an additional factor
accounting for the adverse effects of load eccentricity as well as fire exposure; and KcT is the
temperature-dependent axial stiffness of the column. The physical compatibility condition at A2 can be
expressed as: utot uth  uV (figure 1(c)). Hence, the term NaT can be derived as shown in equation (2):

N aT

Kr
 keT K cT uth  N 0
 Kr

keT K cT

(2)

It is noteworthy that at ambient condition, since (keT KcT ) (ke20Kc20 ) and uth=0, the term NaT given in
equation (2) also equals to the term Na20 shown in equation (1).
Compared to ambient condition, the actual increment of axial force occurs within the element at
temperature T, 'NaT ( N0  NaT )  ( N0  Na20 ) , which is the thermal-induced restraint force, can be
obtained from equations (1) and (2):

'N aT

Kr
 Kr

keT K cT

20 20
T T
§ T T
·
¨ ke K c (uth )  ke K c  ke K c N 0 ¸
20 20
¨
¸
k
K
K

e
c
r
©
¹

600

(3)

Hai K. Tan and Thang T. Nguyen

It can be observed from equation (3) that: (i) without any axial restraint (Kr=0), there is no thermalinduced restraint force, and (ii) at ambient condition T=20 oC, since uth=0 and (keT KcT ) (ke20Kc20 ) ,
then 'NaT 0 .
The restraint force obtained is normalised to applied load N0 as shown in equation (4).
'N aT
N0

§ k eT K cT (uth ) k e20 K c20  k eT K cT
¨

N0
k eT K cT  K r ¨©
k e20 K c20  K r
Kr

·
¸
¸
¹

(4)

It can also be noted that all derivations presented here are based on positive sign convention for
compressive forces and axial deformations as shown in figure 1(d).

Figure 1. Pin-ended column for simplified analytical derivation.

In order to apply equation (4) for RC columns, which are neither idealised materials nor subjected to
uniform temperature distribution, an analytical model is proposed for column cross-section. As shown in
figure 2, the model includes a two-dimensional array of (m×n) unique rectangular concrete sub-elements
with an area Ac-ij=duy×duz (ij=1 to m×n) and a number of round-shaped elements representing reinforcing
steel bars, namely, S1 to Sp, with the corresponding areas As-k (k=1 to p). It is assumed that temperature
distribution and mechanical properties are uniform within each sub-element.

Figure 2. Analytical model for column cross-section.
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At any temperature T of fire exposure, the unknown terms in equation (4) can be determined from
equations (5-7).
K cT

1
LT0

K c20

1
L0

K cT (uthT )

p
§ mu n Tij
·
¨ ¦ Ec  ij Ac ij  ¦ EsTk k As  k ¸
¨ ij 1
¸
k 1
©
¹

(5)

p
§ 20 mu n
·
¨ Ec ¦ Ac  ij  Es20 ¦ As  k ¸
¨
¸
ij 1
k 1
©
¹

(6)

mu n

p

ij 1

k 1

¦ EcTijij Ac ij (H thTijij )  ¦ EsTk k As  k (H thTk k )

(7)

where EcTijij and E sTk k are the respective elastic moduli of the particular concrete and rebar sub-elements at
which the corresponding distributed temperatures T ij and T k are obtained from heat transfer analysis; LT0
is the column length at fire temperature T; H thTijij and H thTk k are the temperature-dependent thermal strains at
concrete and reinforcing steel sub-elements, respectively. These thermal strains attain negative values
according to the sign convention shown in figure 1(d). The terms E c20 and E s20 denote the elastic moduli of
concrete and reinforcing steel at room temperature, respectively. It is also assumed that fire exposure is
uniform along the column length.
Based on equations (5-6), a reduction factor depending on both load eccentricity and temperature
distribution within the column cross-section, namely, D eT , is proposed as shown in equation (8).
mu n

D eT

p

¦ EcTijij Ac ij  ¦ EsTk k As  k

keT K cT
K c20

keT

ij 1
mu n

k 1
p

ij 1

k 1

¦ Ec20 Ac ij  ¦ Es20 As  k

L0
LT0

(8)

where the term T stands for an equivalent distributed temperature and satisfies the following:

EcT

mu n

p

mu n

p

ij 1

k 1

ij 1

k 1

¦ Ac ij  EsT ¦ As  k ¦ EcTijij Ac ij  ¦ EsTk k As  k

(9)

It can be observed from equation (8) that at room temperature D e20 ke20 Kc20 / Kc20 ke20 and for
columns subjected to pure compression D e20 ke20 1 .
Based on the axial stiffness ratio Dr Kr / Kc20 , the relationship keT KcT DeT Kc20 taken from equation
(8), and by eliminating the term Kc20 , equation (4) can be derived in a simpler form as:

'N aT
N0

T
§ D eT K c20 (uth
) D e20  D eT
¨
 20
N0
D eT  D r ¨©
De  Dr

Dr

·
¸
¸
¹

(10)

In this study, the equivalent thermal axial deformation u thT is also dependent on the temperature
distribution (equation (7)), the axial stiffness ratio D r can be obtained from experiments, and the axial
stiffness reduction factor D eT can be determined from numerical analyses.

3 EXPERIMENTAL PROGRAMME
Fire tests on six axially-restrained RC columns subjected to uniaxial bending conducted at NTU are
presented in detail in Nguyen et al. [11]. Only a brief introduction of test specimens, test set-up, and
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restraint forces measured in these tests will be presented. Table 1 lists the column specimens subjected to
uniaxial load eccentricities varying from 0 to 80 mm. All test specimens had 300 mm square cross-section
and 3.3 m long. Load eccentricities were produced by two 500×500×300 (mm) end blocks designed and
cast with centre lines deviated from the centroid of the column. All the columns were reinforced with six
20 mm-diameter main bars (6T20) and had 55.3 MPa concrete compressive cylinder strength and main
bars of 550.2 MPa yield strength. They were subjected to load levels of 0.45 and 0.55 and an axial
stiffness ratio of 0.0365.
Table 1. Test specimens

Series

S1

Specimens

C1-1-00
C1-2-00
C1-3-25
C1-4-40
C1-5-60
C1-6-80

Load eccentricity
(mm)
ey
ez
00
00
00
00
00
25
00
40
00
60
00
80

fc

fy

Detailing

(MPa)

(MPa)

(mm)

Pfi

300×300
L=3300
6T20
R8/250

0.45
0.55
0.55
0.55
0.55
0.55

55.3

550.2

Load
level

Restraint
ratio

Dr

0.0365

The test set-up is schematically shown in figure 3. Working load N0 from an actuator was applied to
the mid-span of a transverse steel beam simply supported onto two A-frames. The pin-ended column was
connected to the transverse beam and to the test frame through knuckle bearing blocks. A pre-designed
fire condition was generated by an electric furnace. At room temperature the specimen was loaded to
100% of N0 and was held constant when the specimen was exposed to fire. The heated specimen tended
to elongate but was constrained by the restraint steel beam. It was subjected to an axial restraint arising
from the flexural stiffness of the transverse beam. The restraint forces developed within the column
during the test could be obtained from the reaction forces at the restraint beam ends through load cells
LC1 and LC2. The fire tests were conducted until the combination of the constantly-held working load and
the developing restraint force could not be sustained by the specimen, indicating the occurrence of failure.

Figure 3. Schematic image of test set-up.

4 NUMERICAL STUDY
Numerical study on the above-mentioned test specimens is conducted by SAFIR, a computer program
for the combined analyses of heat transfer and structural response of three-dimensional structures under
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fire condition [12]. The software has been well validated by a large number of fire tests conducted at
different laboratories [13]. Nonlinear thermal properties and temperature-dependent stress-strain
relationships of concrete and reinforcing steel, as well as geometrical imperfection specified in EC2
Pt.1.2 [9], are incorporated in the study.
At every time step, based on the development of the equivalent distributed temperature T (equation
(9)) using the temperature profile that had been interpreted from SAFIR thermal analysis into the
analytical model introduced in Section 2, the reduction factor of axial stiffness, D eT , can be determined
numerically for unrestrained columns to eliminate the effect of transient strain. Nine levels of uniaxial
load eccentricity, in terms of the ratio to the depth of column cross-section, e/h, viz. 0, 0.083, 0.133,
0.200, 0.267, 0.333, 0.400, 0.467, and 0.500, are investigated. Particular equivalent distributed
temperatures of 20, 100, 150, 200, 250, 300, 350, 400 and 450 oC are chosen. Higher temperatures are not
investigated since all test specimens failed before the equivalent distributed temperature reached 450 oC.
At every time interval, with the corresponding fire temperature T and equivalent distributed temperature
T
T, the following numerical steps are conducted: (1) Total axial deformation, utot
, is extracted from SAFIR
T
analysis; (2) Equivalent thermal deformation, u th , is determined based on equation (7); (3) Equivalent
T
T
; (4) Equivalent axial stiffness is determined
mechanical deformation, uVT , is computed as uVT utot
 uth
based on the conventional mechanical relationship keT KTc N0 / uVT ; and (5) Reduction factor of axial
stiffness is calculated: DeT keT KTc / Kc20 .
The two- and three-dimensional graphs of the reduction factor of axial stiffness for columns under
uniaxial bending are shown in figure 4, in which the factor D eT equals to unity in the case of pure
compression at ambient condition and gradually decreases when either load eccentricity or equivalent
distributed temperature increases.

Figure 4. Reduction factor of axial stiffness for uniaxial bending.

It is shown in figure 4 that factor D eT can be expressed as a function of eccentricity ratio (ez/h) as well
as equivalent distributed temperature T. This relationship is also numerically determined from leastsquares adjustment and is shown in equation (11).

D eT

D eT

§e ·
(a11e a1 2T )¨ z ¸  (a21e a2 2T )
© h¹

when

ez
d 0 .1
h

(11-a)

when

ez
! 0 .1
h

(11-b)

2

§e ·
§e ·
(a31e a32T )¨ z ¸  (a41e a42T )¨ z ¸  (a51e a52T )
©h¹
©h¹

With fire exposure-dependent parameters ai1, ai2 (i=1y5) determined by least-squares as listed in table
2, equations (11(a-b)) reflect the fact that D eT decreases when either temperature or load eccentricity
increases.
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Table 2. Parameters for determination of D eT of uniaxial bending and fire exposure used in the tests

a11

a12

a21

a22

a31

a32

a41

a42

a51

a52

-1.5438

-0.004

1.0043

-0.005

2.3588

-0.005

-3.0432

-0.005

1.1199

-0.005

5 RESULTS OF VALIDATION
The restraint forces, in terms of the normalised ratio ('NaT / N0 ) developed within the six test
specimens introduced in Section 3, are analytically determined from equation (10) employing the
reduction factor D eT proposed in equations (11(a-b)). Computer program SAFIR is also used for structural
analysis of the restrained test specimens to obtain numerical restraint forces. Figure 5 depicts the restraint
forces obtained from numerical, experimental and analytical approaches which are plotted in hidden,
continuous, and double lines, respectively.

Figure 5. Validation of analytical approach.

It can be observed from figure 5 that the analytical predictions are in good agreement with
experimental results. They also reflect similar trends as well as deviations between the numerical and
experimental results in terms of the effects of load eccentricity, load level, axial restraint ratio, concrete
spalling, and transient strain, which will be discussed in the next section.

6 DISCUSSIONS
6.1 Effects of load eccentricity and load level
A similar trend can be observed from analytical, experimental, and numerical results shown in figure
5. These columns which are subjected to higher load eccentricities, experience higher restraint forces.
This trend is also shown in figure 6 which is constructed based on the proposed analytical approach
(equation (10)).
It can be explained that under uniaxial bending, the ambient resistance of the column in term of axial
force decreases with an increase of load eccentricity, leading to a lower level of initial applied load N0 (in
case the same load ratio Pfi is employed). Since the term N0 is located at the denominator of the
component in brackets of equation (10), a reduction of N0 results in an increase of ('NaT / N0 ) .
It is also illustrated in equation (10) that under the same load eccentricity, a lower load level Pfi leads
to a lower initial applied load N0 resulting in an increase in the restraint force. As shown in figure 5, this
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trend can be observed from test results of specimen C1-1-00 (Pfi=0.45), which attained higher restraint
forces than those of specimen C1-2-00 (Pfi=0.55).

Figure 6. Effect of load eccentricity on restraint force.

6.2 Effect of restraint ratio
Equation (10) is also able to predict an obvious trend that columns subjected to a higher ratio of axial
restraint, Dr, suffer higher restraint forces. Figure 7 illustrates the proportional relationship between
restraint ratio Dr and restraint forces ('NaT / N0 ) when the other parameters are constant.

Figure 7. Effect of restraint ratio on restraint force.

6.3 Effects of concrete spalling and transient strain
It can be observed from figure 5 that although having good agreement at the initial stage, there are
deviations between the experimental and numerical results of restraint forces from certain times at which
concrete spalling started to occur. Beyond these times, the restraint forces predicted numerically are all
greater than those measured in the fire tests.
It is noteworthy that concrete spalling is not considered in the numerical analyses conducted in this
study. Since the surface concrete layers spall off, some interior parts of concrete and reinforcing steel are
directly exposed to fire attack and the applied load is only sustained by smaller-in-area but hotter and
weaker parts of the cross-section, resulting in a more rapid reduction of D eT . As demonstrated in figure 8
that is constructed from equation (10), a reduction of D eT also results in a reduction of restraint
forces ('NaT / N0 ) . Hence, it can be deduced from the proposed analytical model that models neglecting
the effect of concrete spalling may over-predict restraint forces.
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T

Figure 8. Effect of reduction factor D e on restraint force.

It should also be mentioned that the numerical study conducted in this paper adopts EC2 elevatedtemperature mechanical properties of concrete [9], in which transient strain is implicitly considered. By
definition, transient strain only changes when temperature increases at a constant level of stress whereas it
remains constant with increasing stress at unchanged temperature. Different from unrestrained one,
axially-restrained RC columns experience the simultaneous increases in both temperature and stress under
fire conditions. This leads to the deviation between restraint forces predicted numerically and those
measured in the tests.
In order to account for the effects of concrete spalling and transient strain on the more-rapid reduction
of D eT , an additional reduction factor, namely, Fcfb, is proposed as shown in equations (12-13).

'N aT
N0

Dr
F cfbD eT  D r

T
§ F cfbD eT K c20 (uth
) D e20  F cfbD eT
¨

¨
N0
D e20  D r
©

F cfb 1  k cfb (t  t sp ) d 1

·
¸
¸
¹

(12)

(13)

where t is fire exposure time; tsp is the time concrete spalling first occurs, which was recorded in the tests
to be 160 min; and kcfb is a parameter that depends on concrete grade, fire exposure, as well as the
uniaxial/biaxial bending moment acting on the column, which was determined numerically to be 0.0015.
Reasonable good agreement between the test results and the improvement made on the analytical
model can be observed in figure (9).

Figure 9. Improved analytical equation vs. Test results.
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7 CONCLUSION
The analytical model proposed in this paper can be used to determine restraint forces induced in RC
columns subjected to eccentric loads at elevated temperatures, taking into account the effects of load
eccentricity, load level, restraint ratio, concrete spalling, and transient strain, so that it can be employed in
performance-based fire resistance analysis of RC columns under realistic fire, loading, and restraint
conditions. The model is well validated by fire tests conducted recently at NTU and is capable of
explaining a similar trend as well as deviations observed from experimental data and numerical
predictions. Future work is to conduct further investigations on restraint forces induced in columns
subjected to biaxial bending under fire conditions.
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Abstract. High strength concrete (HSC) columns exhibit lower fire resistance, as compared to
conventional normal strength concrete columns, due to occurrence of fire induced spalling and faster
degradation of strength and stiffness properties of concrete with temperature. Fire resistance tests on
HSC columns have shown that fire performance of HSC columns can be enhanced through bending the
ends of ties at 135° into the concrete core, instead of placing the ties at 90°. This paper presents an
analytical approach to model the effect of tie configuration on fire resistance of reinforced concrete (RC)
columns. The proposed approach is based on seismic design principles and involves calculation of force
acting on ties by evaluating effective stresses resulting from pore pressure, mechanical strains and
thermal expansion. The force on ties are compared against temperature (time) dependant bond strength
(tie-concrete interface) to evaluate the failure of ties. The proposed tie sub model is built in to an existing
macroscopic finite element based fire resistance analysis computer program that is capable of tracing the
fire response of RC columns in the entire range of behavior. The applicability of the model is
demonstrated through case studies on reinforced concrete columns with different tie configurations.

1 INTRODUCTION
Fire represents one of the most severe environmental conditions to which reinforced concrete (RC)
structures may be subjected; therefore, provision of appropriate fire safety measures to structural
members is an important aspect in building design. Generally, structural members made of conventional
concrete exhibit good performance under fire situations. However, in the last three decades a number of
new types concrete have come in to market place as a result of significant research and development.
These new concretes, often referred to as high strength concrete (HSC) or high performance concrete
(HPC), have excellent strength and durability properties, but exhibit poor fire performance due to fire
induced spalling and faster degradation of strength and stiffness properties of concrete with temperature.
To mitigate fire induced spalling in HSC structural members, researchers have recommended the
addition of polypropylene and/or steel fibers to concrete mix [1-3]. Under fire conditions, the
polypropylene fibers that are dispersed in concrete mix melt at relatively low temperature (about 160170°C) and create randomly oriented micro and macro channels inside concrete, which facilitate
dissipation of fire induced vapor pressure [4, 5]. In the case of steel fibers, tensile strength of concrete
(both at ambient and elevated temperatures) gets enhanced as steel fibers help to arrest the initiation and
progression of microcracks. This improved tensile strength of concrete is sufficient to resist the vapor
pressure generated from steam for a longer duration and thus the extent of spalling gets minimized and
fire resistance gets enhanced [4].
In lieu of adding fibers, some researchers recommend modifying tie configuration to limit the
spalling and enhance fire resistance [6, 7]. Based on limited fire tests on HSC columns, these researchers
have shown that fire performance of HSC columns can be enhanced by bending the ends of ties at 135°
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90 Hook
into the concrete core, instead of bending the
ties at 90° [8, 7]. Figure 1 illustrates the two
types of tie configuration that can be used in
HSC columns and comparative state of the
HSC columns after exposure to ASTM E119
standard fire [7]. Researchers hypothesized
that 135° bent ties delay the opening up of ties
135 Hook
during a fire event and thus enhance fire
resistance of concrete columns. Kodur and
McGrath [7], based on fire tests have reported
significant increase in fire resistance of an
HSC columns through altering the tie
configuration from 90° to 135° bents and also
Column with 135 ties
Column with 90 ties
by reducing spacing of the ties.
This improvement in fire resistance,
(a) Tie configuration (b) HSC columns after fire tests
resulting from 135° bent ties, is critical in
Figure 1. Comparison of fire performance of RC columns
realizing high fire resistance in HSC columns.
with conventional 90° ties and modified 135° ties
However, at present, there is no analytical
approach to quantify the effect of tie configuration on fire resistance of RC columns. To develop such an
approach, a numerical ‘tie sub model’ was developed to model the effect of tie configuration on fire
response of RC columns. The approach is based on seismic design principles and involves calculation of
effective stress acting on ties which is the sum of stresses generated from pore pressure, thermal and
mechanical strains. The force resulting from effective stress is compared against the degrading bond
strength of the tie. This tie sub model is built in to a macroscopic finite element based fire resistance
computer program that is capable of evaluating the fire response of RC columns.

2 APPROACH TO MODEL TIE CONFIGURATION
The beneficial effect of lateral confinement in concrete columns, both tie configuration (135°) and
closer spacing of ties, has been well recognized in seismic design of columns [9-11]. This design
philosophy is based on the principle that the compressive strength of the confined core of a column after
stress induced spalling should be equal to the strength of the gross section of the column before the
occurrence of spalling [11]. The ties in columns when bent at 135° achieve sufficient lateral confinement
and enhance ductility of columns under earthquake loading [9, 12, 10]. Similar approach, as that
developed for seismic loading, can be applied to model the effect of tie configuration on fire resistance of
reinforced concrete columns. However, in the case of fire conditions, stresses due to temperature induced
vapor pressure and thermal strains are to be considered in addition to stresses due to loading on the
column. Also, bond strength that develops at the tie-concrete interface, deteriorates with temperature and
also due to occurrence of fire induced spalling. The force acting on the ties from effective stress should
be checked against this bond strength so as to ensure that the ties have sufficient resistance and do not
open-up through yielding.
When RC columns are exposed to fire, temperatures in concrete, steel reinforcement and ties
gradually increase. The increasing temperatures in concrete lead to build-up of pore pressure which
cannot be dissipated due to low permeability of concrete (characteristic of HSC). When this pore pressure
exceeds tensile strength of concrete, spalling occurs. The fire induced spalling in concrete usually occurs
in high strength concrete (HSC) structural members because of low permeability associated with HSC.
Such spalling not only leads to loss of cross-section in the column, but also alters the bond resistance of
the ties.
When exposed to fire, significant level of internal stresses are generated on ties and these result from
load induced mechanical strains, temperature induced thermal expansion, and fire induced vapor pressure
as a result of water becoming vapor. These three stresses (thermal, mechanical, and vapor pressure) are
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added to evaluate the effective stress that acts as hoop stress on ties. The ties resist the effective stress
through bond strength developed in the ties which also degrades with increasing temperatures. When the
force resulting from effective stress exceeds the bond strength of ties, the ties will open up (fail) by
yielding.
The necessary equations for confinement damage model under fire conditions can be derived based
on approach adopted in seismic analysis of concrete columns. The pressure exerted by the expanding
concrete core in the form of hoop stress on ties and the effect of confinement of ties on longitudinal
rebars can be used to model the tie behavior.
Free body diagram of various components of an RC column and forces acting on rebar and ties is
illustrated in Figure 2. The longitudinal rebar between the two ties is subjected to a force which varies as
sinusoidal wave function [9]. At the level of ties a lateral restraint is provided by tie corners, and the
resulting force on longitudinal rebar is higher (Figure 2(a)). At the mid-level between the two ties, the
force is the lowest as the concrete core can expand relatively easily and thus exert force on longitudinal
rebars. This force varies along the longitudinal rebar and its variation can be taken as:

 2πx 
F( x) = F0 + Fv × cos
≥0
 s 

(1)

where F(x) is force function along longitudinal rebar, F0 = average force acting on longitudinal rebar;
Fv= magnitude of variable part of force; x = coordinate along the length of rebar and s = tie spacing as
shown in Figure 2(b) and (c). The unknowns in Eq (1), F0 and Fv, can be determined by applying force
equilibrium and geometric boundary conditions. These two unknowns can be related to tie spacing (s)
and critical tie spacing (scr). Critical tie spacing, taken from the approach used in seismic design, is at the
mid-height between two ties where effective confined concrete area is assumed to be zero [9].
This implies that if s= scr at x = scr /2, the force exerted by ties on longitudinal rebars (F(x)) becomes
zero, leading to variable part of the force Fv as:
 s
Fv = F0 
 scr






2

(2)

By substituting the value of Fv back to Eq (1), the force acting on longitudinal rebars can be
calculated as:
 
s
F( x ) = F0 1 + 
  scr


2


2πx 
 × cos 


 s 



(3)

The force developed in the ties can be obtained by integrating the force on longitudinal rebar and
applying boundary conditions:
s/2

Ftie = 2 0

F( x ) dx

(4)

Solving Eq (4) gives the total tie force acting on the corner of the longitudinal rebar which translates
to:

π 
Ftie = 2 Atie sin σ core
4

(5)

where Atie= cross sectional area of tie, σcore = stress resultant which is the sum of load induced stress,
thermal stress and pore pressure coming from concrete core.
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Ftie

Knowing
the
F (x)
s
applied load on the
column, load induced
s
(mechanical)
stress
135 Hook
Ftie
can be evaluated at
any given time step. It
s
Ftie
should be noted that
x
this
stress
significantly increases
y
with
increasing
Ftie
temperature due to
Transverse tie level
F (x)
degradation
of
Longitudinal bar
(a) Free body diagram of lateral and
strength properties of
longitudinal reinforcement
concrete and steel.
Fv
Further, if there is any Fv
fire induced spalling,
the cross-section of
x
Tie
column reduces and
Fo
restraint
this leads to higher
mechanical stresses in
s
s
s
column. The second
component of the
(b) Assumed force distribution in ties
(c) The model for ties and longitudinal bar
stress on the ties is the
and longitudinal bars
fire induced thermal
Figure 2. Longitudinal rebars and transverse tie model with assumed forces
stress which can be
evaluated knowing the temperatures in the column. The thermal stress is evaluated by utilizing the high
temperature material properties and thermal expansion of concrete which varies as a function of
temperature.
The third component of the stress that is acting on the ties is the pore pressure in concrete which can
be evaluated through an hydrothermal model [13]. This model uses the principles of mechanics and
thermodynamics including the conservation of mass of liquid water and water vapor to predict the pore
pressure in the concrete exposed to fire [14]. In the hydrothermal model, the mass transfer equation for
water vapor inside heated concrete can be written as:

 dP
A  V
 dt


 = ∇B∇P + C
V



(6)

where: PV = pore pressure, t = time, A, B and C = parameters that depend on pore pressure,
temperature, rate of increase in temperature, permeability of concrete, initial moisture content, and the
isotherms used in the analysis. Isotherms are used to predict the liquid water inside concrete as a function
of pore pressure for a constant temperature.
Finite element analysis is used to solve Eq (6) and compute the pore pressure (PV) distribution within
the elements of each segment along the length of the structural member. With this stress from pore
pressure (σPv) inside concrete is calculated, it is combined with other two stresses to get the effective
stress exerted by concrete core on ties. The equation governing this condition is given by:

σ core = σ P + σ thermal + σ mechanical
V
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where σPv is stress due to pore pressure, σthermal is stress coming from thermal expansion of concrete
core and σmechanical is stress resulting from axial load on column. With the effective stress (σcore) in tie
known, the force acting on ties (Ftie) is computed using Eq (5).
The resisting bond strength of the ties decreases with temperature and is given by the relation:
Fbond = ( 2πrl d )f s ,T

(8)

where fs,T is the stress in of steel at temperature T.
Knowing the force acting on ties and bond strength that develops in ties, the state of tie can be
checked and failure (opening up of ties) is said to occur when.
Ftie > Fbond

(9)

3 INCORPORATION OF TIE SUBMODEL INTO THE FIRE RESISTANCE MODEL
The above described ‘tie sub model’ is incorporated into a macroscopic finite element (MFE) based
computer program for evaluating fire resistance of RC columns. This MFE model utilizes the Μ−κ
relationships to trace the fire response of RC columns. The analysis is carried out by incrementing time in
steps. At each time step the analysis is carried out in three stages namely, (1) establishing temperatures
due to fire, (2) carrying out heat transfer analysis to determine temperature distribution in the crosssection and evaluation of pore pressure, and (3) at each time step performing strength and stiffness
analysis of the column. In step 3, fire induced axial restraint force in columns is calculated and then Μ−κ
relationship is generated for various segments in the column. The output parameters generated from the
above program, at each time step, include temperatures at various locations (including rebars and ties),
stress due to mechanical loading, thermal stress and pore pressure.
The ‘tie sub model’ is built into the above computer program in stage 3 of the analysis. Using the
parameters, the effective stress at a given time step is evaluated as the sum of three stresses namely pore
pressure, thermal and mechanical stresses. The effective stress is utilized to compute the force acting on
the ties. Also the bond strength can be evaluated knowing the temperatures at the ties. Then the force
acting on the tie is checked against bond strength to evaluate if the ties have opened-up (yielded).

4 VALIDATION OF THE NUMERICAL MODEL
The validity of the above macroscopic finite element model is established by comparing the
predictions from the analysis with fire test data on RC columns reported in literature. For this purpose,
four HSC columns (HSC2, HSC3, HSC5, and HSC6) and one NSC column (NSC) were selected from
fire resistance tests carries out at National Research Council of Canada [7, 15]. The geometric and
material properties of the selected columns are tabulated in Table 1. The columns were analyzed by
exposing the columns to ASTM E119 standard time-temperature curve as in the case of fire tests [16].
For concrete and reinforcement, high temperature property relationships specified in ASCE manual [17]
are used in the analysis. The fire resistance of columns was calculated based on strength failure criterion
and the time at which ties opened up (through yielding) was also evaluated. Predictions from the analysis
are compared to the measured values from fire tests in Figures 3, 4 and Table 1.
The predicted temperatures at three different cross-sectional locations, namely rebar, at 176 mm
depth in concrete and at mid depth (in concrete) of HSC2 column, are compared against the measured
temperatures as shown in Figures 3. It can be seen that the predicted temperatures are generally in good
agreement with the measured values with lower temperatures at farther locations from the fire exposure
surface throughout the analysis range. Figure 4 shows comparison of axial deformations as a function of
fire exposure time for columns HSC2 and HSC6. Again the model predictions are in agreement with the
measured deformations. The deformations in the column result from the effects of thermal expansion,
loading and high temperature creep. Both columns undergo expansion in early stages of fire exposure due
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to rise in temperature in concrete and steel rebars. However, column HSC2 experienced mostly
expansion, while column HSC6 experienced contraction. This is because load induced deformations
dominated in column HSC6 as a result of higher applied load on the column, while the effect of thermal
expansion dominated in column HSC2 (due to lower load). The fire resistance predicted by model is
compared to the measured fire resistance values for HSC2, HSC3, HSC5 and HSC6 columns in Table 1
and the predicted values are close to measured values in tests.
Table 1. Parameters and results for RC columns used in the validation study
Column
designat
ion

Size
(mm)

Tie
configurati
on/spacing

Concrete
strength
(MPa)

Column
strength
(kN)

Load
ratio
(%)

Applied
load
(kN)

Relative
humidity
(%)

NSC
HSC2
HSC3
HSC5
HSC6

305
406
406
305
305

90°@h
90°@h
90°@h
135°@h/4
135°@h/4

37
86
96
120
120

5900
7400
3145
3145

0.4
0.6
0.4
0.6

1333
2406
4919
2363
2954

15
86
57
68
64

600

Axial deflection (mm)

Temperature (°C)

800

Fire
resistanc
e
predicte
d
360
213
120
282
254

Ties
opened
No
Yes
No
No
No

10

HSC2 rebar (test)
HSC2 rebar (model)
HSC2 176 mm (test)
HSC2 176 mm (model)
HSC2 mid depth (test)
HSC2 mid depth (model)

1000

Fire
resistanc
e
measure
d
240
224
104
290
266

400

5
0
-5
-10
HSC2 (test)

-15

HSC2 (model)

-20

200

HSC6 (test)

-25
0

HSC6 (model)

-30
0

30

60

90
120
150
Time (minutes)

180

210

240

0

Figure 3. Comparison of measured and predicted
temperatures in HSC2 column

50

100
150
Time (mins)

200

250

Figure 4. Comparison of measured and predicted
axial deformations in HSC2 and HSC6 columns

Results from fire resistance analysis indicate that in the case of NSC and HSC2 columns, with 90°
ties, the ties did not open up. However, in column HSC3 with 90° ties, failure of the column occurred just
after the opening-up of ties and this occurred at much lower duration in to fire exposure. Column HSC3
failed in 120 minutes, as compared to column HSC2 that lasted for 213 minutes. The failure of ties in
column HSC3 is due to higher force acting on ties as a result of higher applied load on the column.
Columns HSC5 and HSC6, with 135° bent ties, did not experience failure in ties. While HSC3
column failed at 120 minutes, no failure of ties occurred in column HSC6. The benefit of modified tie
configuration (135° bent ties) is quite evident by comparing the performance of columns HSC3 (with 90°
bent ties) and HSC6 (with 135° bent ties).

5 CASE STUDY
To illustrate the applicability of ‘tie sub model’ in evaluating the fire response, a case study was
carried out on RC columns with different tie configurations and concrete strengths by exposing the
columns to ASTM E119 standard fire [16]. For the case study one NSC column (NSC) and two HSC
columns (HSC1, HSC2) with 90° bent ties and two similar HSC columns (HSC3 and HSC4) with 135°
bent ties were selected. The compressive strength and permeably of concrete in NSC column is assumed
to be 40 MPa and 2x10-16 m2 while that in HSC columns it is 100 MPa and 2x10-18 m2 respectively.
Columns NSC, HSC1 and HSC3 were axially loaded to 40% of their capacity, while columns HSC2 and
HSC4 were loaded to 60% of their room capacity to study the effect of load level. All five columns were
of square cross section of 305x305 mm, 3810 mm length, and steel reinforcement consisted of 4 #8 (25
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305 mm

305 mm

3810 mm length

10 mm ties (90° and 135°) @ 305 mm c/c

mm) rebars as main reinforcement, and #3 (10 mm) rebars as ties placed at 305 mm spacing. Specified
yield strength of steel rebars and ties was assumed to be 420 MPa. Figure 5 illustrates the cross-sectional
dimensions for columns used in the case study.
Fire resistance analysis is carried out on the above five columns by idealizing in to a number of
segments along length and discretization of each segment (cross-section) in to elements. At each time
step, analysis is carried out by first establishing the fire temperatures (ASTM E119 fire scenario). Then
thermal analysis is carried out by calculating cross-sectional temperatures and pore pressure. When the
pore pressure in an element exceeds temperature dependant tensile strength of concrete, that element is
removed from the cross-section for further analysis. Results from the analysis show that spalling of
concrete cover in HSC columns accrued 60 minutes. No spalling was assumed to have occurred in NSC
column. Next, the strength and stiffness analysis is carried out by using high temperature concrete and
steel material properties. The output parameters namely temperatures at various locations (ties),
mechanical stress, thermal stress and pore pressure are generated from the model. Using these parameters
effective stress is evaluated and the force acting on the tie is computed. Also with increasing
temperatures in ties and loss of concrete cover
40 mm clear cover all
columns
305 mm
bond strength degrades with time. The force
acting on the tie is then checked against bond
strength to evaluate failure of the ties. This
4 #8 (25mm)
procedure is repeated for each time step till the
rebars
failure of column occurs through reaching one of
#3 (10mm) ties
the failure limit states [14].
Figure 6 illustrates the predicted pore
pressure in five columns as a function of fire
48 mm effective
305 mm
cover all columns
exposure time, where in the pore pressure
Cross-Section of NSC, HSC1 and HSC2 columns with 90° ties
increases with time, reaches a peak value and
then drops with time. The increase in pore
pressure can be attributed to build-up of
4 #8 (25mm)
moisture clog resulting from moisture movement
rebars
inside concrete matrix. As the temperature in
#3 (10mm) ties
concrete layers increase beyond 100°C, water
present in concrete evaporates, leading to buildElevation
up of pore pressure that increases with depth.
305 mm
This pore pressure build-up drives part of water
Cross-Section HSC3 and HSC4 column with 135° ties
vapor to move away from heated surface deep
into the inner layers of concrete member. This
Figure 5. Elevation and cross-sections of RC columns
migrated water vapor condensates and results in
used in case study
saturation of concrete microstructure. This
phenomenon is referred to as moisture clog and depending on concrete microstructure (strength) this can
result in to significant variation in pore pressure during fire exposure [14].
Figure 6 shows that the pore pressure is highly dependent on permeability of concrete. Results from
the analysis show that a peak pore pressure of 4.5 MPa gets developed in HSC concrete columns,
whereas in NSC column it is closer to 1 MPa. The lower pore pressure in NSC column can be attributed
to the fact that NSC has high permeability, which facilitates dissipation of water vapor and thus there is
no build-up of pore pressure. On the other hand in HSC columns, the lower permeability [18, 19] does
not facilitate the escape of water vapor and resultantly, higher pore pressure gets developed in these
columns.
In addition to pore pressure development, another phenomenon that occurs with increase in crosssectional temperatures is the degradation of bond between reinforcement (ties) and concrete. The
degradation of bond strength for different tie configurations (10 mm ties) is illustrated in Figure 7. The
bond strength is dictated by the temperature level in ties and any loss of cross section due to fire induced
spalling.
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HSC4

2
1
0
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Figure 6. Predicted pore pressure at cover depth
for different RC columns
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Figure 7. Predicted bond strength offered by
various ties in selected columns

The significant drop in bond strength in 90° bent ties, at about 60 minutes, results from high
temperatures developing in ties due to direct heating from fire. This occurs as a result of loss of cover
concrete from fire induced spalling. The bond strength reduces to half of its original value. Such loss in
bond strength is not encountered in 135° bent ties as the legs of the ties are bent inward and embedded in
to the concrete core. Since no spalling occurs in the NSC column, the bond strength does not degrade
significantly in spite of this column havign 90° bent ties. The lower bond strength in HSC1 and HSC2
columns at 60 minutes into the fire exposure occurs due to loss of concrete cover from fire induced
spalling.
The effective force that is acting on ties results from the combination of stresses generated from pore
pressure, mechanical strain (loading) and thermal strain in fire exposed columns. Figure 8 illustrates the
effective tie force plotted against the bond strength for columns NSC, HSC1 and HSC2, with 90° bent
ties. For NSC column the predicted effective tie force is much lower than the resisting bond strength.
This can be attributed to the lower pore pressure that develops in NSC column that leads to lower total
effective stress under fire conditions. This indicates that for conventional NSC columns, changing the tie
configuration will not add to fire resistance.
1200

Eff tie stress (HSC1)

1000

Bond strength 90 tie (NSC)

800

Bond strength 90° tie (HSC1)
Bond strength 90° tie (HSC2)

600
400
200
0

Eff tie stress (HSC3)
Eff tie stress (HSC4)

1000

Eff tie stress (HSC2)

Force (kN)

Force (kN)

1200

Eff tie stress (NSC)

Bond strength 135° tie (HSC3)

800

Bond strength 135° tie (HSC4)

600
400
200

0

90

180
Time (min)
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0

360

Figure 8. Predicted effective tie force compared to bond
strength in 90° tie in NSC, HSC1 and HSC2 columns

0

90

180
Time (min)

270

Figure 9. Predicted effective tie force compared to
bond strength in 135° tie in HSC3 and HSC4 columns

Due to fire induced spalling in columns HSC1 and HSC2 (90° bent ties), at about 60 minutes into the
fire test bond strength significantly decreases in these columns. The predicted effective tie force in
column HSC2 is higher than that in column HSC1 and this is due to higher loading ratio (0.6). The
effective force acting on tie in column HSC2 increase with time and then reduces at a faster rate than that
in column HSC1 which can also be attributed to higher steel stress in tie in column HSC2. The analysis
shows that the ties (bent at 90°) failed due to opening-up (yielding) in column HSC2 at 120 minutes into
the fire exposure and this led to failure of this column. On the other hand, ties did not fail in column
HSC1, which can be attributed to lower mechanical stress induced from loading in column HSC1.
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Figure 9 illustrates the effective force on ties and resisting bond strength in 135° bent ties for
columns HSC3 and HSC4. Both of these columns had 135° bent ties and therefore exhibited similar bond
strength degradation in ties. However, as column HSC4 was subjected to higher load ratio (0.6), the
predicted effective tie force induced in column HSC4 was higher than that in column HSC3 which can be
attributed to higher load ratio.
Although fire induced spalling was assumed in HSC3 and HSC4 columns at 60 minutes into the fire
exposure, the predicted bond strength in ties was not lost as that in 90° bent ties, this shows clear
advantage of bending ties at 135° into concrete core over conventional 90° bent ties. As a result of higher
bond strength in 135° bent ties, the fire resistance of columns HSC3 and HSC4 was significantly
increased.

6 PRACTICAL IMPLICATIONS
The use of HSC in columns offers numerous advantages over that of conventional NSC. However,
HSC is much more susceptible to fire induced spalling and thus has lower fire resistance. This aspect can
be overcome either through the addition of fibers or by reconfiguring the ties through bending the ends of
ties at 135° into the concrete core. Since mixing and placing the fibre reinforced concrete in a job site can
be labor intensive, bending the ties at 135° can offer a practical and economical solution in many
situations.
An approach to account for the effect of tie configuration in fire resistance evaluation of RC columns
is proposed. This approach clearly illustrates the enhancement of fire resistance that can be achieved
through 135° bent ties in HSC columns. The proposed approach can be applied to quantify the influence
of various factors, such a tie spacing, bent angle, concrete strength, load ratio, and fiber reinforcement, on
the fire resistance of concrete columns.

7 CONCLUSIONS







A numerical procedure for accounting the effect of tie configuration on fire resistance of
reinforced concrete columns is presented. The proposed approach is based on principles used in
seismic design and accounts for fire induced pore pressure, thermal and mechanical strains, as
well as temperature induced bond degradation in ties.
The pore pressure generated in typical high strength concrete columns can reach about 4.5 MPa,
while the corresponding pore pressure in conventional normal strength concrete columns is only
about 1 MPa.
The degradation of bond strength in ties is dependent on the extent of loss of cross-section from
fire induced spalling in columns. If cover concrete is lost due to fire induced spalling in columns
then the bond strength in 90° bent ties degrade at a much faster rate than the case with 135° bent
ties.
Provision of 135° bent ties is much more beneficial in HSC columns, since the bent ties develop
higher bond strength to resist higher level of effective stress.
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Abstract. This paper considers the fire performance of concrete beams and columns that have been
strengthened with fibre reinforced polymers (FRPs). Results from four recent full-scale tests are
presented. A newly developed type of insulation was employed and the thickness of the insulation (15 to
20 mm) was approximately half that provided in earlier tests. All of the members survived four hours of
the fire exposure. A conceptual model for design is also presented. Further research needed to fully
develop the conceptual model to a more practical design tool is outlined.

1 INTRODUCTION
Fibre reinforced polymer (FRP) materials are increasingly being applied in many areas of
construction, particularly for strengthening of concrete beams and columns. However, concerns
associated with fire remain an obstacle to applying FRP materials in buildings and parking garages due to
their susceptibility to degradation at elevated temperatures [1,2].
The first research in the area of fire and FRP strengthening was conducted in Switzerland. Deuring
[3] tested beams strengthened with CFRP sheets in fire conditions, and found that insulated beams
obtained satisfactory fire endurance. Additional work was conducted in Belgium on CFRP plated beams
using multiple insulation schemes [4]. More recent work has considered the performance in a real
compartment fire [5], and these authors found that the FRP strengthening schemes performed poorly even
with insulation systems. On the other hand, Palmieri et al. [6] found that concrete beams strengthened
with surface mounted FRPs could achieve a 2 hour fire endurance when appropriate insulation was
provided.
Over the past ten years, Queen’s and the National Research Council have collaborated to investigate
the performance of FRP strengthened concrete structures in fire [2,7,8,9]. Four recent full-scale tests have
been conducted to expand knowledge from earlier work, and the results from these tests are presented in
this paper. These new results extend previous knowledge because the loads on the members were higher
than the design capacity of the unstrengthened member, and the thickness of the insulation was
approximately half that provided in earlier tests.
In addition to the paucity of test data on FRP strengthened concrete members in fire, design guidance
for fire endurance is extremely limited [1,10,11]. To address this deficiency, a conceptual model for the
design of FRP strengthened concrete structures for fire conditions is presented. The model is based on the
experience gained from conducting 17 full-scale tests over the past ten years and from numerical models
developed to predict the performance of FRP strengthened concrete structures in fire.
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Figure 1. T-beam dimensions and thermocouple locations (shown by x).

2 RECENT TESTS AND RESULTS
Four recent full-scale tests have been conducted to expand knowledge from earlier work. Two fullscale T-beams (3.9 m span), one circular column, and one square column were all strengthened with
external FRP. Fire protection for the FRP was provided by sprayed insulation.
2.1 T-beams
The T-beams (figure 1) were chosen to be 400 mm deep, with a web breadth of 300 mm and a
1220 mm × 150 mm flange. Two 15 mm diameter steel reinforcing bars were provided as tensile
reinforcement in the web at an effective depth of 340 mm. The clear cover to the reinforcement was
40 mm. The reinforcement had a tested yield strength of 406 MPa while the concrete was carbonate
aggregate with a tested 28 day strength of 36 MPa. Each beam was fitted with a 100 mm wide, singlelayered strip of carbon FRP for flexural strengthening (Tyfo SCH-41), which ran longitudinally along the
bottom of the web as shown in figure 2. U-shaped glass FRP sheets were wrapped around the ends of the
beams to provide anchorage for the longitudinal FRP. The carbon FRP had a design strength of 834 MPa,
a design modulus of 82 GPa, a design failure strain of 0.85%, and a thickness of 1.0 mm. This FRP
strengthening scheme provided a 23% strength increase according to ACI 440 [10]. The beams were
extensively instrumented with thermocouples as shown in figure 1.
Figure 2 shows the insulation being applied to the beams. One beam was insulated with a 13 mm
thick layer of insulation, which covered the entire web and extended 100 mm along the bottom of the
flange on either side of the web. The other beam was insulated with a 19 mm thick layer, but it was to be
placed more sparingly. Near the U-wraps, the insulation covered the entire web, but in the central part of
the beam, the insulation only covered a portion of the side of the web. The insulation in this location
only extended approximately 150 mm up the side of the web from the bottom of the beam. The thickness
of the insulation for these beam tests was approximately half the thickness provided in earlier work
[2,7,8,9].
For the fire tests, a superimposed load was applied such that the total load on the beam during the fire
exposure was 10% greater than the design load of the beam without considering the strength of the FRP.
This resulted in a test load ratio of 0.72 calculated as the total load during the test divided by the
strengthened design capacity according to ACI 440 [10]. Furthermore, the beams were tested in a simply
supported condition without any lateral or moment restraint. The beams were allowed sufficient space to
expand at the ends without touching the sides of the supporting frame. Thus, the testing conditions were
more severe than those considered in previous work [8] where the beams were restrained laterally and
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subjected to lower loads. The beams were then exposed to a standard ASTM E119 [12] fire scenario from
below.

Figure 2. FRP strengthening and insulating procedures.

Figure 3. Temperatures measured in the T-beam with 19 mm of insulation.

During the test, the most significant area of interest was the slow deterioration of the insulating
materials. Over the course of the four hours, insulation protecting certain key areas began cracking,
delaminating from the concrete, and eventually falling off completely. After approximately 15 minutes of
the test, cracking of the insulation and flames coming from the cracks were noticed. As the test
progressed, pieces of insulation, bordered by the aforementioned cracks, began delaminating and
eventually falling from the beams. This occurred more quickly with the beam with 19 mm of insulation
because only part of the web was protected and the insulation could start to delaminate on the side of the
web. At 120 minutes into the test, a large portion of insulating materials fell from one side of this beam.
In figure 3, the temperatures in the FRP increased considerably after this point. At the end of the test, it
was clear that both beams had completely lost their CFRP strengthening because most of the strips had
burned away.
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The temperatures at various locations on the beam with 19 mm of insulation are shown in figure 3.
This beam experienced much more significant debonding of the insulation than the other beam. The
temperatures in the FRP increased fairly steadily over the first 120 minutes. At this point, the temperature
at the interface between the concrete and the FRP reached approximately 200 ºC. Based on previous
material testing [13], the FRP is expected to start to lose its bond to the concrete at approximately 50 ºC
while it can retain approximately half of its strength up to 200 ºC. After 120 minutes, the temperatures in
the FRP increase rapidly because of delamination of insulation. The FRP is undoubtedly ineffective after
this point. Nevertheless, the insulation is still effective in reducing temperatures in the concrete and
reinforcing steel because the temperature in the reinforcing steel does not exceed 400 ºC at any point in
the four hour test.
At the end of the four hour fire exposure, the load on the beams was increased but the beams did not
fail. As a result, the beams will be tested at a later date for residual strength.
2.2 Columns
Figure 4 shows the dimensions and details of the two column specimens. One column was circular
with spiral reinforcement while the other was square with tied lateral reinforcement. The height of the
columns was 3810 mm. Two 38 mm thick square steel plates were attached above and below the
columns. These plates were attached to the loading machine to provide fixed-fixed loading conditions.
The circular column was constructed with 35 MPa concrete while the square column had a concrete
strength of 28 MPa. Carbonate aggregate was used in both concrete mixes. Clear cover to the
reinforcement was 40 mm. Eight 20 mm diameter steel bars with a tested strength of 456 MPa were
provided as longitudinal reinforcement for the circular column while four 25 mm bars with a tested
strength of 477 MPa were provided for the square column. The circular column was strengthened with
two layers of the same carbon FRP used for the T-beams while three layers were applied to the square
column. The calculated strength increase according to ACI [10] was 27% for the circular column and
20% for the square column. The square column was protected with a 19 mm thick layer of insulation
while the circular column had an insulation thickness of 15 mm.
The fire test scenario for these columns was the ASTM E119 standard fire. The load applied during
the fire test was 5% greater than the unstrengthened design strength for the circular column (test load
ratio of 0.85) and 10% greater than the unstrengthened design strength for the square column (test load
ratio of 0.97). All of these calculations were based on ACI 440 [10].
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864
400

864

305

864

38 mm thick.
Steel Plate

190

25M Rebar
305
10M Ties

Figure 4. Dimensions of columns (a) Circular (35 MPa concrete, 8-20M longitudinal bars, 10M spiral with 50 mm
pitch, 40 mm clear cover to spiral) (b) Square (28 MPa concrete, 4-25M longitudinal bars, 40 mm clear cover to ties).
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Figure 5. Temperatures measured in the circular column with 15 mm of insulation.

Figure 5 shows the temperatures at various locations in the circular column. With only 15 mm of
insulation, the temperature in the FRP increases rapidly but steadily to 150 ºC after 30 minutes and to
almost 400 ºC after 120 minutes. During the testing of this column, a single small vertical crack was first
noticed at 57 minutes at the mid-height of the front-right side of the column (with respect to the furnace
doors). Flames were also observed coming out from the crack, which initially rose in intensity, but
eventually ceased after 140 minutes. As the test progressed, this sole crack elongated and widened.
After 184 minutes, the crack was over one metre long, and 3-4 mm wide. After the full 240 minutes, upon
opening the furnace doors, this crack opened even more as the insulating materials cooled. Despite all of
this, no insulation fell from the column, unlike in the beam tests.
Figure 6(a) shows a photo of the column at the end of the fire test. The insulation on this column was
later knocked off with a long stick in order to inspect the state of the underlying FRP as shown in figure
6(b). The FRP appeared intact; however the epoxy had presumably burned off by this point, effectively
negating its strengthening benefits. The free-ends of the confining wraps were also completely debonded
from the layer below, which supported the theory that the epoxy had been consumed in the fire.
Despite the lack of contribution from the FRP at the end of the fire test, the columns both were able
to carry the applied load for the full four hours of fire testing. Although the insulation did not protect the
FRP completely, it reduced temperatures in the reinforcing steel and concrete. For example, the
temperature in the reinforcing steel was approximately 350 ºC after four hours of the fire exposure. At
this temperature, neither the steel nor the concrete would have lost much of their original room
temperature strength. As a result, the strength of the column after four hours of fire exposure is expected
to be close to the room temperature strength of the unstrengthened column.
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Figure 6. Circular column after fire testing.

3 DESIGN IMPLICATIONS
Based on the research conducted over the past ten years, a reasonable understanding of the
performance in fire of FRP strengthened concrete structures has been obtained through full-scale testing
[2,7,8,9]. To extend this knowledge from the constraints of the specific fire tests, numerical models have
been developed for slabs, beams, and columns [14,15,16,17]. These models can predict both the thermal
and structural performance of the members, and have been validated against the full-scale tests conducted
as part of the research program [14,15,16,17]. The details of these numerical models are presented in
other publications [14,15,16,17] and thus are not reproduced in this paper.
The models, however, have demonstrated that the fire behaviour of FRP strengthened concrete
members can be predicted with reasonable accuracy with standard structural fire endurance procedures as
long as the thermal properties and material performance at high temperature are known. For concrete and
steel, both the thermal properties and material properties are characterized with sufficient accuracy [18],
and thermal properties of insulation can generally be obtained from manufacturers or from testing
[14,15,16,17]. A major impediment to the accuracy of models for strength prediction is the
characterization of the strength and bond degradation of FRP at high temperatures.
FRP materials are susceptible to high temperatures mainly because of their polymer resins. The glass
or carbon fibres that provide the strength and stiffness of the composite material are relatively unaffected
by high temperature up to 500 ºC [2]. However, the polymer resin that helps transfer load between
individual fibres and bonds the FRP to the concrete starts to lose strength and stiffness when the resin
reaches its glass transition temperature. For FRP materials applied in concrete strengthening, the glass
transition temperature is generally between 60 to 80 ºC [2]. Material testing as part of this overall
research program has shown that FRP materials lose approximately half their tensile strength near the
glass transition temperature of the resin [13]. If bond is not an issue, FRP materials do not lose any
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additional strength up to temperatures of 200 ºC [13]. For bond-critical applications, almost all of the
bond strength may be lost at temperatures near the glass transition temperature.
With the knowledge gained from the full-scale tests, material tests, and numerical modelling, the
general understanding of FRP strengthened concrete structures is starting to reach the point at which
rational fire design procedures can be proposed. An approach suggested by ACI 440 [10] is to estimate
the loss in strength in fire of an FRP strengthened concrete member by using procedures similar to those
recommended by ACI 216 [18] for reinforced concrete members.
In this paper, a conceptual model for fire design is proposed that follows the philosophy advocated by
ACI 440 [10]. Figure 7 provides an illustration of this conceptual model with the vertical axis
representing the amount of strengthening and the horizontal axis the required fire resistance. The
essential idea behind the conceptual model is that a trade off exists between the amount of FRP
strengthening that is provided and the required fire resistance. When little or no fire resistance is required
then only flame spread resistance is required, regardless of the amount of FRP strengthening. For
example, one column tested as part of the overall research program obtained a fire endurance rating of
over three hours without any insulation [19]. At this low level of strengthening and fire endurance
requirements, most of the information is available in existing design procedures [10,18] to conduct these
calculations for design purposes. The only unknown is that burning of the FRP on the surface of the
concrete will increase internal temperatures in the concrete and reinforcing steel. This effect is likely to
be minor as long as the surface burning does not cause spalling of the concrete. For high performance
concrete structures where spalling may be a concern regardless of the presence of FRP, insulation should
likely be provided.
As the required fire resistance increases, even structures with a minor amount of strengthening may
require some insulation to protect the structural performance of the original reinforced concrete. This is
the intermediate range of fire performance, and many strengthening applications in buildings will fall into
this range. For designs in this range, the FRP would not be considered structurally active during the fire,
but the effect of the insulation would need to be taken into account to estimate the structural performance
of the concrete and steel. Numerical simulation models would need to be used to include the effect of the
insulation. Alternatively, such numerical models could be employed to develop design charts to predict
internal temperatures in reinforced concrete members with different amounts of insulation. A significant
amount of research and development is still required to develop such design charts.
The final range of fire performance occurs when high levels of fire endurance are needed for
structures that also require a significant amount of strengthening. In this case, the strength of the FRP will
need to be protected during the fire event and thus the insulation requirements are even higher than in the
intermediate range. The numerical simulation programs developed as part of this overall research
program could be used to estimate fire performance in this range [14,15,16,17]. Nevertheless, many
unknowns still exist regarding the material behaviour of FRP and how the strength of the FRP
strengthened concrete member will deteriorate in fire conditions. More research is needed in this area.

Figure 7. Conceptual fire design model.
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Figure 8. Fire endurance estimates for FRP strengthened slabs with 40 mm clear cover to
internal reinforcement with insulation (a) 20% strengthening (b) 40% strengthening.

Figure 9. Fire endurance estimates for FRP strengthened slabs with 40 mm clear cover to
internal reinforcement without insulation (a) 20% strengthening (b) 40% strengthening.

To provide more guidance for how the conceptual model could be developed, some estimates for fire
performance for a 150 mm thick reinforced concrete slab with 40 mm clear cover to the reinforcement
and carbonate aggregate are provided in figures 8 and 9. Such a slab would be expected to have a four
hour fire rating before strengthening. For estimating fire endurance, reinforcing steel temperatures were
either estimated from ACI 216 [18] or from fire tests on FRP strengthened slabs. Figure 8 shows that
providing 20 mm of insulation to the slabs can allow the slabs to have a fire endurance of over four
hours. However, once strengthening is increased beyond 40%, the fire endurance will be reduced because
the expected loads during the fire will increase to beyond the capacity of the original reinforced concrete
slab. Figure 9 demonstrates the fire endurance of the same FRP strengthened slab when insulation is not
provided. In this case, three hours of fire endurance is expected for 20% strengthening and only two
hours for 40% strengthening. To provide fire endurance for strengthening above 40%, more insulation
would be required to enable the FRP to maintain strength for a longer period in the fire.
Based on this example slab, some numbers can be applied to the conceptual model of figure 7 as
shown in figure 10. In this case, for strengthening percentages of up to 40%, insulation is not required
unless the required fire endurance is greater than two hours. To achieve fire endurance greater than two
hours, insulation is required to protect the original member (i.e., these slabs fall into the intermediate
range of required fire performance). Additionally, if the required fire endurance is very minimal (less
than 30 minutes), insulation to protect the original member is sufficient for any practical level of
strengthening. For strengthening above 40%, the FRP itself would need to be protected in the case of the
fire because the FRP would need to carry a portion of the load for most of the fire exposure.
For design calculations, the results in figure 10 should not be applied at the present time
because they are only meant to be illustrative of the type of approach that could be taken with the
proposed conceptual model. Many assumptions have been made about FRP material properties and
temperature profiles for insulated reinforced concrete beams. More research and development is required
to produce more refined charts that could be applied in design practice.
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Figure 10. Conceptual design model for FRP strengthened slabs
with 40 mm clear cover to internal reinforcement.

4 CONCLUSIONS
The results of four full-scale fire tests on reinforced concrete beams and columns strengthened with
FRP were presented. All the specimens were insulated with between 15 to 20 mm of insulation. The loads
applied on the members in the fire test were greater than the unstrengthened design capacity of the
member. The research demonstrated that insulated FRP strengthened reinforced concrete beams can
obtain fire endurance ratings of four hours with approximately half the amount of insulation as previously
tested. A conceptual design approach was presented along with numerical computations to demonstrate
how it could be applied in fire design. The conceptual design approach was shown to have promise for
future design practice. More research is required to develop the approach further. In particular, better
information on high temperature material properties, a more complete understanding of the strength
deterioration of FRP strengthened members in fires, and design curves for estimating internal
temperatures in insulated concrete members are all required to refine the conceptual approach into a
practical design tool.
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Abstract. In order to investigate shear and bending behavior in fire of I-shaped prestressed precast
concrete (PCaPC) beams with high-strength rebars and multiple large openings, three specimens for
PCaPC beams were tested. Main parameters of this test are the level of vertical loading and distance
between openings. The fire resistance time, temperature of cross section and deformation of PCaPC
beams was confirmed from the test results. The evaluation method for bending and shear strength of
PCaPC beams at high temperature, as well as the results of the fire experiment will be presented. In this
analytical method of bending and shear strength, the authors proposed two modes of resistance
mechanism of PCaPC beam, one mode is RC beam, the other mode is gate structure consisting of upper
and lower beams. This proposed method taking into account of the temperatures of longitudinal and
shear rebars, concrete and bond strength can almost calculated the fire resistance time.

1 INTRODUCTION
Precast prestressed (PCaPC) concrete beam, using high strength concrete and rebars, and with
multiple large openings, have a tremendous potential for use in architectural projects, because not only
they enlarge building space and decreasing building weights but also they enable equipment system
changed and can be supplied in high quality. So this can realize the short depth of the beam section and
large diameter of the opening. These beams use longitudinal deformed bars as prestressing bars. In this
viewpoint, the authors have developed and researched the fire performance of PCaPC beam on
rectangular cross section [1]. Furthermore, the developed PCaPC beam with I-shaped cross section has
feature that can achieve the longer span because of its light weight.
In Japan, under the current Building Standard Law of Japan aside from conventional prescriptionbased fire safety regulations, it is now possible for designers to test and confirm the fire resistance
performances of new materials and new members for applying them on projects. Their performances can
be evaluated based on fuel loads and fire scenarios calculated room by room. In this regard, the fire test
for new prestressed precast beams was conducted by the authors for extracting their performances.
This paper is intended to provide a summary of the findings obtained from the fire experiment, that is,
the fire resistance time, temperature of cross section and deformation of PCaPC beam. Additionally,
evaluation method for bending and shear strength of PCaPC beams at high temperature, as well as the
results of the fire experiment, will be presented. The shear resistant mechanism of PCaPC beams that is
used for evaluating their strength is based on the lower boundary theorem with truss and arch model at
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high temperature. It will be clarified from the results that analytical model presented in this paper can
predict precisely the beam strength at high temperature.

2 FIRE RESISTANCE TEST
2.1 Test program
The first objective of the test program is to obtain experimental evidence that the PCaPC beam is
designed to meet the fire resistance requirements. Concretely, the beam should not collapse during the
equivalent endurance time. In this regard, three I-shaped PCaPC specimens with multiple actual openings
were tested.
The test specifications are listed in Table 1. Elevation and the cross-sectional details are given in
Figure 1 and Figure 2, respectively. Three full-scale section pre-stressed beam specimens with I-shaped
cross section and slab were fabricated and tested in this program. The test parameters include the distance
between openings (1200 mm or 800 mm) the level of vertical loading (23% or 35% of ultimate bending
moment at room temperature). The specimens consist of PCaPC beam and slab, the PCaPC beams are
865mm high and 300 mm in width. The slabs are 135 mm high and 600 mm width. The beams have five
or seven openings, whose diameters are about 400 mm, with the distance of 1,200 mm or 800 mm. All
specimens were pre-stressed with the pre-tensioning system. The prestress force is 3120kN or 3500kN.
The PCaPC specimens with slab are 8000mm in length, and their spans are 6800mm. The beams were
steam treated after setting, for enhancing strength in early age because it is preferable to introduce
prestressed force in early age. Moreover, for improving the fire resistance, organic fibers were added in
the PCaPC beam concrete.
The compressive strength at the age of the fire test ranges from 134 to 141MPa. Compressive
strength were determined on cylinder specimens of I100 x 200mm cured under similar conditions of
temperature history expected in the beams during setting. All specimens were dried in the laboratory for
ten months prior to the fire test. The moisture content as of testing was about 4 %.
Table 1 Test specifications

Specimen

Prestressing bar

Prestress
Force
(kN)

I-No.1
I-No.2
I-No.3

SD685
(4-D41)
SD685
(4-D41)
SBPD1080/1230
(4-D36)

Distance of Acting moment
Bending
openings
at middle of
strength MI
(in calculation)
span M
(mm)
(kNm)
(kNm)

M/MI

3120

1200

660

2924

0.23

3120

800

660

2924

0.23

3500

800

1248

3604

0.35

2.2 Test setup
Figure 3 shows the setup of the test for the PCaPC beams subjected to fire. All specimens are simply
supported with a support length of 6800mm. Two hydraulic jacks, located 3000mm distance of the
supporting points, act the downward force on the beam.
The measurements include vertical displacements at the middle of the span and at the supporting
points etc., furnace temperatures, temperatures of the concrete throughout the specimen thickness and
temperatures of longitudinal and shear reinforcement steel. All measurements were conducted every 30
seconds during the test. The specimens were subjected to the fire temperature history as specified in ISO
834 [2].
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(b) I-No.2 and I-No.3 specimens
Figure 1 Elevation of specimens.
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Figure 2 Cross section of specimens. (I-No.1 and I-No.2 specimens)

The deflection at the middle of span were evaluated as follows: (1) measure displacements at the
middle of span and at the supporting points, (2) average the displacements of both supporting points, (3)
subtract the displacement at the middle of span from the averaged displacement at supporting point.
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Figure 3 Test setup. (I-No.2 specimen)

2.3 Test Result
Crack patterns of specimens after heating are illustrated in Figure 4. No significant material loss by
explosive spalling was observed during fire test. The fire resistance times of specimens were 260 minutes
(I-No.1 specimen), 248 minutes (I-No.2 specimen) and 100 minutes (I-No.3 specimen). The fire
resistance indicated in minutes is the time from the beginning of heating up to the failure of the specimen.
In I-No.1 and I-No.2 specimens, shear cracks occurred between openings, and bending cracks
occurred along upper and lower beam. In I-No.3 specimen, the larger shear crack than I-Nos. 1 & 2
occurred between openings.
The temperature of longitudinal and pre-stressing steel is shown in Figure 5 for I-No.1 specimen. The
temperature was about 60 degrees Celsius at 30minutes, about 480 degrees Celsius at 240 minutes of
heating. The temperature of shear reinforcement is shown Figure 6 for I-No.1 specimen. The temperature
of head-bar was about 300 degrees Celsius at 60 minutes, about 900 degrees Celsius at 240 minutes of
heating. Temperatures for the I-No.2 and I-No.3 specimens are almost similar as I-No.1 specimen.
The deflection at the middle of span is shown in Figure 7 for all specimens. Comparing I-No.1
specimen with I-No.2 specimen in the same acting load, the influence of distance between openings is
less for fire resistance time. The deformation distribution is shown in Figure 8. It turns out that the
deformation near support is upwards from the early stages of heating. This reason is the effect of negative
moment by prestress and the effect by the gate structure on mode II (after-mentioned). In large
deformation, this tendency was remarkably observed.
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(a) I-No.1 Specimen

(b) I-No.2 Specimen

(c) I-No.3 Specimen
Figure 4 Crack patterns of specimens after heating.
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Figure 7 Deformation at the middle of span.
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Figure 5 Temperature of longitudinal steel .
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3 ESTIMATION OF FIRE RESISTANCE
3.1 Methodologies
An estimated ultimate strength in fire on PCaPC beam which has multiple openings is examined. In
the shear strength evaluation method [3], the shear strength consists of 3 parts; shear strength by the truss
action of upper and lower beam, shear strength by truss action formed of strut over an openings and shear
strength by the arch action of upper and lower beam. Bending strength of beam was evaluated as RC
beam. This resistance mechanism is written as "mode I".
However, shear failure occurred between openings with I-shaped beam. Therefore truss mechanism
with strut over the openings cannot be formed. Then, the mode which pays resistance mechanism to the
gate structure was considered, gate structure consists of upper and lower beams. This resistance
mechanism is written as "mode II". Hereafter, an ultimate strength is described to two kinds of failure
modes in fire.
3.1.1 Resistance mechanism on mode I
(a) bending strength
The following assumption yields a simple equation (Equation 1) to estimate the time up for bending
failure: If reinforcing / pre-stressing steel reaches yielding before the concrete reaches critical
compressive strain, the ultimate bending moment of the member is governed only by the temperature of
reinforcing / pre-stressing steel regardless of pre-stressing force. Shear force at bending strength is shown
in equation 2.
N

MI

¦ 0.9 u

i at

u iV y u id

(1)

i 1

QMΣ MΣ L1 

(2)

where, M I : ultimate bending strength, QMΣ: shear force at bending strength, N : the number of
reinforcing / pre-stressing steel, L1 : shear span, i at : cross-section area of reinforcing /
pre-stressing steel i, i V y : yield strength of reinforcing / pre-stressing steel i, i d : depth to
reinforcing / pre-stressing steel i
(b) shear strength
 In generally, the truss action is formed by tensile force of shear reinforcement, the diagonal
compressive force of concrete, and the bond of a longitudinal rebar and concrete. Therefore, shear
strength which can be transmitted by a truss action, as shown in equation 3, is minimum value under
yield of shear reinforcement, compressive failure and bond failure.
Qt
rebar

Qt

min( rebar Qt ,

b u jt u pw u V wy u cot I ,

conc

Qt

conc

Qt ,

bond

b u jt u Q  V B u sin I  cos I ,
rebar

(3)

Qt )
bond

Qt

jt u A" u W bu

(3a)

where, Qt : shear strength by truss action,
Q : shear strength by truss action at yield of shear
reinforcement, concQ : shear strength by truss action at compressive failure, bond Q : shear
strength by truss action at bond failure, V wy : yield strength of shear reinforcement,
Q : a factor less than 1.0, W bu : bond strength of reinforcement, I : truss angle, jt : distance
between the centroids of the axial reinforcement, b : width of beam, pw : shear
reinforcement ratio, A" : circular length of longitudinal rebar, V B : compressive strength
It is described at forescript “up” for upper beam, “low” for lower beam, “p” for between openings
and “o” at opening. Shear strength at an opening is shown in equation 4. When shear strength between
openings is larger than shear strength at opening, then strut over between openings is proposed. Shear
strength in this truss action is shown in equation 5 (refer to Figure 9). As mentioned above, shear strength
on mode I by truss action taken into account two truss action is shown in equation 6.
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o Qt

up Qt

 low Qt

n Qt

( p Qt  o Qt )/ p Qt u

QΣ,t

° o Qt  2 u n Qt
®
°̄ p Qt

(4)

out Aw

u

out V wy

(5)

( p Qt t o Qt )

(6)

( p Qt d o Qt )

where, n Qt : shear strength of truss with strut over openings, out Aw : cross-section area of truss using
shear reinforcement, out V wy : shear strength of truss using shear reinforcement, QI ,t : shear
strength of truss action on mode I
The arch action is formed with the tensile force of longitudinal rebar and diagonal compressive force.
Therefore, shear strength of arch action is shown in equation 7.
min( rebar Qa ,

Qa
rebar

Qa

a

l

u V ly

conc

Qa )

u tan T ,

conc

Qa

b u jt u V a u sin T  cos T

(7)
(7a)

where, Qa : shear strength of arch action, rebar Qa : shear strength of arch action at yield of
longitudinal rebars, concQa : shear strength of arch action at diagonal compressive failure,
a l : cross section area of longitudinal rebar, V ly : yield strength of longitudinal rebars,
T : arch angle, V a : compressive strength for arch action
As mentioned above, taking into account upper and lower beam under arch action shown in Figure 10,
shear strength on mode I QΣ can be expressed in equation 8.
QΣ QΣ,t  low Qa  up Qa

(8)

Strut over Openings

(a)

Proposed truss model 1
Strut over Openings

(b)

Proposed truss model 2

(c) Detail on this truss

Figure 9 Proposed strut on truss model.
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Figure 10 Proposed arch model.

3.1.2 Resistance mechanism on mode II
(a) Bending strength
Since the PCaPC beam end is reinforced, resistance mechanism mode II as shown in Figure 11 was
considered the gate structure where upper and lower beam were assumed. The bending strength on mode
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II was calculated from the moment distribution assumed in Figure 11. At this time, shear force at bending
strength can be expressed in equation 9.
QMΤ
               
up M

R

up QMΤ  low QMΤ

up Q MΤ

l
l R
up au up V y

u up j R ,

low M

L

up M

u
u L
up au up V y

L

(10)
u up j L 

(10a)

( up M  up M ) L2
R

low Q MΤ
l
l R
low au low V y

R

(9)

( up M  up M ) L2
R

u low j ,
R

L

low M

L

(11)

u
u L
low au low V y

u

low j

L

(11a)

up

MR

j

upper beam

up t

ML

l
up

up

dII

where, QMΤ :shear force at bending strength, up QMΤ : shear force at bending strength for upper beam,
R
low QMΤ : shear force at bending strength for lower beam, up M : bending strength for upper
L
beam at acting point, up M : bending strength for upper beam at the end of fire heating,
R
L
bending strength for upper
low M : bending strength for upper beam at acting point, low M
beam at the end of fire heating, up j R up jt , up j L 0.9upl d II , low j R low jt , low j L 0.9lowl d II

u
up

a

M

R
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L2

M

j

a

a

low t

lower beam

u
low

l
low

low

L

d II

l
up

 

l
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a

(a) Proposed moment distribution
(b) Assumption of effective depth
Figure 11 Resistance mechanism on mode II.

(b) Shear strength
Resistance mechanism mode II does not contribute to shear force between openings, then shear
strength becomes summation of shear strength of upper and lower beam. Therefore, shear strength on
mode II QΤ is shown in equation 12.
QΤ

low Qt  up Qt  low Qa  up Qa

(12)

3.1.3 Ultimate strength in fire
In fire, it is thought that a resistance mechanism is shown to mode I. But when a truss mechanism as
shown in Fig. 9 disappears, a resistance mechanism transferred mode II as the gate type structure by
upper and lower beam. Therefore, ultimate strength is estimated by the resistance mechanism of the
larger one of the mode I and the mode II in fire. Ultimate strengths on mode I QuΣ and mode II QuΤ
were shown in equation 13 and equation 14, respectively, so ultimate strength of PCaPC beam Qu can be
shown in equation 15.
QuΣ min(QMΣ, QΣ) 

(13)

QuΤ

(14)

Qu

min(QMΤ, QΤ )
max(QuΣ, QuΤ)

(15)

3.2 Estimation Results
By calculating of ultimate strength in fire, the heat transfer analysis result was used for concrete
temperature, and the experimental result was used about steel materials. A heat transfer analysis result is
shown in Figure 12. In analysis, a comparatively good result was brought to the experiment.
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(a) Analytical model (b) comparison of result Figure 13 Assumption of
Figure 12 Analytical result of temperature.
compressive strength.
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Figure 14 Assumption of
bond strength.

Assumed compressive and bond strength [4] at high temperature are shown in Figure 13 and Figure
14, respectively. Yield strengths of steel are also considered at high temperature in reference 4.
The estimation results in fire were shown in from Figure 15 to Figure 16. Figure 15 shows the
examination result in I-shaped section of PCaPC beam, Figure 16 shows examination of the experimental
result in the rectangle section shown in the literature 1. The rectangle section specimens shown in the
literature 1 write R before the specimen number. In each figure, it shows the ultimate strength on mode I,
mode II and ultimate strength of PCaPC beam. The fire resistance time based on calculation is the point
that ultimate strength acts cross acting shear force in experiment.
Resistance mechanism of I-No.1 and I-No.2 specimens was resisted as an RC beam in the early
stages in fire, resistance mechanism transferred to mode II, finally I-No.1 and I-No.2 specimens occurred
bending failure on mode II at fire resistance time. In I-No.3 specimen, the resistance mechanism of RC
beam by mode I is presented from the early stages to fire resistance time, and it is thought that I-No.3
specimen occurred shear failure on mode I. In the case of a rectangle section, in all specimens (R-No.1,
R-No.2 and R-No.3 specimens), resistance mechanism showed mode I in fire, all specimens occurred
shear failure on mode I.
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Figure 15 Estimation results of I-shaped specimens.
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Figure 15 Estimation results of I-shaped specimens.
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4 CONCLUSION
Fire resistance test of PCaPC beams were carried out and their fire resistance performances were
clarified. The tests were conducted with specimen of the actual size. In the test results, the influence with
the difference in opening interval is less than an experimental result in comparatively small load.
Furthermore, the ultimate bending moment and the shear strength by using truss and arch model was
estimated. It is proposed that two modes of resistance mechanism was considered, and it was shown that
ultimate strength of PCaPC beam is determined by the failure mode of the larger one. In I-shaped
specimens, in the range with comparatively small load, it turned out that I-shaped specimen occurred
bending strength on mode II so distance of openings does not influence at fire resistance time. In the
rectangular section specimens, shear failure occurred in all specimens on mode I.
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Abstract. The focus of this paper is the deformation characteristics of two higher strength plain
concretes exposed to mechanical and fire loads. This includes a comparison of their relative performance
and their deformation characteristics with existing deformation models. Experimental investigations
were conducted to determine the total deformations during axial loading, heating and subsequent cooling
(decay phase). Concrete prisms with dimensions of 10.2 cm by 10.2 cm and 91.4 cm long were studied.
The study variables are 1) cold compressive strength of the concrete; 2) stress ratio, Į, defined by the
ratio of applied axial stress and the cold compressive strength of the concrete; and 3) maximum core
temperature when cooling is induced. The compressive strength of the two concrete are 50 and 78 MPa,
respectively; the stress ratios are 0, 17, 33 and 50 %; and the maximum core temperatures are 200, 400,
600 and 800° C.

1 INTRODUCTION
Performance based design for structural fire safety allows engineers to quantify the behavior of a
structural system throughout the entire fire. Such predictions are warranted for large framing or critical
structures where members are highly stressed during the fire. While such methods provide detailed
information about the structural performance, it also requires adequate and accurate material models,
analysis tools and detailed information about the model input parameters. Constitutive relationships for
concrete exposed to loads and extreme temperatures are available and they are derived from tests
performed in electrical furnaces combined with a hydraulic load test system. Furthermore, these
relationships are largely based on results from concrete made with high water to cement ratios; and on
cylinders with diameters ranging from 60 to 75 mm and lengths ranging from 150 to 300 mm1, 2, and 3. The
aim of this study is to determine if the thermal deformation characteristics determined in these earlier
studies are also representative of the characteristics observed when larger concrete specimens, made from
a contemporary and high strength structural concrete mixes, are tested in a gas fuelled fire chamber.
The total deformation or strain of concrete is considered the sum of four components; which are,
thermal strain, stress related strain, creep strain and transient strain. The thermal strain, εth, causes thermal
expansion and is a function of the temperature (T). The stress related strain (εσ) is a function of stress (σ)
and the temperature (T). Transient strain (εtr) is a function of both stress (σ) and temperature (T) and is
only observed in the first heating cycle. The creep strain, (εcr) is a function of the time (t), stress (σ) and
temperature (T). Creep strain is typically insignificant in concrete below 600 °C and due to computational
difficulties it is often ignored in the constitutive models4. The total strain is:

ε = ε th (T ) + ε tσ (σ , T ) + ε cr (σ , T , t ) + ε tr (σ , T )

639

(1)

Elin A. Jensen, Brittany L. Schuel and Meenakshi Joshi

Work reported by researchers such Schneider2, 3 and 4, Anderberg and Thelandersson1, and Khoury5
provide a fundamental understanding of the deformation characteristics of concrete at high temperatures.
An earlier paper published by the authors6 demonstrated that the deformations predicted by the model
proposed by Khoury as well as Terro5, 7 and 8 are in good agreement with the observed deformation
characteristics of the 50 MPa concrete also referenced in this study. However, the model is only valid for
stress ratios up to 30%. Furthermore, this study showed that only two of seven tested specimens loaded
with a stress ratio of 33% did not fail before they reached 600 °C. This indicates that significant
irreversible strain or damage is developed. This is confirmed by the permanent deformation observed
during the cooling stage.
The objective of this study is to determine (1) if the 78 MPa higher strength concrete exhibits similar
deformation behavior as the 50 MPa concrete under combined heating, mechanical loading, and
subsequent cooling, and (2) which of the traditionally applied models can adequately describe the
development of the thermal strains, transient strains and the total strains due to the combined heating and
mechanical loading. The strain vs. temperature curves for the models used in comparison to experimental
data were obtained by applying the equations proposed by the researchers.

2 METHODOLOGY AND EXPERIMENTAL SET-UP
The project specific experimental test-setup was designed and constructed. Extensive resources were
allocated for the development of the test method including determination of the adequate combination of
chamber heating rate, net concrete heating rate, and concrete moisture conditions. A profile view of the
test set-up is shown in Figure 1. The specimen on the right is instrumented with thermocouples measuring
the thermal gradient of the specimen. It is only subjected to thermal loading and therefore the free thermal
expansion of the concrete is obtained from this specimen. The specimen on the left is subjected to
compressive axial load and thermal load simultaneously. The development of the deformation is obtained
from measuring the displacement of the ram and base. The actuator is located above the furnace roof (not
pictured) and controls the load throughout the test. The axial load was applied before heating was
initiated, and was held constant throughout the test.
1. Base 2.Ceramic Tubes 3.Concrete Specimen 4.Fire Brick Support Stands 5.Plate Thermocouples 6.Ram

Figure 1. Front view of fire chamber setup for axial elongation test

To measure the displacement of each component, hollow mullite tubes, with a known coefficient of
thermal expansion (5.4 x 10-6/ o C) 9 extend from each reference surface. The mullite tubes were then
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connected to displacement sensor test brackets installed on the exterior roof beams of the furnace. The
effect of the thermal expansion of the mullite tubes on the total expansion was considered in the analysis.
The following axial deformation characteristics were obtained: thermal strains (free expansion) and
total strain (thermal induced strain + strain due to sustained load). Tests were performed with different
axial load levels of 0, 90, 180 and 270 kN for the 50 MPa concrete and 0, 135, 270, and 400 kN for the 78
MPa concrete. These load levels correspond to about 0, 17, 33 and 50 % of the concrete cold compressive
strength. The specimens were heated to a maximum core temperature before cooling began. The
maximum core temperatures were 200, 400, 600, and 800°C. The ambient heating rate was about
1.5°C/min for the first three test series, and it was about 2.0°C/min for the 800°C test series. The initial
target temperature during furnace start-up was 120°C after which point the environmental (ambient)
temperature was increased at the average rate mentioned earlier. The environmental (ambient)
temperatures were measured using plate thermocouples10 arranged as shown in Figure 1. The specimen
shape was a prism with dimensions 10.2 cm by 10.2 cm and 91.4 cm long which yields similar aspect
ratio as used by Nielsen11.
The internal relative humidity for the 50 MPa normal strength concrete was 84% or below before
testing to avoid extreme spalling. These specimens were air dried at room temperature conditions after 28
days of wet curing. The normal strength concrete mix contained limestone (calcareous) coarse aggregates,
cement content of 312 kg/m3 and had a water to cement ratio of 0.41.
The 78 MPa higher strength concrete was poured in May 2011 and was immediately wet cured for 28
days. In September the internal relative humidity had reached 90 - 93%. Due to the risk of explosive
spalling, the internal relative humidity had to be reduced to about 80 - 84 %, based on the experience of
the authors. The concrete prisms were dried in a controlled environment of 40 °C and 75 % RH for an
additional 3 months. Specimens were then placed in laboratory conditions in December 2011 at which
time the internal relative humidity had reached the target level. The high strength concrete mix contained
limestone (calcareous) coarse aggregates, cement content (with 25% slag cement) of 402 kg/m3 and had a
water to cement ratio of 0.35. Note that this concrete mix had an expected strength in excess of 90 MPa
based on preliminary results provided by the concrete producer. However, only 78 MPa was achieved.
Table 1. Test Matrix for 50 MPa Concrete

Axial Load (kN)
Strength Ratio ɲ
Temp
0
90
180
270
o
( C)
0
0.17 0.33
0.5
200 oC
X
X
X
X
400 oC
X
X
X
X
600 oC
X
X
X
800 oC
X
X
(*X denotes completed testing)

Table 2. Test Matrix for 78 MPa Concrete

Temp
o
( C)
200 oC
400 oC
600 oC
800 oC

0
0
X
X
X

110
0.14

Axial Load (kN)
Strength Ratio ɲ
135 220
270
0.17 0.28 0.33

X
X
X
X
X
X
X
(*X denotes completed testing)
X

320
0.4

400
0.5

X

X

The test matrixes, shown in Table 1 and Table 2, outline the successful experiments for both the 50
MPa and 78 MPa concretes to date. Each of the loaded specimens was tested with an accompanying
unloaded specimen to capture the free expansion and the concrete temperatures.

3 RESULTS AND DISCUSSION
The concrete specimen undergoes a length change as core temperature increases which results in a
deformation of each component of the system. Deformation of various components such as free
expansion, base, ram, and actuator are recorded and plotted with time and temperature as raw data.
Representative examples of the measured deformations and associated temperatures are presented below.
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At the end of this section, the development of total axial strains with temperature for different load levels
are presented and compared with existing data and models.
3.1 Temperature vs. Time
Figure 2 is a representation of the development of environmental, surface and core temperature for
the duration of a test. Displacements recorded from the loaded specimen, the free expansion specimen,
and the base with time are shown in Figure 3. Elongation of each specimen as the core temperature
increases is presented in Figure 4. All three graphs represent a specimen that was heated to 600oC at the
concrete core with an environmental heating rate of 1.5oC/min and subjected to a load of 110kN. The
temperature gradient through each specimen is typically between 0.5 and 1.0oC/min.
Temperature vs. Time (600oC, 110kN)

700

Temperature (oC)

600
500
400
300
200
100
0
0

2
Core

4

6
Time (hrs)
Surface

8

10

Environmental

Figure 2. Temperature vs. Time
Elongation vs. Temperature (600oC,
110kN)

Displacement vs. Time (600oC, 110kN)
10

8

8
6

6

Elongation (mm)

Displacement (mm)

10

4
2
0

4
2
0
-2
-4

-2

-6

-4
0

5

10
Time (Hours)
Free Ex.
Base

0

15

Figure 3. Displacement vs. Time

200
400
600
Temperature (oC)
Free Expansion
Ram- Base
Figure 4. Elongation vs. Temperature

3.2 Strain Development as Function of Temperature
The development of the total strain with increasing temperatures is shown for different stress ratios in
Figure 5 and 6. In general the deformation characteristics are similar for the two concretes for stress
ratios up to 33%. For increasing stress ratios the HSC has a tendency for increased deformations. At this
time the HSC subjected to a stress ratio of 50% did not successfully complete the heating through 400 °C.
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% Total Strain vs. Temperature
1

% Strain

0.5

0

-0.5

-1

-1.5
0

200

400
600
Temperature (oC)

800

Figure 5. Total Strain vs. Temperature for NSC

% Total Strain vs. Temperature
1

% Strain

0.5

0

-0.5

-1

-1.5
0

200

400

Temperature (oC)

600

800

Figure 6. Total Strain vs. Temperature for HSC

The total strain through heating and cooling are shown in Figures 7 through 10 for the NSC and the
HSC elevated to a core temperature of 400 and 600 °C, respectively. It is observed that the permanent
deformation increases with increasing applied stress ratio during heating and cooling as well as with
increasing temperatures. For the case of a maximum core temperature of 600 °C, the HSC exhibits
slightly higher levels of permanent deformation upon cooling. Furthermore, it is noted that the NSC
specimen loaded with a stress ratio of 50% and the HSC specimens loaded with a stress ratio of 40% fails
at or near 400 °C. Evaluation of the failed specimens showed crushing failure.
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% Total Strain vs. Temperature

0.6
0.4

% Strain

0.2
0

-0.2
-0.4
-0.6
-0.8
0
Į = 0.0

100

200
300
Temperature (oC)
Į = 0.167
Į = 0.330

400
Į = 0.500

o

Figure 7. %Total Strain vs. Temperature for NSC at 400 C Core Temperature
% Total Strain vs. Temperature
0.6
0.4

% Strain

0.2
0

-0.2
-0.4
-0.6
-0.8
0
Į = 0.0

100

200

300

Temperature (oC)
Į = 0.278
Į = 0.330

400
Į = 0.400

Figure 8. %Total Strain vs. Temperature for HSC at 400oC Core Temperature

The development of the transient strain during the first heating cycle is shown for different stress
ratios in Figure 11 and 12. In general, for all temperatures and stress levels the HSC shows higher
transient strains that that of the NSC.
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% Total Strain vs. Temperature

1.5
1

% Strain

0.5
0

*

-0.5
-1

*Specimen Failed

-1.5
-2
0

200

Į = 0.0

400
Temperature (oC)

Į = 0.167

600

Į = 0.330

800
Į = 0.500

Figure 9. %Total Strain vs. Temperature for NSC at 600oC Core Temperature
% Total Strain vs. Temperature

1.5
1

% Strain

0.5
0
-0.5

*

-1

*Specimen Failed

-1.5
-2
0

200
Į = 0.0
Į = 0.278

400
Temperature (oC)
Į = 0.139
Į = 0.330

600

800
Į = 0.167
Į = 0.400

Figure 10. %Total Strain vs. Temperature for NSC at 600oC Core Temperature
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% Transient Strain vs. Temperature

% Transient Strain

0.0

-0.5

-1.0

*

-1.5

*Specimen Failed

-2.0
0

100

200

300

400

500

600

700

Temperature (oC)
Figure 11. %Transient Strain vs. Temperature for NSC
% Transient Strain vs. Temperature

% Transient Strain

0.0

-0.5

-1.0

*

*Specimen Failed

-1.5

-2.0
0

100

200

300

400

500

600

700

Temperature (oC)
Figure 12. %Transient Strain vs. Temperature for HSC

3.3 Stress Development in Axial Restrained Specimens
Restrained tests on normal strength concrete with low initial stress levels are performed for the
specimens with same specifications (grade of concrete, size of specimen, relative humidity etc.) as for
those used in force controlled tests. To obtain restrained condition the actuator was held at a constant
displacement throughout the heating cycle. The initial load of 18 kN is applied on the specimen and the
displacement of the actuator corresponding to this load is held constant for the whole test duration. The
net heating rate is the same as in above experiments and equal to 1.5 – 2.0 °/min.
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The resulting stress development was observed to be on the order of about 11 kN (1.1 MPa) per 100
°C. Small deformations were observed in the test specimens since it was the actuator position rather than
the length of specimen that was held constant during testing. Compressive strains developed in loaded
specimen of about 0.2 % for temperatures up to 400 °C. With increasing temperatures the behaviour
switched to tensile strains (contraction) of about 0.2 % for 600 °C (see Figure 13 and 14). To determine
the percent restraint achieved during the test, the displacement data collected for the loaded (restrained)
specimen are interpolated between zero percent restraint i.e. ‘free expansion strain’ and 100% or fully
restraint i.e. ‘no expansion or zero strain.’ The results showed the percent restraint achieved is about 98%
for low temperatures and decreases to 95% with increasing temperatures (up to 800° C).
As expected relaxation is developing as a result of sustained deformation during heating. However,
the relaxation observed in this study is higher than that reported in the literature for normal strength
concrete (Nielsen, 2002). One reason may be that this study preloaded the specimen before heating to
1.75 MPa, whereas the specimens in Nielsen’s (2002) study were fully unloaded.

Figure 13. Strain vs. Temperature for 600°C

Figure 14. Stress vs. Temperature for 600 °C

4 CONCLUSION
The data presented in this paper supports the following conclusions:
•

The NSC and the HSC have similar deformation characteristics for loaded specimens up to
temperatures of 400 °C and for unloaded specimens (free expansion) for measured temperatures
up to 600 °C

•

Above 400 °C the HSC shows tendencies of higher contractions under load compared to the
NSC.

•

The combined effect of peak temperature before cooling and the magnitude of load significantly
affects the deformation of axially loaded concrete. The NSC and the HSC exhibit similar levels
of permanent deformation upon cooling at 400 °C. The preliminary data for the HSC indicate
an increased level of permanent deformation upon cooling from 600 °C.

•

The preliminary data on the stress development during restraint ends indicate a higher
relaxation of the NSC used in this study compare to that reported in the literature.
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Abstract. A key-aspect of the behaviour of concrete slabs reinforced with FRP bars is given by the
effects of the exposure to fire at slab’s top and bottom. In those cases, the mechanical properties’
deterioration of the fibre-reinforced composite materials and of the bond at high temperatures
determines a reduction of the resistance and stiffness of the elements working in flexure. In this paper
experimental results of tests performed by authors to evaluate the performances of eleven concrete slabs
reinforced with Fibre Reinforced Polymer (FRP) bars will be briefly summarized. Strains and
displacements recorded during the tests by means of strain gauges and displacement transducers applied
on concrete and FRP bars are showed and compared with the results of numerical simulations. The good
agreement between experimental and numerical results increases the trust in the use of FRP as internal
reinforcement of concrete members also for constructions subject to fire risk.

1 INTRODUCTION
In the past, the authors performed experimental flexural tests ([1],[2],[3]) in order to evaluate the
performances in fire situation of nine concrete slabs reinforced with Fibre Reinforced Polymer (FRP) bars
(continuous end to end) by varying external loads in the range of the service loads, concrete cover in the
range of usual values (30-50mm), bar end shape (straight or bent) and its length at the end of the concrete
members (namely in the zone not directly exposed to fire). Moreover, two slabs were tested in normal
condition [4].
In the following sections the experimental results of fire tests are briefly summarized. Moreover, a 3D
nonlinear finite element model of the tested slabs is developed; the strains and displacements recorded
during the tests by means of several strain gauges and displacement transducers applied on the concrete
surface and FRP bars are compared with the results of numerical simulations.

2 EXPERIMENTAL RESULTS
Table 1 shows the main geometrical properties of nine of eleven slabs, those tested in fire situation,
divided into three sets (namely Set I: S1,S2,S3, Set II: S4,S5,S6 and Set III: S7,S8,S9). The slabs S7, S8,
S9 were identical to slabs S1, S2, S3, respectively, except for the shape of the longitudinal bottom bars
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bent at the end (see Figure 1). To avoid forming bar splice anchorages in the span of the slab, a single
GFRP bar whose length was that of the slab minus 20mm (i.e. twice the 10mm of concrete cover at each
end of the slab) was employed for every slab.
The experimental investigation consisted of standard fire tests on the simply-supported slabs. Since
the span between supports was 3200mm, the slabs 3500mm long (Set I and Set III) were external to
furnace at each end for a length of 150mm, whereas the slabs 4000mm long (S4,S5,S6) for a length of
400mm. A strip of about 100mm of rock wool was used to protect the steel supports from fire exposure.
Therefore, the ends of each slab were not directly exposed to fire action for a length, namely anchoring
length, of about 250mm for Sets I,III and 500mm for Set II (see Table 1). The slabs S1, S4, S7 have not
loaded during the fire exposure. Slabs S2, S5, S8 and S3, S6, S9 have been loaded with a predefined
service load corresponding to about the 40% and 60%, respectively, of the ultimate bearing capacity of
the slab in normal temperature design.
Experimental outcomes highlighted that the failure of the concrete slabs can be attained due to the
rupture of the fibres in the middle of the member if a continuous reinforcement from side to side of the
concrete element is used and zones not directly exposed to fire are guaranteed. These zones, near the
supports, are necessary to ensure adequate anchorage of bars at the ends once in the fire exposed zone of
slab the glass transition temperature is achieved and the resin softening reduces the adhesion at the FRPconcrete interface. Moreover it was shown that the length of this anchoring zone, which was not directly
exposed to fire, can be reduced if the bars are bent at the end. However the bars cannot be overlapped in
the area directly exposed to fire because the temperature attains so high values that the loss of adhesion at
the concrete-FRP interface may occur and then the failure of structure could take place in a few time.
Furthermore, if the bar anchorage allows the pull out of bars to be avoided the failure of slabs is
attained due to very high temperatures, namely much higher than glass transition temperature Tg. Bars
temperature during fire exposure largely depends on the concrete cover value and fire endurance depends
on the fibres strength at high temperatures and consequently it may depend on the fibres types.
Table 1. Fire test main parameters for FRP reinforced concrete slabs.
Set Slab

I

II

III

S1
S2
S3
S4
S5
S6
S7
S8
S9

Length
[mm]

Width
[mm]

Thickness
[mm]

Cover
[mm]

3500

1250

180

32

Bottom bars (diameter/spacing) [mm]
longitudinal
transversal
ĭ12/150

Anchoring length
[mm]

Bar shape

ĭ12/200

250

Straight

ĭ12/200

500

Straight

ĭ12/200

250

Bent

ĭ12/225
4000

1250

180

51

ĭ12/125
ĭ12/200

3500

1250

180

32

ĭ12/150
ĭ12/225

Figure 1. Geometrical details of bars’ end
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3 FEM MODEL
The thermo-mechanical modeling of the slabs tested under fire conditions is performed through the finite element
software ABAQUS/Standard [5], which allows to model accurately some aspects of the mechanical behavior,
including the lack of bond between bars and concrete in the zone directly exposed to fire. As usual, decoupling
of thermal problem and mechanical problem is assumed. Therefore, the mechanical analysis is developed by
associating to the FEM model the temperature field obtained through a previous thermal analysis, in which the
effects of stress-strain on the thermal behavior are neglected. The boundary conditions and load application were
identical to that used during the Phase 1 of the test (see [1]), characterized by a constant load during the fire
exposure. The dead load representing the weight of the slab was applied as a static uniformly distributed load on
the top surface of the slab. The jack load was applied as a static distributed load over the area of the spreader steel
members.
3.1 Geometry
In order to reduce computational time of numerical model of each slab, a representative longitudinal strip
is modelled for each slab, with a width cross section equal to the overall slab width (1250mm) divided by
the number of bars. Moreover, for symmetry with respect to the midspan of the slab and to the vertical
plane passing through the centroidal axis of the bar, only a quarter of the strip is analyzed (see Figure 2).
In Table 2, the main geometrical details of the model are summarized for each slab. Note that slabs are
reinforced with bars of nominal diameter 12mm having an area of 113mm2.

Support line
Line betweeen
exposed/unexposedzone

Symmetry plane

Symmetry plane
(slab midspan)
GFRP bar

Figure 2. FEM Model (slab S4)
Table 2. Geometrical details of the numerical model
Dimensione
Set

Soletta

Copriferro
[mm]

Longitudinale
[mm]

Trasversale
[mm]

Area di armatura
[mm2]

S1
(1250/9)/2=69.444
3500/2=1750
113/2=56.5
32(*)
S2
(1250/6)/2=104.167
S3
S4
(1250/10)/2=62.500
4000/2=2000
113/2=56.5
51(*)
II
S5
(1250/7)/2=89.286
S6
S7
(1250/9)/2=69.444
3500/2=1750
113/2=56.5
32(*)
III
S8
(1250/6)/2=104.167
S9
(*) Spessore del copriferro di calcestruzzo misurato tra l’intradosso della soletta ed il baricentro della barra.
I

The experimental tests showed that in the area directly exposed to fire, for temperatures above the
glass transition temperature, the adhesion bar-concrete is severely damaged (after about 15 minutes for
slabs of Set I and Set III, and 20 minutes for slabs of Set II). Therefore, to simplify the modeling, we
assumed that, in the zone directly exposed to fire, the GFRP bar and the concrete does not exchange bond
stresses since the application of external loads. For this purpose “Contact pair” interface element
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available in ABAQUS was used: the master surface corresponds to the surface of the concrete around the
bar, while the slave surface corresponds to the surface of the bar. The two surfaces cannot penetrate, and
when they are in contact, they can move each other only normal stresses and shear stresses. By contrast,
in the area not directly exposed to fire perfect bonding between bar and concrete is assumed (“Constraint”
interface element). Note that the perfect adherence bars-concrete is quite correct only for slabs of Set II
and Set III, whereas it is certainly not valid for slabs of Set I. Therefore, the numerical analyses will be
performed only for slabs of Set II and Set III.
3.2 Thermal properties
The thermal analyses were carried out by using the “HEAT TRANSFER” option available within
ABAQUS. Each slab is divided into finite elements "Brick" type "Hex" (parallelepiped elements), with
maximum dimensions of 70mm x 28mm x 20mm, 8 linear node (ABAQUS C3D8 element). Both the
exposed and not exposed to fire surface was defined in accordance with the conditions of thermal
exposure of the slabs during the tests. According to EN1991-1-2 [6]:
- constant convective coefficients αc = 25 W/m2K and αc = 9 W/m2K were assumed for the exposed
and unexposed surfaces, respectively;
- the radiative heat flux was calculated by using a concrete emissivity ε = 0.7. This flux has been
considered only for the exposed surface.
Concrete specific heat and thermal conductivity relationships provided by Lie [7] were assumed. As
concerns the concrete thermal expansion, three different relationships were assumed: two are provided by
EN1991-1-2 for calcareous and siliceous concrete, respectively; the third one was obtained by averaging
the first two.
FRP specific heat and thermal conductivity relationships provided by Bai et al. [8] for GFRP bars,
characterized by a similar ratio fiber / matrix equal to 61%, not far from the 70% that characterizes the
GFRP bars used for the specimens, were assumed. As concerns the FRP thermal expansion Bai et al. [8]
relationships was modified as showed in Figure 3.
Coefficient of Thermal expansion (10-6 gC-1)

14.0
12.0
10.0
8.0
6.0
4.0
2.0
0.0
0

100 200 300 400 500 600 700 800 900 1000
Temperature (°C)

Figure 3. FRP thermal expansion (Bai et al. [8] modified).

3.3 Mechanical properties
Concrete mechanical behaviour, represented by the stress-strain relationship provided by EN1992-1-2 [1]
for calcareous aggregate, on the basis of examples available in the literature (see [9]), is modeled through
the “damaged plasticity model” implemented in ABAQUS, which models the behavior in both
compression and tension of reinforced concrete.
Under axial compression, at the generic temperature T, the concrete behavior is assumed linear up to
the limit of proportionality, fcp,T, at a strain equal to the 50% of the strain related to the compressive
cylindrical strength fc,k,T, at temperature T. The latter, in agreement with EN1992-1-2, is equal to kc,TÂfcm,
where fcm is the average compressive strength at a temperature of 20°C (see [1]). In Figure 4 concrete
stress-strain relationships are showed for different temperatures.
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Under axial tension, at the generic temperature T, the stress-strain response is modeled by a modified
Belarbi & Hsu model [11] in which the softening branch is characterized by exponent equal to 0.3 instead
of 0.5. At the generic temperature T, the tensile strength is fct,T = kc,TÂfct where fct = 0.3 Â (fck)2/3 is the
tensile strength at a temperature of 20° C, according to EN1992-1-1. The characteristic cylinder
compressive strength, fck = fcm−8 [N/mm2] is assumed.
The mechanical behavior of GFRP bar was assumed linear elastic at the generic temperature T, with
elastic modulus Ef(T) = ρE(T)ÂEf, where Ef is the elastic modulus in ambient conditions (50 GPa) and
ρE(T) the reductive coefficient of the elastic modulus at temperature T. Particular attention should be paid
to the modeling of the bar stiffness, because it influences the slab deformability. In the absence of
detailed data on the thermo-mechanical GFRP bars properties, based on the Wang et al. [12] tests, ρE is
assumed according to Figure 5.
1.2
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0.9
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0.1
0.0
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100 200 300 400 500 600 700 800 900 1000
Temperature (°C)

Figure 4. Stress-strain relationship for concrete in
compression at high temperature [9]

Figure 5. FRP Young’s modulus reduction versus
temperature

4 NUMERICAL RESULTS
In Figure 6 the thermal distribution of slab S4, obtained by numerical analysis at fire exposure time equal
to 60 minutes, is showed. Thanks to the 3D modeling heat diffusion in the neighborhood of the separation
line between the surface directly exposed and not directly exposed, near the supports, can be observed.
This heat diffusion clearly show that temperatures and hence deterioration of bar-concrete bond in the
area not directly exposed to fire are low.

Separazione
Line
betweeen
superficie
esposta/superficie non esposta
exposed/unexposedzone

Figure 6. Slab S4: Temperatures distribution at 60 minutes of fire exposure time (temperature in Kelvin)
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Figure 7a,b, for slabs S1, S2, S3 (with 32mm concrete cover) and S4, S5, S6, (with 51mm concrete
cover) respectively, shows that time-temperature curves, above and below the bar, obtained with the FEM
model in ABAQUS, are in good agreement with the experimental results. In particular, the results
obtained with ABAQUS are very similar to those obtained with SAFIR2007 (see [2]).
S4, S5, S6 Temperature delle barre
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Figure 7. Comparison between experimental and numerical results
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Figure 8. Stresses distribution at 60 and 120 minutes of fire exposure time: (a) Slab S4, (b) Slab S6
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The stress distribution showed via stress-maps in Figure 8 for slabs S4 and S6 at 60 and 120 minutes show
that stresses along the FRP bar are constant and reduce only at the end of the slab, not directly exposed to fire.
For simplicity the degradation of the adhesion bar-concrete above mentioned was not modeled, as stated in the
FEM model description. In Figure 9, the experimental deflections of slab S4 and S6 are compared with the
numerical obtained for different concrete thermal expansion properties, by using two relationships provided by
EN1991-1-2 for calcareous and siliceous concrete and an average curve of these two. The Figure 9 shows that
this thermal properties can particularly affect the simulation results. The average thermal expansion curve allow
to simulate the behavior of slab S4 (not loaded during the fire exposure) better than slab S6. Concrete and FRP
strains at the top fiber of concrete slab and the top fiber of bottom FRP bars were simulated for slab S4 and S6
by assuming this average curve (see Figure 10a,b and Figure 11a,b).
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Figure 9. Comparison of Displacement vs time: (a) Slab S4, (b) Slab S6
FRP bar

Concrete

0.0035

0
-0.0002

0

30

60

90

120 150 180 210
Time (min)

strain (mm/mm)

-0.0004

strain (mm/mm)

-0.0006
-0.0008
-0.001

4-3 (Test)
4-4 (Test)
Model (average expansion)

0.003
0.0025
0.002
0.0015

-0.0012

0.001

-0.0014
-0.0016
4-5 (Test)

-0.0018

0.0005

4-6 (Test)

Time (min)
0

Model (average expansion)

-0.002

0

(a)

10 20 30 40 50 60 70 80 90

(b)

Figure 10. Slab S4: Experimental and numerical strains vs time: (a) concrete, (b) FRP.
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Figure 11. Slab S6: Experimental and numerical strains vs time: (a) concrete, (b) FRP.

The strains on the concrete were recorded up to about 60min of fire exposure; unfortunately, the
comparison for the FRP bars can be showed only for few minutes due to bond damage that strain gauges
underwent after glass transition temperature of bars was achieved. The figures show a good agreement
between experimental and numerical strains on FRP bars. Moreover they confirm that simulations
provide better provisions for slab S4 than for slab S6.
The agreement between experimental and numerical strains seems to validate enough the numerical
model to be used in order to evaluate the stresses in the slab during the fire exposure.
The stresses obtained by the numerical simulation, at significant points of the concrete in the middle
section of the slab are shown, in Figure 12a,b for Slab S4 and S6, respectively. In particular the stresses
are related to three significant fibers: the bottom fiber (slab intrados), the mid fiber (at an height
corresponding to centroid of the bar) and the top fiber (slab extrados). For slab S4 the stress in the bottom
fiber, initially in tension, becomes compression after less than 5 minutes of fire exposure, due to the
contrast exerted by the colder internal fibers to its thermal expansion. Conversely, the mid fiber, colder
than the bottom fiber, initially undergoes an increase in tensile stress up to the reaching of the concrete
tensile strength at an exposure time of about 5 minutes. When this strength value is attained, the tension
in the fiber cannot longer increase. Therefore the softening branch of concrete constitutive law in tension
is activated with a decrease in tensile stress.
For slab S6, load during fire exposure, the termo-mechanical behaviour is similar to that of the
unloaded slab S4, however the compressive stress in top fiber is higher. Moreover, after fire exposure
time equal to about 100 minutes the bottom fiber return in tension.
Finally, in Figure 13a,b, for slab S4 and S6, respectively, the GFRP bar stress are reported during the
fire exposure time. For the concrete tensile strength, initially, the bar stress is low (about 0.5N/mm2). At a
time of fire exposure equal to about 30 min the stresses increase up to about 80 and 125 MPa for slab S4
and S6 respectively (different values are due to different loads). Stresses remain quite constant up to
90min. Then they increase up to about 140min of fire exposure. At this time the bars temperature
achieves a value higher than 400°C. For this reason the reduction of the elastic modulus (see Figure 5)
leads to a decrease in tensile stress.
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Figure 12. Numerical simulation: stress vs time: (a) Slab S4, (b) Slab S6
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Figure 13. Numerical simulation: GFRP bar stress vs time: (a) Slab S4, (b) Slab S6

657

Emidio Nigro, Giuseppe Cefarelli, Antonio Bilotta, Gaetano Manfredi and Edoardo Cosenza

4 CONCLUSIONS
Experimental results of tests performed by the authors on nine concrete slabs reinforced with GFRP bars
exposed to fire action according to the ISO 834 standard time–temperature curve allowed to refine a
numerical 3D FEM model, useful to evaluate[1] their thermal and mechanical behavior. Thermal fields in
the concrete slabs and stresses in concrete and FRP bars were simulated. The dependence of both
temperatures and mechanical properties on the specific thermal properties of concrete and FRP was taken
into account by using the relationships provided by both theoretical models and the European technical
code. Preliminary comparisons between numerical and experimental outcomes showed a very good
agreement in terms of temperature field, and comfortable results for the mechanical simulations. The
FEM model will be refined with the aim of addressing future research concerning specific thermal
properties of concrete and FRP.
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Abstract. Concrete slabs in modern buildings increasingly contain prestressing steel running
continuously across the floor plate. When this steel is unbonded and post-tensioned (UPT), localized
damage can affect the integrity of the entire building. During localised fires, locally-heated UPT steel is
prone to rupture due to stress/strength/time interactions that are influenced by high temperature creep.
Creep should thus be considered during the fire safe design of UPT buildings. Existing creep modelling
parameters for prestressing steel are dated and overestimate deformation. Using a bespoke optical strain
measurement technique, high temperature tensile tests were performed to analyze creep in two
‘equivalent’ prestressing steels. The response of stressed UPT strands exposed to localised heating is
modelled for validation, and compared against tests. The new creep parameters are shown to improve
the ability to model all phases of high temperature creep, including tertiary creep and eventual failure.

1 INTRODUCTION AND OBJECTIVES
Prestressing steel is a favoured form of reinforcement for modern, highly optimized concrete flat slabs
used in multi-storey construction; this is owing to various sustainability, economic, and constructability
benefits. In this construction method, prestressing steel is typically cast into the concrete as continuous,
placed inside draped ducts, often left unbonded to the concrete and post-tensioned being anchored only at
the ends of the prestressing strand (a construction technique called unbonded post-tensioned (UPT)
concrete). However, the continuity of UPT steel across multiple bays of a structure can have potential
drawbacks – particularly during fire. Localized heating of UPT tendons, as would probably occur during
real building fires due to any of: spalling, compartmentation, or ceiling jets etc., could result in tendon
rupture and would affect slab integrity in areas of the structure distant from the fire [1]. Indeed, recent
experiments on stressed UPT tendons of realistic length which were locally heated have demonstrated
that UPT tendon rupture can occur at temperatures well below those at which uniformly heated tendons
would fail [2].
The propensity for rupture of UPT tendons at elevated temperature in a concrete structure depends on
a complex interaction between thermally induced loss of strength and tendon stress variations which are
due to a time, stress, and temperature dependent irrecoverable deformation (i.e. creep). In the absence of
full scale multi-bay fire testing of UPT concrete slabs, an accurate, robust, explicit method for predicting
creep effects for any possible transient heating regime is necessary to computationally assess the
performance of UPT buildings both during and after a fire. A computational model (see Gales et al [2])
for predicting high temperature stress variation of locally-heated UPT prestressing strands has previously
been developed and shown to predict appropriate behavioural trends. However, previous modelling was
forced to make use of dated input parameters from the 1970s. When applied to predict the response of
modern prestressing steels exposed to localized heating, the model greatly overestimated creep
deformation. Overestimation creep deformation may be unconservative for predicting UPT tendon
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rupture during fire [2]. An accurate understanding of the creep behaviour of modern prestressing steels at
high temperature is therefore needed to ensure conservative fire design of UPT buildings.
To address the above knowledge gap, the high temperature creep response of two ‘equivalent’
modern prestressing steels were analyzed through uniaxial steady-state and transient thermal regime
tensile tests. A validated non-contact strain and deformation measurement technique using high
resolution Digital Image Correlation (DIC) has been applied to accurately characterize the high
temperature creep behaviour of these modern prestressing steels. Conventional contact strain
instrumentation does not easily allow for accurate derivation of high temperature material properties for a
variety of reasons, hence the new bespoke optical technique has been developed.
Creep model parameters for use in the previously developed computational model [2] are produced
herein for “equivalent” grades (BS 5896 (2011) and ASTM 416 (2008)) of prestressing steels used in the
United Kingdom and North America, respectively. The creep behaviour of these modern prestressing
steels is then compared against that of antiquated prestressing steel from the 1970s (ASTM 421 (1970)).
Furthermore, the results of the new tests using DIC challenge classical creep theory and provide initial
insights into the true nature of Tertiary creep and in modelling runaway creep failure. Finally, validation
of the creep parameters and predicted behaviour is provided by comparison against tests on locally heated
unbonded and stressed prestressing steel tendons.

2 CLASSICAL HIGH TEMPERATURE CREEP THEORY
Creep strain (εcr) is permanent deformation which depends on metallurgy, stress, temperature, and
time. For either transient (load-then-heat) and steady state (heat-then-load) uniaxial heating test
conditions, plotting the measured εcr (after careful removal of elastic thermal expansion and mechanical
strains) for a constant sustained uniaxial tensile stress level gives a sigmoidal (S-shaped) curve with
respect to a lumped time-temperature coefficient, commonly called ‘Temperature Compensated Time’, ș
[3]. Invoking an assumed empirical coefficient ǻH/R (the so-called ‘activation energy’ for creep, which is
measured in Kelvin), the Temperature Compensated Time can be described using an Arrhenius equation:
θ =

t

³e

− Δ H / RT

(1)

dt

0

where t is measured in hours. A typical example of an εcr versus ș curve for prestressing steel is given
in Figure 1a. The εcr curve (at constant uniaxial tensile stress) has three classical phases; the Primary
phase is characterised by a decreasing deformation rate, which slows to a ‘steady’ minimum strain rate
during the Secondary phase. The straining rate then accelerates in ‘run away’ during the final Tertiary
phase.
In fire engineering design [3][4][5], Equation 2 is often used to describe εcr for various steel alloys;
ε cr =

ε cr , 0
ln 2

cosh

−

§
¨
¨2
¨
©

Zθ
e cr , 0

·
¸
¸
¸
¹

(2)

This equation assumes two basic, empirically determined input parameters; εcr,o , which is used to
describe primary creep, and Z (the so-called Zener-Holloman Parameter which is measured in hrs-1),
which is intended to describe the slope of the secondary phase; i.e. the minimum creep rate. The
extraction of these parameters from a sustained stress uniaxial creep test is illustrated in Figure 1a. A
typical set of Z parameters available in the literature, for ASTM 421 (1970) prestressing steel, originally
derived in reference [5], are given in Figure 1b.
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Figure 1. (a) Traditional creep theory applied to prestressing steel with the Harmathy [5] equation and (b) variation of
the measured Zener Holloman parameter, Z, with tensile stress level for different prestressing steels.

Equation 2 has historically only been assumed valid until the transition between the Secondary and
Tertiary creep phases; it does not account for cross sectional area reduction which occurs during Tertiary
creep and was intended for use where ‘true’ stresses change relatively slowly with time. It is also
noteworthy that Z may not readily be extractable from creep data sets for all metal alloys, since εcr may
not exhibit linearity with respect to ș in all cases and therefore Equation 2 is not considered universal.
For prestressing steels, however, Equation 2 has been shown to satisfactory to represent creep behaviour
[2, 6], and it is therefore applied herein to derive new parameters for use in high temperature creep
modelling (i.e., Z, εcr,o) based on a new series of novel tensile creep tests.

3 EXPERIMENTAL PROCEDURES
Both transient and steady state uniaxial tensile tests were conducted to define new creep parameters
for Grade 1860 ASTM 416 [7] and BS 5896 [8] prestressing steel core wire (4.4 and 4 mm in diameter,
respectively, and cut to 660mm in total length).
Rather than utilize only traditional bonded foil strain gauges (which are generally limited to about 2%
strain at ambient temperature and thus unable to capture the full plastic response) or a high temperature
contact extensometer (which would be damaged by failure of the specimen), a non contact DIC technique
using the GeoPIV8 algorithm [9] for post-test digital image processing was used to obtain strain and
deformation measurements. A digital single lens reflex (SLR) Canon EOS 5D Mark II (21 mega pixel
image resolution) camera was used to acquire images of the test specimens at a predefined rate of 0.2Hz.
An Instron 600LX servo-hydraulic materials testing frame equipped with a custom environmental
chamber – capable of heating samples up to 625ºC – was used in all testing. Figure 2 shows the testing
apparatus. Temperatures were recorded using K type thermocouples evenly distributed along the
prestressing steel specimens within the environmental chamber. Since the accuracy of the DIC algorithm
is dependent on image contrast, the specimens were painted with high temperature matt black paint and
speckled with matt white paint. Table 1 provides an overview of the full test series conducted for the
current paper.
A variety of slightly different testing regimes were utilised in this paper to study various aspects of
the creep response of prestressing steel at elevated temperature. Steady state tensile tests were performed
wherein the sample was heated to a predefined constant temperature, and images were then acquired
while load was increased up to a sustained target stress or until failure. Transient tensile tests were also
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performed in which the specimens were loaded initially to a target stress at ambient temperature, and
images were then acquired while the specimens were heated at a uniform heating rate until failure. Post
test analysis using the image correlation processing algorithm allowed the total strain to be determined;
mechanical and thermal expansions were then isolated and removed to obtain a measured creep strain, εcr.
Test frame

SLR camera

Environmental chamber
Grip

Figure 2. Test setup and digital SLR camera used for DIC analysis.
Table 1. Summary of ASTM 416 and BS 5896 creep test series.

ASTM 416
Target Target
temp.
stress
(ºC)
(MPa)

Test
series

Test
type

1a

SCa

690

2a
3a
4a
5a
6a
7a
8a

TCb
TCb
TCb
TCb
CLc
TEd
Se

690
800
1000
1000
1000
0
-

Loading
(mm/min
or ºC/min)

#
tests

Test
series

Test
type

427

-

1

1b

SCa

500
22-500

2
2
2
10
10
2

1
1
2
1
1
2
2

2b
3b
4b
5b
6b
7b
8b

TCb
TCb
TCb
TCb
TCb
TEd
Se

BS 5896
#
Target Target Loading
stress temp. (mm/min tests
or
(MPa) (ºC)
ºC/min)
1115,
365
2
1200
690
2
1
1000
2
4
1000
1
1
1000
10
1
1100
2
1
0
500
10
2
222
12
500

Notes: a Steady state creep, b Transient state creep, c Constant load, d Thermal expansion, e Strength

A validation and configuration study was performed for the DIC method as this was the first time that
such as technique had been used for this type of measurement. A sensitivity analysis suggested an
optimum axial gauge length of 25mm. A steady state test to failure at ambient temperature (on ASTM 416
prestressing steel) demonstrated a resolution of better than 0.0002 strain for a gauge length of 25mm and
a maximum measurement difference of only 0.0008 as compared with bonded electrical resistance foil
gauges (up until the foil gauges debonded at less than 2% strain). Strain measurement by DIC was
however able to capture the full plastic response of the specimens. Furthermore, high temperature
unrestrained thermal expansion tests (a uniaxial transient heating test with no applied load) showed a
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maximum difference of <0.0003 strain when the test data were compared against Eurocode 2 [10]
predictions and also against readings from a high temperature ceramic arm contact extensometer.

4 EXPERIMENTAL RESULTS
4.1 Strength failure
The strength behaviour of modern prestressing steel is discussed in this section by comparison against the
Eurocode 2 (EC2) [10] temperature based strength reduction factors for both Class A and Class B
prestressing steel. The strength reduction results obtained during testing for BS 5896 steel are shown in
Figure 3a (these data are based on steady state testing at a crosshead displacement rate of 2 mm/min). An
average ultimate strength at ambient temperature of 2200 ±11 MPa (standard deviation) was obtained for
the BS 5896 strand’s core wire, with subsequent strength reductions determined at 100ºC intervals up to
500ºC. These strength reductions are based on an engineering definition of stress, wherein the crosssectional area of the specimen is assumed constant up to failure and the Poisson and necking effects are
ignored. Also shown in Figure 3a is a curve showing the reductions in strength with temperature if a true
stress definition is adopted. This is based on an optically measured reduction of cross-sectional area (i.e.
necking) which has also been carefully measured using DIC at elevated temperature. The true versus
engineering stress versus strain responses for tests up to 500ºC with different loading rates are shown in
Figure 3b, where it can be seen that the true stress actually increases drastically approaching failure.
1.2
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100ºC (true)
100

1

2000

0.8

Stress (MPa)

Reduction factor

300ºC (true)

0.6

300ºC

1500

400ºC (true)

1000
400ºC

500ºC
(true)

Ultimate stress
True ultimate stress

0.4

500

EC2 Class A

500ºC

EC2 Class B
0.2

0

0

100

200
300
Temperature (°C)

400

500

0

0.05

0.1

0.15
Strain

0.2

0.25

0.3

Figure 3. (a) Strength reduction of BS 5896 prestressing steel with temperature at a crosshead stroke rate of 2mm/min
during steady-state testing as compared against Eurocode 2 [10] and (b) stress versus strain curves at a steady-state
temperature for BS 5896 prestressing steel.

Figure 3a shows that the strength reduction of the BS 5896 steel follows the expected behaviour
based on EC2 predictions [10]; this provides further credence to the use of the new DIC strain
measurement technique for materials characterization at elevated temperatures. Figure 3a also shows that
the true strength retention of prestressing steel at elevated temperature is actually better than assumed on
the basis of and engineering stress definition, at least up to about 300°C where the engineering stressstrain response experiences post-peak softening (Figure 3b) and the distinction between true and
engineering stress disappears (interestingly this post-peak softening is not captured by the EC2 models
for stress-strain response at elevated temperature but may be important for modelling the response of
structures to fire).
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4.2 Creep parameters
This section considers the creep behaviour of all prestressing steels including a historical and regional
comparison. Table 2 gives the chemical composition of the prestressing steels considered in the current
paper; ASTM 421 (1970), ASTM 416 (2008), and BS 5896 (2011). Since creep is dependent on
metallurgy and crystal structure, and given the considerable variability between each sample’s material
compositions, the creep response is expected to be somewhat different; how much difference to expect,
given these variations, is open but worthy of consideration.
Table 2.Chemical composition of the three different prestressing steels studied herein.

C
Cr
Mn
P
Si
S
Ni
Cu

BS 5896 (2011)
0.90
0.011
0.66
0.0070
0.25
0.014
0.021
0.011

ASTM 416 (2008)
0.80
0.04
0.87
0.023
0.45
0.12
-

ASTM 421 (1970)
0.79
0.78
0.012
0.19
0.031
-

Note: Trace elements are not considered in this table

An empirically derived ǻH/R of 30550K [5] was assumed for all prestressing steels (note that subsequent
testing confirmed that the ASTM 416 and BS 5896 steels still exhibited ǻH/R parameters in the range of
this assumed value). Creep parameters were extracted from the εcr versus ș curves produced for each
tensile test (refer to Figure 1a). Figure 1b overlays Z parameters determined experimentally for all three
steels at different stress levels. The plotted Z parameters for the ASTM 421 steel were extracted from
reference [5] and were all determined from steady state tensile testing; the plotted creep parameters for
the ASTM 416 and BS 5896 steels are from a combination of steady state and transient tensile testing
performed during the current study.
The Z parameters determined based on steady state and transient tensile tests were similar to each
other at the same stress levels (e.g. 690 MPa for the ASTM 416 steel, and 1100 MPa for the BS 5896
steel, respectively) indicating that either steady state tests or transient tests can be used to give empirical
creep parameters for prestressing steel. Both test methods exhibited the classical three phase creep
response when εcr was plotted against ș, and both test methods confirmed that the slope of the secondary
creep phase (Z) increases with increasing stress.
A major criticism of steady state creep tests is that these can take days to complete and creep
parameter values can be erroneously quantified by miscalculating the degree of mechanical strain during
initial loading; since in steady state tests the specimen is heated during initial loading some creep will
occur during loading to the target stress level. A transient test, however, can be performed rapidly, allows
control over improper quantification of mechanical strain as mechanical loading occurs before heating
and is therefore relatively unaffected by elevated temperature creep, and since thermal expansion is an
easily predictable strain it can be removed in post test analysis giving an accurate determination of creep
strain. One issue of interest in performing transient tests to determine creep parameters is the repeatability
of such tests. In theory, the transient test should be repeatable; although it should be noted that creep can
be disproportionately influenced by microscopic imperfections on (or in) the specimens. To examine
repeatability of testing, four transient creep tests performed at a sustained stress of 1000MPa and
equivalent heating at 2ºC/min are given in Figure 4. Although the individual tests exhibit some variability
(Z = 7.64 ± 0.62x1017 hrs-1) from one to another, and the computed Z parameters were different to a small
degree, all curves lie within an envelope (shown in Figure 4) which is defined by the accuracy of the
Type K thermocouples used for specimen temperature measurements (± 2ºC).
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Figure 4. Repeatability of transient creep tests at 1000MPa (BS 5896 prestressing steel) with potential errors due to
temperature measurement accuracy included.

Additional experiments were conducted using a different heating rate for the transient tensile test (with
heating rates varying from 1 to 10ºC/min) for both of the ‘modern’ prestressing steels. Again the Z
parameters extracted had similar magnitudes (Z = 1017 hrs-1) as given in Figure 1b; in fact the tests
exhibited less variability than the steady state repeatability tests presented in reference [5]. The small
variability in the transient tests shown however may suggest that modelling errors may occur with
different heating rates, as could be seen in a real fire, which indicates that additional investigation is
required on the role of transient heating in the temperature compensated time relationships used.
Combining all of the tests performed for the current paper, and based on Figure 1b, the following
equations (with SI input coefficients) for both εcr,o and Z for each prestressing steel are defined in
equations 3 to 5 (with an assumed constant activation energy of 30550K, as noted previously):
ASTM 421 (1970); Z = a e Bσ = 8.21 × 1013 e 0.0145σ
ε cr , 0 = c σ

D

−5

= 9.26 × 10 σ

0.67

ASTM 416 (2008); Z = a e Bσ = 2.70 × 1013 e 0.012σ
ε cr ,0 = c σ

BS 5896

D

= 1.13 × 10

−7

σ

1.63

(2011); Z = ae Bσ = 1.60 × 10 12 e 0.013σ
ε cr ,0 = c σ

D

= 1.51×10

−14

σ

3.90

Z = a e Bσ = 3.42 × 10 4 e 0.030σ

for 172 MPa < ı < 690 MPa

(3a)

for 172 MPa < ı < 690 MPa

(3b)

for 690 MPa < ı < 1000 MPa
for 690 MPa < ı < 1000 MPa

(4a)
(4b)

for 690 MPa < ı < 1000 MPa
for 690 MPa < ı < 1100 MPa

(5a)
(5b)

for 1000 MPa < ı < 1200 MPa

(5c)

The Z coefficients and equations 3 and 4 plotted in Figure 1b are functions of stress. It is clear that
the BS 5896 steel exhibits the lowest potential for creep (and therefore stress relaxation) at equivalent
stress levels at elevated temperature. The antiquated ASTM 421 steel exhibits the greatest potential for
creep amongst the steels tested herein. This was to some extent expected given that using the dated
parameters determined from tests on this steel results in over estimation of creep and subsequent stress
relaxation for modern locally heated prestressing steels [2]. It should be noted that the stress range for
which creep parameters have been derived for the modern prestressing steels is incomplete; however,
these are considered satisfactory for performing preliminary model validation studies.
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4.3 Creep failure
A limitation described in Section 2 is that Equation 2 can only be applied up to the point where
tertiary creep begins – i.e. when plastic instabilities begin to dominate. Figure 5 shows the εcr versus ș
behaviour for a steady state creep test of ASTM 416 steel at 690MPa. Also shown is the cross sectional
area reduction (measured using DIC) versus ș response. Figure 5 shows that at the point where the creep
curve stops behaving linearly and initiates run away behaviour (i.e. Tertiary creep), area reductions at
different locations also begin to deviate from one another, indicating the well known formation of a
localised necking region. The cross sectional area reduction is small during the primary and secondary
phases of creep, and is given by Poisson’s ratio, therefore the test could be considered approximately
constant stress during these phases. After the second phase this no longer holds and cross sectional area
becomes important and the creep curve exhibits ‘run away’ creep failure. Figure 5 also shows an
‘extrapolation’ of the Equation 2 into the tertiary phase using the corresponding creep parameters for true
stress (on the basis of measured area reduction). Figure 5 shows good correlation, with error of less than
10%, indicating that the Tertiary creep phase is simply a manifestation of necking and that Secondary
creep parameters can be used to model creep into the Tertiary phase (providing cross sectional area is
known). Similar trends were observed during transient tests.
0.12
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state)
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params and area
reduction
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Figure 5. Measured and predicted creep curves using the Harmathy equation [3] but accounting for area reduction due
to necking during the Tertiary creep phase.

5 MODELLING ACCURACY
The motivation behind the current work stems from the observed over prediction of a computational
model [2] to predict stress relaxation (from creep deformation) during tests of locally-heated UPT
prestressing tendons [6]. As already noted, this overestimation is believed to be due to the use of dated
creep parameters formulated in reference [5]. High temperature creep parameters for modern steels are
indeed different, as shown in previous sections; therefore a verification exercise was performed using the
new parameters (Z, εcr,0) to predict stress relaxation (from creep deformation) that occurred during the
previously performed tests using the aforementioned computational stress relaxation model.
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Details of these tests are given in reference [6]. Locally-heated UPT tendons of realistic lengths (18.3
m from anchor to anchor) were stressed to a realistic service stress of 1000 MPa against a ‘strong back’
testing frame. A custom tube furnace was installed at midspan to heat approximately 3% of the tendon
length. The tendons were 12.7mm diameter 7 wire Grade 1860 prestressing steel taken from the same coil
as the ASTM 416 core wires used in the creep tests for the current paper. Stress relaxation was monitored
during the tests using load cells at the anchorages and strain gauges bonded along the tendon, and
thermocouples were used to record temperatures of the tendons inside and outside the furnace.
Three locally-heated tests from the previous experimental series are of interest here. The stress
behaviour for these tests falls within the stress range of the parameters given in Equation 4. These tests
involved transient heating at rates of 2, 10 and 30ºC/min up to a steady-state temperature of 400ºC which
was held for approximately 90 minutes. The tendons were then allowed to cool to ambient temperature.
Figure 6 shows the stress versus time response recorded during one of these ‘strong back’ tests conducted
with a transient heating ramp rate of 2ºC/min.
1050

Transient heating (2°C/min)
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(400°C)

Cooling (natural)

Unbonded PS stress level (MPa)
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Figure 6. Experimental data and modelling de-stressing behaviour of a locally heated unbonded PS strand

Also shown in Figure 6 are the stress relaxation curves predicted using the computational model
described in reference [2] which uses the temperatures and initial stresses recorded during the tests.
Model predictions made using the antiquated ASTM 421 (Equation 3) creep parameters overestimate
stress relaxation by up to 18%. The new ASTM 416 creep parameters developed in the current paper
(Equation 4) model stress relaxation much more accurately, with only 2% maximum error. For other tests
the modelling accuracy decreased as the heating rate increased and was least accurate for the test with a
transient ramp rate of 30ºC/min, however with a maximum error of only 7% even in this case. Creep
parameters should only be used for the steel in which they were developed. BS 5896 creep parameters
underestimate stress relaxation for ASTM 416 PS steel. This is intuitive since creep parameters proposed
for BS 5896 indicated less deformation when compared to ASTM 416 prestressing steel parameters.
The improvement in the model predictions of the computational model for stress relaxation provides
an additional independent check upon the new creep model input parameters given in Section 4. These
new creep parameters give more precise predictions of tendon stress, and hence can be used to help
predict modern UPT tendon deformation in real buildings during real fires.
It must be noted that in a real, full-scale UPT concrete building subjected to real fires, the tendon
stress will be dependent on complex interactions between tendon creep and relaxation, load shedding to
the bonded steel reinforcement (if present), redistribution of load through the structure, and the potential
offset of tendon de-stressing due to thermal expansion of the concrete floor plate.
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6 CONCLUSIONS
Creep parameters for modern prestressing steels have been derived using a novel optical DIC
technique for accurate strain and deformation measurement at elevated temperature. Results indicate that
modern prestressing steel is more creep resistant than its older counterparts, while comparably graded
modern prestressing steels from both Europe and North America also demonstrate clear creep
deformation behaviour differences. Using DIC for cross sectional area reduction analysis during elevated
temperature tensile testing has allowed initial assessment of high temperature creep behaviour in the
Tertiary phase, indicating that this appears as merely a manifestation of localised necking in prestressing
steel - it has also been shown that Primary and Secondary creep parameters can be useful for predicting
the behaviour of steel within the runaway Tertiary creep phase. Finally, a high degree of modelling
improvement for unbonded and stressed prestressing steel exposed to variable, localized, transient heating
scenarios has been demonstrated, thus verifying an independent check of the new high temperature creep
modelling input parameters obtained in the current study. These new creep parameters are suggested for
future use in modelling of the full structure response of UPT concrete structures for structural fire safety
design.
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Abstract. Two furnace tests, using two different fire curves, on unbonded post-tensioned concrete slabs
are reported. As a signature of the curvature, the relative deflections on the cold surfaces are measured
in directions both parallel (longitudinal) and orthogonal (transverse) to the prestressing tendons. The
curvature is more pronounced in the transverse direction relative the longitudinal as the central parts of
the slabs are being pulled towards the fire. This leads to crack formed predominantly in the longitudinal
direction. While the transverse curvature direction relaxes back the original state after the cooling phase
the curvature in the longitudinal direction relaxes to positive values with the central part deflecting
upwards. These differences in curvature have direct consequences for directional differences in the
residual properties of the concrete as probed by the ultrasonic pulse velocities. Finally the phenomena
are quantitatively captured in a finite element model which complies with the Eurocode requirements.

1 INTRODUCTION
The behaviour of concrete slabs exposed to fires has drawn a lot of attention recent years. The
research has generally been focused on large displacement [1], cracking [2] and spalling [3]. The
literature often analyse the response close to different failure mechanisms for different types of building
systems involving concrete slabs.
One such system is unbonded post-tensioned concrete slabs which are commonly used in construction
due to their capacity over long spans and adjustability in stress levels. The technique enables a more
efficient use of the building elements and a rapid construction time. However, concerns have been raised
regarding the fire performance of post-tension slabs in general, and those using unbonded tendons in
particular [4]. The fact that tendons run continuously across multiple-bay slabs increases the risk of
failure during a fire [5]. The advantage of post-tensioned slabs, the possibility of long span and thin
depth, also makes the system more vulnerable to explosive spalling, especially when high-strength
concrete is used [6].
Gales et al [5] give a thorough review of unbonded post-tensioned concrete exposed to both furnace
tests [7, 8] and real fires. It is concluded that furnace tests provide little insight to the performance of
unbonded post-tensioned concrete slabs in construction since they often do not cover the problems
described above. Tests on both unbonded and bonded post-tensioned slabs have been conducted by Bailey
and Ellobody [4, 8]. They experienced crack along the tendon direction on the cold side of the slabs and
transverse (orthogonal to tendons) cracks on the hot surface. One of their slabs collapsed, apparently as a
result of tendon rupture. The rupture was said to be caused by transverse cracking allowing for local
heating of the tendon. Further work was done by them to model the results of their tests using finite
element software [9, 10]. They also studied the response of their previously validated model to multiple
travelling fires [11]. As well as highlighting the impact of localized and travelling fires on prestressed
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construction, their conclusions appear to support the suggestion that the heated length ratio has a
considerable impact on the response of unbonded post tensioned floors in fire.
Apart from measuring absolute deflections very little experimental studies are available concerning
the curvature in different directions for unbonded post-tensioned slabs and the implications of these to
residual material characteristics. In this paper we present results of fire tests on such specimens. The
relative deflections of the slabs are measured both longitudinally and transverse to the tendon direction.
These results are thereafter compared to the investigation of concrete damage through the ultrasonic pulse
velocity. The experiments are also modelled using finite element techniques which show that material
properties that comply with Eurocode requirements catch the qualitative features well. The model also
satisfies the quantitative results of the experiments.

2 EXPERIMENTAL
2.1 Materials
Two types of slabs were cast. Slab 1 (S1) had dimensions of 1700 x 1200 x 200 mm and slab 2 (S2)
1700 x 1200 x 250 mm. Both slabs had a water cement ratio of 0.4. Some measured properties of the
mixes are summarized in table 1. Two layers of reinforcing steel with diameter of 6 mm and grid size of
150 mm were positioned 30 mm from the lower and upper surfaces in both slabs. Running mid-way
between the surfaces in the long direction (hereafter referred to as the longitudinal direction) were six
ducts (PVC pipes of 50 mm diameter), see figure 1. Polypropylene fibres were added to prevent spalling
at the amount of 0.8 kg/m3 for S1 and 1.2 kg/m3 for S2. After moulding the slabs were stored under water
for two months with an additional month in a dry atmosphere before fire tests. The compressive strength,
tested on cubes, was determined at the day of the test for both slabs.
Table 1. Summary slab specimens.

Dimensions (mm)

S1
S2

1700 x 1200 x 200
1700 x 1200 x 250

Compressive strength
(MPa)
28 days
Test
day
49
63
54

Density
(kg/m3)

2340
2330

Moisture VCT PP-fibres
content (%)
(kg/m3)

5.7

0.4
0.4

0.8
1.2

2.2 Fire tests

Figure 1. Sketch of concrete slabs, sharing tendon two-by-two, situated on the furnace seen from above (top) and
sideways (bottom).
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Two furnace tests were performed, in each furnace test one of the two slabs in the pair shown in
figure 1 was analysed. The two tests used different fire curves during one hour. Concrete S1 was exposed
to the standard fire curve according to EN 1363-1 and S2 was exposed to the hydrocarbon (HC) curve EN
1363-2. The outer 200 mm of each slabs short side was used to support its weight on the furnace frame
according to figure 1. Both slabs were post tensioned longitudinally two-by-two together with identical
slabs using tendons of 32 mm in diameter running freely through the ducts. At the start of the tests the
load was 7 and 4.5 MPa for S1 and S2, respectively. The load forces were continuously measured during
the tests and the following cooling phases. In total 8 individual panels, comprising 4 post tensioned units
were tested in each test. The units were placed side by side with mineral wool packing between the slabs
and solid concrete blocks at the edges.
Temperatures were measured in two positions, along the long central line, 500 mm from each other.
Thermocouples were placed in each position at a depth of 10, 20 40, 80 and 120 mm from the fire
exposed side for both slabs.
On the non-exposed side relative deflections were measured in the longitudinal direction as well as
orthogonal to the post-tensioning tendons (hereafter referred to as the transverse direction). The
deflections were measured using devices consisting of a 90 cm long steel section with three supports. On
both sides, mid-way along the section, linear displacement transducers with a sub-μm resolution were
positioned, see figure 3. In addition an extra transducer was placed along the section to confirm that nonlocal phenomena influenced the measurements. Two such devices were cross-laid on the concrete surface
to probe the displacement in both longitudinal and transverse direction.

Figure 3. Sketch of the devices to measure relative
deflections.

Figure 2. Photo showing an example of ultrasonic
pulse velocity measurements on concrete cores [12].

2.3 Ultrasonic pulse velocity measurements
After the cooling phase, cores free from reinforcement bars, 100 mm in diameter were drilled out of
the slabs. The positions of the cores, four from S1 and five from S2, were evenly distributed over the
surfaces. The ultrasound velocity was measured along the diameter of the cores in both longitudinal and
transverse direction. Measurements were performed at different depths, every 10th mm from 20 to 80 mm
as well as 100, 120, 140 and 180 mm from the fire exposed side, see figure 2. In addition, for the thicker
slab (S2) depths of 200 and 240 mm from the fire exposed surface were measured. Good contact between
heads and concrete was attained using contact gel. Each value of the velocity was an average of three
measurements.
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The method is well established for assessment of damaged concrete [12, 13] and relies on the
following relationship, v = (KE/ρ)1/2, where v is the ultrasonic pulse velocity, E is the bulk modulus of
elasticity, ρ is the density, K=(1-μ)/((1+μ)(1-2μ)) and μ is the Poisson ratio [13]. A lower bulk modulus is
a signature of crack formation in concrete. The method is not suited for a quantitative assessment of the
material properties as there are too many unknowns in the formulation during analysis but the measured
values gives a good indication of the relative damage at different sections of the sample.

3 EXPERIMENTAL RESULTS
3.1 Temperatures and load force.
The difference between the temperatures at same depth of the two different positions is generally less
than 20 %. In the following we therefore present only the average values for each depth. Figure 4 shows
the temperature evolution of the slabs in both heating and cooling phase as well as the average
temperature of the furnace. In the test using the standard fire curve the furnace temperatures satisfyingly
matched the standard fire. However, when using the HC fire curve the furnace temperature exhibited
some deviations, both positive and negative. No sign of spalling was identified for any of the slabs.
During the test of the S2 slab it is possible that a more intense cracking was present close to the
surface after approximately 40 minutes of fire exposure. The irregular temperature development is an
indication of this. This causes the somewhat higher heating rate for S2 to decrease. Simultaneously, the
heating rate further into the concrete is increased. Similar behaviour is found for S1 but to a lesser extent.
Despite the differences in heating rates and fire temperatures the final temperatures throughout the cross
sections were very similar. At depths below 40 mm from the fire exposed side the maximum temperatures
were reached at the end of the heating phase, or shortly after. At 80 mm depth however, thermal
conduction influences the temperature to reach a maximum well over one hour after the heating phase. At
10 mm depth the temperature reached 650 °C at the end of the heating phases whereas the temperature in
the middle of the slabs reached just over 100 °C. Given the temperature distribution through the slabs the
tendon temperature should stay under 150 °C during these tests, bearing in mind that no major cracks
formed during test and therefore we assume limited opportunity for local heating.

Figure 4. Temperature evolution in S1 (left) and S2 (right) at different depths from the fire exposed surface.

The load forces, distributed on the six tendons are shown in figure 5. During initial heating the
thermal expansion increases the load in the tendons as they act as partial restraint to the expansion of the
slabs. This effect is clearly observable in the first 30 minutes of the figure. With increased heating bowing
begins to take effect and the downwards displacement at the centre of the slab relieves some of the
additional load which has developed in the tendons. However at the edges of the slab where the deflection
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is lower, there is no relief of the stress in the tendons. This is evidenced in the lower stresses which are
shown over the course of the study in the figure – particularly in the 2nd 30 minutes. It should be noted
that the tendons were not tightly fit within the ducts and had 10 mm radially for deflection before they
would come into contact with the slab – if this happened then it may be expected that the stress in the
tendons at the middle of the slab would increase as they are forced to follow the deflection of the
concrete. If the tendons were a tighter fit within the ducts then the opposite effect may be expected – i.e.
the load in the tendons at the middle of the slab where higher deflections are experienced may be
expected to be higher than those tendons at the edges where low deflection is observed. The effect of
tendons coming into contact with the ducts may be seen in the last 10 minutes of heating in the inset
where the reduction in load in the central tendons is arrested and appear to increase again following the
heating phase in the main figure. Finally, with heating of the concrete and slower heating of the tendons
the prestress may be expected to decrease as expansion of the tendon relieves some of the prestressing
load. Since concrete temperature at the mid depth of the slab continues to increase after the end of the
fire, this effect is likely to continue for some time after the test.

Figure 5. Load force on the tendons during the heating and cooling phases. The tendons are numerated 1-6 in their
consecutive order. The insets show the load force only during heating phases.

3.2 Relative deflections

Figure 6. Relative deflections over 900 mm for S1 (left) and S2 (right).

Figure 6 and 7 show the results of the relative deflection measurements for S1 and S2, respectively.
The absolute values in the figures are the relative deflection over 900 mm. As the lower parts of the slabs
becomes increasingly warmer during heating phase the thermal expansion induces a curvature in the slab
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resulting in a midspan deflection towards the fire. The deflection increases all through the heating phase
and reaches the maximum after one hour. The deflections during heating are larger in the transverse
direction compared to the longitudinal. As the concrete cools the gradient of thermal expansion decreases
throughout the depth of the slabs and the deflections decrease. In the transverse direction the deflection
almost reaches back to the situation at the start of the tests. However, in the direction parallel to the
tendons the deflections relax back even more, to positive values, indicating a positive curvature (the
centre of the surface is pulled upwards).
The deflections are generally larger for S1 compared to S2, a natural consequence of the thicker depth
of the S2 slab (250 mm compared to 200 mm). Nevertheless, the same qualitative behaviour is found. The
absolute values indicated in the figures correspond to larger deflections over the entire slabs. As an
example, in the case of S1, assuming constant curvature over the slabs the mid-point between the slabs
with common tendons would exhibit a deflection of 18 mm after one hour.
3.3 Ultrasonic pulse velocities
The measured ultrasonic pulse velocities are presented in figure 7. Far from the fire exposed surface
the velocities vary around 4 km/s for all the cores and in both longitudinal and transverse direction. At
100 mm depth from the fire the damages to the concrete can be detected by the pulse measurements. The
velocity decreases monotonically with the distance towards the surface. The scattering of the data is due
to the sensitivity of the velocity to the amount of gravel in the cross section. At 20 mm depth the velocity
has decreased to between 2 and 3 km/s. In general we see a slower velocity from the S2 cores but only at
the fire damaged depths. This is also a signature of the more intense cracking that was also indicated from
the temperature evolutions of figure 4. Since this slab generally had milder curvature due to its thicker
depth the difference is probably mainly due to the more severe fire load.

Figure 7. Ultrasonic pulse velocities from the cores drilled from S1 (squares) and S2 (circles). The solid symbols
correspond to the measurements in the longitudinal direction and the open symbols to the transverse direction.

It is evident that the pulse velocity is even lower in the transverse direction compared to the
longitudinal. However, this difference can only be resolved at depths where the damages are clear (≤ 100
mm). This is even more evident from figure 8 where the fraction of transverse and longitudinal velocity is
shown. Although a lot of scatter is present it is evident the fraction of the properties in the two directions
vary around one at depths above 100 mm but closer to the fire exposed surface the anisotropy grows. S2
exhibits a greater anisotropy, as much as 30 %, compared to S1 at about 10 %. This is again an indication
that the cracks that were formed were predominantly in the longitudinal direction. Note that no stress is
applied to the concrete at the time of the ultrasonic pulse measurements.
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Figure 8. Fraction of pulse velocities in transverse and longitudinal directions. A value of 1 indicates isotropic planes.

4 MODELLING
Modelling was carried out with the ABAQUS finite element software package [14] and applied to the
S1 slab only. Throughout the study, a conscious decision was taken to follow Eurocode requirements as
far as was reasonable possible, with respect to heat transfer boundary conditions and the material
properties. The analysis was conducted in two stages, a heat transfer analysis conducted using the
standard solver and a mechanical analysis conducted using the dynamic explicit solver.
For the heat transfer analysis, concrete density was taken to be 2300 kg/m3, and conductivity was 1.5
W/mK, specific heat of concrete was 1.470 kJ/kgK. Boundary conditions were as follows: a film
condition with a convective heat transfer coefficient of 25 W/m2K on the exposed face of the slab and 4
W/m2K on the unexposed faces; emissivity of the concrete was assumed to be 0.7; and the gas and
radiation temperatures were both assumed to follow the standard temperature time curve for a period of 1
hour. The results of the heat transfer analysis were applied to the mechanical model as a field variable.
The mechanical analysis was run using ABAQUS explicit. Material properties were concrete
damaged plasticity – the ultimate compressive stress at ambient was 63 MPa, as measured; and the
modulus of elasticity was estimated based on the initial slope of the stress strain curve. Ultimate tensile
strength was assumed to be 0.8 of the ultimate compressive strength, and the tensile properties were
defined using an ultimate strain. Steel was linear elastic, with a modulus of elasticity of 210,000 MPa.
The Poisson ratio was held constant over temperature. The concrete slab was modelled as a solid using
7200 3 dimensional 8 noded continuum elements. The tendon was modelled using truss elements, which
transmit only axial loads and no moments. Nodes of the tendons were tied to the nodes of a tube of
massless surface elements with zero stiffness to allow contact between the tendon and the duct. The duct
was also modelled explicitly using surface elements which were embedded within the solid slab, figure 9.
There was a clear gap between the internal surface of the duct and the outer surface of the tendon of 10
mm at the beginning of the analysis.
Contact between the duct and the surface of the tendon was frictionless. The anchorage plates were
explicitly modelled using shell elements and these were tied to the end of the tendon and to the edge of
the slab. Boundary conditions comprised a simple support at the midpoint of the slab at the free edge,
allowing for uplift of the corners and translation along the plane of the slab, and symmetry at the midline. The finite element model is shown in figure 10.
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Figure 9. Detail of the tendon, duct and anchorage

Pre-stressing was applied to the slab and the tendons as an initial condition and then was afforded a
single equilibrating step before mechanical loading, comprising the self-weight applied as a body force,
and then thermal loading were applied in two additional steps.

Figure 10. The finite element model Geometry and Mesh

3.3 Modelling results

Figure 11. Heat transfer results and comparison with measured values for S1. Calculated values are indicated with a *.

The results of the heat transfer analysis are shown in Figure 11 along with the measured values of the
temperatures in the concrete. At the exposed surface of the slab, the predicted values are quite close at the
start of the analysis, however at the peak of the heating phase they are around 50 °C higher. This trend is
prevalent closer to the heated surface however the values further from the heated region show a lag
behind the measured values. This suggests that the actual diffusivity of the concrete was higher than the
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values used in the calculation, however the good prediction of temperatures at the heated surface suggests
that the boundary conditions are a good approximation of the conditions in the furnace.
The tendon temperature was not measured in the tests or calculated in the model, however for
inclusion in the mechanical calculation it was assumed to be 80 % of the temperature at 8 mm from the
heated surface with a linear lag over the duration of heating.
The results of the heat transfer analysis were applied to the mechanical model as a field variable. In
this paper and discussion only the response calculated during the heating phase will be discussed.
At this stage in the analysis, the difference between a prestressed and an unprestessed slab was
evaluated numerically. The relative deflections conforming with the relative deflection plot in Figure 6
are compared in Figure 12. As expected the slab modelled without the prestressing force over predicts the
deflections however this is only by as much as 25%, whereas the prestressed model underpredicts the
relative deflections by around half as much. Some of this may be attributable to the heat transfer
calculation; some to the lack assumptions which are made with regards the lateral restraint of the long
side. At this stage the opportunity was also taken to model the slab with and without the reinforcement. It
was found that this made little to no difference to the deflections which were calculated.
The forces in the tendons also show a reasonable agreement with experimental data. In particular it
catches the larger force in the outermost tendons.

Figure 12. Left: Comparison of deflections. Solid lines are experimental values (same as figure 6) and dotted are
modelled. The dashed lines represent the model without any prestressing. Right: Comparison of forces in tendons. The
solid lines are experimental data (figure 5). The outermost modelled forces T1* and T6* are almost completely
overlapping in the figure and are hard to separate. The same applies for T2* and T5* as well as for T3* and T4*.

4 SUMMARY AND OUTLOOK
We have presented experimental data on the relative deflections in longitudinal and transverse
directions for unbonded post-tensioned concrete slabs as an indirect measure of the curvature. The
prestressing reduces the curvature in the longitudinal direction. The relaxation phase as the concrete cools
shows significantly different behaviour in the two directions. The transverse direction relaxes back to prefire conditions whereas the longitudinal direction deflects upwards with a midspan deflection away from
the fire due to the loss in stiffness in the more severely exposed regions. This is an important finding
which needs to be analyzed in more detail since absolute deflections (downwards) of slabs are commonly
used as a first assessment of the fire-damaged concrete slabs.
The characteristics of curvature due to the post-tensioning can be directly observed in the cracking
phenomena represented by the ultrasonic pulse velocities in the two different directions as the transverse
direction, with larger deflections, experience a lower pulse velocity, a signature of cracks running
longitudinally in the slab. These longitudinal cracks might be a source for failure at larger loads.
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The FEM model presented here follows the Eurocode requirements and naturally suffers from
incomplete description (like a temperature independent Poisson ratio). Nevertheless, it catches the
phenomena of the experiments and has a reasonable degree of accuracy in quantitative output. Future
work on this topic includes application of the measured temperature field to the model. Having verified
the model in heating, a user subroutine will be added to the analysis to prevent the material properties
from returning to their ambient state in a procedure similar to that described by Law [15]. With a fully
compliant model extensions to multiple-bay spans can be performed.
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Abstract. In fire design for floors, the three criteria of stability, integrity and insulation are required for
the specified fire resistance duration. Among these, stability is not easy to confirm. For solid prestressed
concrete slabs of uniform thickness, Eurocode 2 provides tabulated data and specifies an axis distance to
the centroid of strands to achieve particular fire resistance ratings, but it is not clear if this data can be
used for a wide range of different prestressed slab profiles. In order to verify the current code-fire
ratings for precast prestressed slabs, both simple and advanced calculation methods are investigated.
This paper examines use of calculation methods, accounting for the real behaviour of unprotected simply
supported prestressed concrete slabs exposed to the standard ISO 834 fire. The calculated fire resistance
of each prestressed concrete slab is compared with tabulated data in Eurocode part 1.2, with detailed
discussion.

1 INTRODUCTION
Precast prestressed concrete slabs in multi-storey buildings have been widely used over the last
decades in New Zealand and overseas. The floors have the advantage of off-site manufacture, long spans
and high load capacity. Among the prestressed floors, the popular types are hollowcore slabs, tee slabs
and prestressed flat slabs.
In their fire design, the three criteria of stability, integrity and insulation need to be satisfied for the
specified fire resistance period. Integrity and insulation are usually dictated by the thickness of the slab
and construction detailing to reduce gaps. Stability on the other hand is difficult to predict. As a result,
standard fire testing is used to determine the stability of structures. However, this test is expensive and
time-consuming, it is not ideal to test every floor configuration. As such, tabulated data of minimum
thickness and axis distance exist in Eurocode 2 [1] and manufacturer data to achieve particular fire
resistance ratings. However, this data is not always confirmed by fire tests [2] and has not been verified
for a wide range of different prestressed slab profiles.
In order to overcome the limitations of current code-fire ratings for precast prestressed slabs,
Eurocode 2 allows fire resistance to be assessed by a recognised calculation method. However, the
simplified calculation methods included in Eurocode 2 are only appropriate for reinforced concrete
structures. A special purpose, non-linear finite element program, SAFIR, developed at the University of
Liege (Belgium), capable of conducting both thermal and structural analysis of structures, can be used to
verify the implementation of the advanced calculation approach. The program can capture fundamental
physical behaviour in thermal and mechanical behaviour in structural analysis of fire-exposed prestressed
slabs.
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This paper compares existing approaches of assessing fire resistance of prestressed concrete slabs in
New Zealand, United States and Europe. The precast prestressed slabs considered are hollowcore slabs,
tee slabs and prestressed flat slabs. They are all simply-supported but with different axis distances, and
exposed to the standard ISO 834 fire. The thermal and mechanical properties of concrete and steel at
elevated temperatures, used in the analyses, follow Eurocode 2 part 1.2. To simplify the comparisons, it
has been assumed that spalling does not occur. In addition, advanced methods using finite element
analysis are validated against the results of published fire tests [3] on prestressed concrete slabs. The
time–temperature relationships, time–vertical displacement relationships and fire resistances of the
prestressed slabs are evaluated by the finite element model. For each slab type, a relevant finite element
model has been applied to evaluate fire resistance. The fire resistance of the prestressed concrete slabs
obtained from the finite element analyses is compared with the design values obtained from Eurocode 2 at
elevated temperatures.
The objective of this study is to examine the efficiency of using the various calculation methods
(tabulated data, simple calculations and advanced calculations) to account for the real behaviour of
unprotected simply-supported prestressed concrete slabs exposed to the standard ISO 834 fire. Key
considerations that influence the fire resistance and behaviour of the prestressed concrete slabs are
discussed for the different design approaches.

2 FIRE DESIGN OF PRECAST PRESTRESSED CONCRETE SLABS
Most countries throughout the world require structures to meet minimum fire safety requirements.
Typically, design provisions offer a hierarchy of design methods, such as tabulated data, simplified
calculations and advanced methods. The hierarchy varies in complexity of application, with tabulated
data being the easiest and the advanced methods being the most complex. Therefore, most design
provisions are typically established through either tabulated data or simplified calculations. However, in
recent years performance-based methods have been introduced to give more flexibility to designers
through the adoption of a rational approach. In this section, an overview of United States, European and
New Zealand design provisions is presented.
2.1 United States
The American Concrete Institute (ACI) standards [4] references ACI 216.1 [5] for fire provisions of
structural concrete members. The ACI provisions for prestressed concrete slabs are similar to the
Precast/Prestressed Concrete Institute Design Handbook [6] and International Building Code [7]. These
codes use tabulated data and simplified procedures to establish the fire performance of a prestressed
concrete beam, as required by the ASTM E119 [8] standard fire test. Ratings are based on minimum
concrete cover and depend on restraint and aggregate type. The tabulated prescriptive method gives fire
ratings for 1, 1.5, 2, 3 and 4 hours for prestressed slabs. In addition, the PCI design standard, however,
provides a simple calculation method for prestressed concrete slabs.
2.2 Eurocode 2
All reinforced and prestressed concrete structures are governed by EN 1992-1-1 [9], with their
corresponding fire provisions given in EN 1992-1-2 [1]. The tabulated data, simplified calculations and
advanced methods may be used. The quickest method to crudely determine the fire resistance of a
prestressed slab is through the tabulated data. The tabulated prescriptive approach gives fire ratings for
0.5, 1, 1.5, 2, 3 and 4 hours. Ratings are based on minimum slab thickness and average axis distance of
tendons to the exposed surface. The tables are also based on support conditions.
2.3 New Zealand
The New Zealand Concrete Standard NZS 3101 [10] uses tabulated data to establish the fire
performance of prestressed concrete slabs. The ratings are based on minimum concrete cover. Through
this parameter, the prescriptive method gives ratings for 0.5, 1, 1.5, 2, 3, or 4 hours.
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3 FIRE DESIGN METHODS OF PRECAST PRESTRESSED CONCRETE SLABS
3.1 Tabulated data
Tabulated data is the easiest way to evaluate fire resistance of precast prestressed concrete slabs. A
rating is given for each minimum axis distance. In order to meet the insulation criterion, the tabulated
data also provides a minimum thickness, but an evaluation of the insulation criterion is not included in
this paper.
3.2 Simplified calculation method
There is a general lack of simplified calculation methods for assessing the fire resistance of precast
prestressed concrete slabs. For the current paper two calculation methods are considered: the step-by-step
method and the PCI method. In both methods, failure occurs when the computed capacity is less than the
applied moment.
3.2.1 Step-by-step method [11]
In the step-by-step method the surface temperatures, concrete temperatures and steel temperatures are
determined for given fire temperatures using Wickström’s formula [11]. In this method the flexural
capacity of simply supported prestressed slabs under fire conditions is calculated by
Mf

As f y,T (d  a f /2)

(1)

where As is the area of the prestressing steel, fy,T is the yield stress of the prestressing steel at elevated
temperature, d is the effective depth of the cross section and af is the depth of the rectangular stress block,
reduced by fire, Thus, the fire resistance can be determined based on the tensile stress capacity of the
prestressing strands as they lose their strength with increasing temperature.
3.2.2 PCI method [12]
The PCI method provides graphs showing the relationships between moment intensity and axis
distance for various fire endurances in order to calculate the fire resistance. In principle, the theoretical
moment capacity of prestressed concrete slabs can be calculated from the relationship

Mn

Aps f ps (d  0.5a)

(2)

where Aps is the area of the prestressing steel, fps is the stress in prestressing steel in flexural member at
ultimate load, d is the effective depth of the prestressing steel and a is the depth of the rectangular stress
block. Instead of an analysis based on strain compatibility, the value of fps can be taken to be

f ps

Aps f pu ·
§
¸
f pu ¨¨1  0.5
bdf c' ¸¹
©

(3)

where fpu is the ultimate strength of prestressing steel, b is the width of the slab, and fc’ is the compressive
strength of the concrete. From the calculations above, the moment intensity (M/Mn) and ωp (=Aps fpu/b d
fc’) are determined. The fire resistance can then be obtained from charts, based on the aggregate type (e.g.
see Figure 1 for siliceous aggregates). In the application of the PCI method, there are some limitations.
As observed in Figure 1, the range of the moment intensity is limited to between 0.15 and 0.7.
3.3 Advanced calculation method
In order to critically evaluate the performance of advanced calculation methods, in comparison to
simple calculations and tabulated data, the non-linear finite element analysis program, SAFIR [13, 14],
was validated by comparing predictions from the model with measured data from fire tests on six
prestressed flat slabs.
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Figure 1. Fire endurance of prestressed concrete slabs as affected by moment intensity and axis distance [12]

3.3.1 Fire tests
Fire tests on simply supported prestressed concrete slabs were performed by Gustaferro [3] in the
United States. A total of eleven prestressed concrete slabs, were tested in accordance with ASTM E119
[15]. Six of the specimens were made of normal weight concrete, and the rest were made of lightweight
concrete. As the aim of the paper is to compare results for normal weight concrete, the validation only
considers the results for those tests with normal weight concrete. Figures 2(a) and 3(a) show the loading
arrangements of the tested specimens. Of the six tests, three had specimens with five-11.1 mm diameter
strands in a slab spanning 6096 mm, as shown in Figure 2(a). The other three specimens had fifteen-6.35
mm diameter strands in slabs spanning 3661.6 mm (see Figure 3(a)). All slabs were 696.6 mm wide and
165 mm thick in cross-section, as shown in Figures 2(b) and 3(b). Depending on the test, the strands had
different cover thickness; 25.4 mm, 50.8 mm and 76.2 mm.

(a) Loading arrangement

(b) Cross section of specimen

Figure 2. Specimen details for slabs with five-11.1 mm diameter tendons [3]

(a) Loading arrangement

(b) Cross section of specimen

Figure 3. Specimen details for slabs with fifteen-6.35 mm diameter tendons [3]
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Table 1 summarises the details of concrete strength and loading for each test. The measured ultimate
tensile strength for the 11.1 mm diameter strand was 1806 MPa and 1896 MPa for 6.35 mm diameter
strand. Partial loss of prestress was assumed to be 18%. The load intensity during the tests ranged
between 40-60% of the calculated ultimate capacities.
Table 1. Specimen strength and loading details [3]

Slab Type

Concrete cover,
mm

Concrete
strength, MPa

Number and
size of strands

Applied load, P
(kN)

NWSLAB1

25.4

37.5

5-11.1 mm

5.77

NWSLAB2

50.8

34.7

5-11.1 mm

4.35

NWSLAB3

76.2

43.7

5-11.1 mm

2.86

NWSLAB7

25.4

35.7

15-6.35 mm

11.43

NWSLAB8

50.8

53.3

15-6.35 mm

9.05

NWSLAB9

76.2

37.4

15-6.35 mm

6.7

3.3.2 Finite element modelling of the prestressed concrete slabs
The finite element modelling of the prestressed concrete slabs begins with their thermal analysis. The
cross-section of each prestressed concrete slab was modelled and analysed. It was assumed that the
specimens were only exposed to fire on the bottom surface. For the structural analysis, the whole length
of the specimens was modelled with 10 beam elements using the results of the thermal analysis.
3.3.3 Temperature distribution
Figure 4 shows the numerical results of the thermal analysis, highlighting the exposed and unexposed
surfaces. It also shows the ASTM E119 and ISO 834 fires for comparison. A comparison of the thermal
analysis and measured test temperatures is not presented, as temperature test data was not available. The
exposed surface temperature increased to 1100°C during a 4-hour fire exposure. On the other hand, the
temperature of the unexposed side in the numerical analysis was less than 300°C at the end of analysis.
As a result, there is a large temperature gradient between the exposed and unexposed surfaces.
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Figure 4. Comparison of temperature development between tests and numerical results

3.3.4 Comparison of numerical and test results
Figures 5, 6 and 7 illustrate the comparisons of central vertical deflections of the test and numerical
results for specimens with five-11.11 mm strands. The comparisons with respect to specimens with
fifteen-6.35 mm strands are shown in Figures 8, 9 and 10. All tests continued until the structural failure
was imminent [3].
The SAFIR central deflection of the slab with five-11.11 mm strands and 25.4 mm cover thickness
shows slightly lower deflections than their corresponding test results. On the other hand, the comparison
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of central vertical deflections of the equivalent slabs of five-11.11 mm strands with 50.8 mm and 76.2
mm cover thicknesses show better agreement between numerical and test data. In the earlier part of the
fire exposure, the numerical result is observed to be stiffer than the test result. This is possibly due to
shear deformation, which is not modelled in the numerical analysis. The commonly specified failure
criterion (a deflection of span/20) is compared with the test and numerical results. It can be seen that for
both cases (five-11.11 mm stands with 50.8 mm and 76.2 mm cover thickness) the numerical simulations
accurately predict their behaviour for the duration of the fire. Both test and numerical results meet the
failure criterion.
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Figure 5. NWSLAB1

Figure 6. NWSLAB2

Figure 7. NWSLAB3

The comparison of central vertical deflections of test results and numerical simulations of slabs with
fifteen-6.35 mm strands and 25.4 mm cover thickness shows that the numerical results are relatively
stiffer than the corresponding test results, while those test results with 50.8 and 76.2 mm cover show a
much better agreement throughout the fire exposure.
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4 HOLLOWCORE SLABS
4.1 General
A 10 m long simply-supported 200 mm deep and hollowcore slab with 65 mm topping concrete was
chosen to investigate the efficiency of each fire resistance design approach. The slab was 1200 mm wide.
The strength of the precast concrete slab and topping concrete were 45 MPa and 30 MPa respectively.
Seven 12.9 mm diameter, stress relieved seven-wire strands were used. The yield strength of the
prestressing steel was 1.87 GPa. With a self weight (G) of 3.88 kPa and a live load (Q) of 3.3 kPa, the
total load on the hollowcore slab in fire conditions was 5.53 kPa.
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4.2 Results
Figure 11 shows time-vertical deflection relationship of the simply-supported hollowcore slab with
axis distance varying from 25 – 55 mm. The cases with 70 and 80 mm axis distance could not be
modelled because they could not be realistically manufactured.
Comparison among the tabulated data, the simplified calculation results and the advanced calculation
results in terms of failure time is shown in Table 3. In the simplified calculation methods, the voids of a
hollowcore slab are not considered as the fire resistance is only determined by the reduced moment
capacity caused by the reduced tensile stress of the prestressing strands. It can be seen that the simplified
calculation approach gives longer predictions of fire resistance, compared to the tabulated data. On the
other hand, the advanced calculation method provides conservative prediction for low axis distance while
the method is unconservative for axis distance of 55 mm or more.
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Figure 11. Comparison of central vertical deflection for 10 m span at each axis distance
Table 3. Comparisons of fire resistance for a single 200 mm deep hollowcore slab

Eurocode 2
Axis
distance
(mm)
25
35
45
55

Tabulated
data
(minutes)

Simple calculation methods
(minutes)

30
60
90
120

Step-bystep
method
68
102
142
182

70

180

245

200

80

240

286

230

Solid slab

Advanced calculation methods
(minutes)

PCI method

Span/30

65
85
135
150

40
50
60
66

Span/20

End of
analysis

47
51
61
68
75
88
86
103
Not available
(geometric problem)
Not available
(geometric problem)

5 TEE SLABS
5.1 General
A simply-supported 500 mm deep, 150 mm wide, 14 m long, single-tee slab with 75 mm topping
concrete was chosen to investigate the three design approaches. The slab was 1200 mm wide. The
strength of precast concrete and topping concrete were 45 MPa and 20 MPa respectively. Five multiple
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strands were used along the height. The yield strength of prestressing steel was 1.86 GPa. The total load
applied at the fire limit state was 6.25 kPa.
5.2 Results
Figure 12 shows a plot of vertical deflection with time for the simply-supported single tee slab with
increasing axis distance. For tee slabs, multiple strands are used within their cross-section. As such the
cases with 30, 60 and 90 mm axis distance were not modelled, due to the geometric limitations of
prestressing strand arrangements. With regard to tapered single or double-tee slabs, to-date no simplified
calculation method is available. Even though the PCI method provides the temperature at the centroid of
the prestressing tendons at each fire exposure time, i.e. 0.5, 1, 1.5, 2, 3 and 4 hours, these can only be
used to assess the fire resistance at those specific times. Comparison between the tabulated data and the
advanced calculation method, in terms of failure time is shown in Table 4. It can be seen that the
advanced calculation method gives a conservative prediction of the fire resistance, compared to the
tabulated data, as the bottom prestressing has less concrete cover and is quickly exposed to fire.
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Figure 12. Comparison of central vertical deflection for 14 m span at increasing axis distance
Table 4. Comparisons of fire resistance for a 500 mm deep single tee slab

Eurocode 2
Axis distance
(mm)
30
50
60
75
90
105

Tabulated data
(minutes)
Ribbed slab
30
60
90
120
180
240

Advanced calculation methods
(minutes)
Span/30

80
87
95

Span/20

End of analysis

Not available (geometric problem)
Not available (geometric problem)
Not available (geometric problem)
82
89
90
95
98
105

6 PRESTRESSED FLAT SLABS
6.1 General
A simply supported 75 mm deep and 6 m long prestressed flat slab with 130 mm topping concrete
was chosen to investigate the fire resistance design, based on each calculation method. The slab was 1200
mm wide. The strength of precast concrete and topping concrete were 40 MPa and 20 MPa respectively.
Eight 12.9 mm diameter, stress relieved seven-wire strands were used. The yield strength of prestressing
steel was 1.84 GPa. A load of 9.65 kPa was applied at the fire limit state.
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6.2 Results
Figure 13 shows the time-vertical deflection relationship of the simply-supported prestressed flat slab
with increasing axis distance. Simplified calculations, using the PCI method were only carried out in the
case with 25 mm and 30 mm axis distance as the other axis distances generated moments outside of the
applicable range. Comparisons among the different approaches are shown in Table 5. It can be seen that
in general, the tabulated data was the most conservative whilst the advanced calculation method produced
longer times of fire resistance..
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Figure 13. Comparison of central vertical deflection for 6 m span at each axis distance
Table 5. Comparisons of fire resistance for prestressed flat slabs

Eurocode 2
Axis
distance
(mm)
25
30

Tabulated
data
(minutes)

Simple calculation method
(minutes)

30
60

Step-bystep
method
56
70

40

90

96

50

120

118

60

180

140

65

240

148

Flat slab

Advanced calculation method
(minutes)

PCI method

Span/30

Span/20

End of
analysis

45
50
Out of range
(M/Mn =0.74)
Out of range
(M/Mn =0.81)
Out of range
(M/Mn =0.91)
Out of range
(M/Mn =0.96)

65
79

78
95

81
100

106

129

140

132

163

182

157

199

226

165

217

Designated
end time

7 CONCLUSIONS
The tabulated data for fire resistance of prestressed concrete slabs was compared with the results of,
simplified calculation methods and advanced calculation methods. In all cases, the tabulated data is in
general agreement with the trends from the calculation methods. For the advanced calculation methods, it
is important to define the failure criterion, because large deflections can occur well before final failure.
The use of a specified deflection, such as span/20, is recommended.
The results of the comparison are summarised below:
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x
x
x

For prestressed flat slabs, both the simple and advanced calculation methods give results
larger than the EC2 tabulated data, generally with good agreement. The tabulated data
appears to be on the safe side.
For T-slabs, the advanced calculation method gives results much lower than the tabulated
data, but only for a limited range of geometries.
For hollowcore slabs, the simple calculation method gives higher fire resistance than the
tabulated data. Whereas the advanced calculation method gives lower results because voids
are included in the calculations, but not in the tabulated data. More research is needed for
hollowcore slabs.

The numerical modelling approach used in the advanced calculation methods has been validated with
some test results available in the literature, but the models do not accurately predict all possible failure
modes. Due to the limitations of all calculation methods and lack of appropriate test results, more
experimental and numerical research is needed to accurately predict the fire resistance of prestressed
concrete floors in fire conditions.
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Abstract. This paper illustrates a study on the punching shear strength of reinforced concrete slabs in
fire conditions. To this end, a set of experimental data on the punching strength of heated slab specimens
was interpreted by adapting the well-known Critical Shear Crack Theory to include the effects of high
temperature and fire. The comparison between experimental and numerical results is rather good,
considering the several uncertainties affecting the problem under consideration. It turns out that the
proposed approach is a reliable tool to evaluate the punching strength of thermally-damaged slabs, and
this is a good premise for a more in-depth study of the behaviour of punching-sensitive flat slabs in fire
conditions.

1 INTRODUCTION
Fire has traditionally represented a real threat to the safety of buildings and civil structures. As it is
well known, the effects of high temperature on structures are two-fold: (a) the mechanical properties of
the building materials, such as strength and stiffness to name the most important, are adversely affected
by temperature; and (b) the thermal dilation and the ensuing deformations and displacements bring in
supplementary “indirect actions”, that can, generally speaking, significantly increase the internal forces
with respect to the values in ordinary conditions. The synergy of these two effects can be particularly
detrimental, whenever a significant decay of the strength, and therefore of the bearing capacity of
structural members, is accompanied by an increase of the state of stress.
A typical way of tackling this problem, from the point of view of structural safety, is to compare the
bearing capacity at a given section of a structural member, with the internal force at the location, both
functions of the fire duration. The calculation of the bearing capacity as a function of the fire duration is
usually carried out by making reference to the classic assumptions of structural mechanics (for example,
in the case of beams and columns). The effects of high temperature are then taken into account by
reducing the strength and stiffness of the materials at each point of the given section, on the basis of the
temperature ensuing from the fire exposure. Several works in the related literature illustrate this kind of
approach for common structural members [1,2], and simplified and designer-friendly methods are
available in the codes [3]. The evolution of the internal forces with the fire duration, on the contrary, is a
highly non-linear problem, that requires the use of sophisticated numerical techniques, and is therefore
rather demanding from the computational point of view [4,5]. A possible alternative to overcome these
problems is to resort to classic limit analysis, that makes it possible to avoid structural analysis, and
therefore greatly simplifies the safety verifications in the time domain. Such an approach is particularly
advantageous in highly-redundant and complex structures, where performing a fully non-linear structural
analysis is rather demanding, and, from the designer’s point of view, almost prohibitive.
The possibility of using a plastic approach in fire is limited, as in ordinary conditions, by premature
brittle failures, like, for instance, shear in beams and columns, and punching shear in slabs. The former is
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certainly a big problem in columns of frame structures, where the thermal dilation of beams induces an
additional shear force in the columns. It is fair to say, however, that shear failures in fire are rather
uncommon [3]. In the case where they are of concern, the main driving parameter is, as it is usually the
case in compact under-reinforced sections, the transverse reinforcement [6], and not the concrete, unless,
for example, in the case of precast members with rather thin sections [7].
As for punching shear in slabs, the problem is of much more significance, because more or less
significant increases of the internal forces (and, therefore, of the punching forces) are to be expected in
the case of fire [8] (Fig. 1).
Moreover, a significant role in the punching resistance is played by concrete tensile strength and
aggregate interlock; these two effects are both taken into account in some way in the current design
equations of the most popular standards [9]. It is fair to say, however, that the aforementioned code
equations were obtained on a semi-empirical basis, by operating a regression of the available
experimental data: an immediate extension of these expressions to the case of fire is, therefore, highly
questionable, to say the least. To tackle the problem of the punching shear resistance in fire in a rational
way is only then possible, if reference is made to a physical-based model, such as the “critical shear
crack” theory, that was developed during the last years at the EPFL in Lausanne, in the framework of a
vast experimental campaign, with some 100 slab specimens tested in punching [10,11].
dilation

dilation
sagging

(a)
punching

shear

(b)

Figure 1. Flat slabs in fire: (a) temperature-induced displacements; and (b) indirect actions.

Despite the wide-spread use of reinforced concrete slabs, no adequate attention has been devoted so
far to punching shear in fire. Nevertheless, the topic is of interest, because of the large use of slabs in firesensitive structures (like, for example, underground garages), and also in buildings.
In this paper, an extension of the critical shear crack theory to the case of fire is presented. The main
assumptions of the model are adapted to incorporate the effects of high temperature, i.e. the two
backbone curves of the model (namely, the failure criterion and the load-deformation curve) are modified
in order to account for the thermal-induced strength decay and deformability increase. The extension of
the model is validated against the few available experimental data, and some design-oriented conclusions
are drawn.
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2 EXPERIMENTAL DATA
Punching shear of slabs in ambient conditions has been extensively investigated in the past (both
experimentally and theoretically). In the case of slabs in fire, however, no adequate attention has been
devoted so far to punching shear, and only two references can be cited: the first about the residual
behaviour of small circular slabs [12], where a few design equations commonly used at ambient
temperature are extended to cover the case of high temperature exposure, and the second on real-scale
fire tests on two-way slabs [13]. In the following, reference will be made to the latter; to this end, in this
section the main features of the tests are briefly recalled.
Ten specimens were cast and tested; the choice of the specimens’ dimensions, as well as of the test
set-up, were calibrated on the basis of (a) the prescriptions of the Eurocode 2 (1992 version); and (b)
previous tests in fire conditions carried out at the Technical University of Braunschweig (Germany).
The test set-up is shown in Figs. 2a and b. The specimens consist of square slabs (dimensions = 250 ×
250 × 20 cm3) with a short column “stub” (dimensions = 25 × 25 × 40 cm3) in the middle.
At the top of the loading frame, the specimens are loaded through a hollow-core hydraulic jack. On
the bottom the load is applied through a tendon ( = 36 mm, St 1080/1230), provided with thermal
insulation, that passes through a hole in the specimen, and is anchored to the bottom face of the column
stub at one end, and to the hydraulic jack at the other. The proper distribution of the load from the tendon
to the column is achieved through a 50 mm-thick steel plate. The column stub is insulated during the
whole fire duration, by means of vermiculite plates (thickness = 100 mm). On the top of the slabs, the
load is transferred from the tendon to two HEM 260 beams, that are supported by the loading frame,
namely a 400 mm-thick plate with an octagonal hole in the centre portion. The load is then transferred
from the frame to the specimen by means of 16 loading points, that are uniformly distributed over a circle
(diameter  = 220 cm). The applied load is measured through a load cell, that is placed at the top end of
the tendon. The overall dimensions of the furnace chamber are 230 × 230 ×100 cm3. The whole test setup (specimen + loading frame + loading devices) is supported by reaction bearings, that are positioned on
the perimeter of the furnace area (side = 230 cm), at a distance of approximately 75 cm from each other.
It is worth noting that the punching load applied to the specimen results from a self-equilibrated
system; in other words, the punching action is a sort of prestressing load applied via the tendon at the
bottom, and through the 16 loading points on top: therefore, the state of stress and deformation resulting
from the punching load is approximately axisymmetric. As for the heating, a standard temperature-time
curve (ISO-834) was adopted in all cases.
Following are the main characteristics of the tested specimens:
x
x
x
x

thickness = 200 mm, axis distance to the reinforcement (= gross cover) | 35 mm;
effective depth = 167 mm;
geometric reinforcement ratio over the column stub: two values (0.50 and 1.50%) were adopted;
three specimens were provided with “hat-type” shear reinforcement.

Figs. 3a,b shows the layout of the reinforcement in one quarter of specimen, for the two groups of
specimens (with light and heavy reinforcement, respectively). The properties of the materials used in the
specimens are as follows:
x
x
x

fc20 = 35-52 MPa
fy20 = 504-590 MPa
fy20 = 533 MPa

concrete compressive strength:
yield strength of bending reinforcement:
yield strength of transverse reinforcement:

Finally, it is worth mentioning that 5 out of 10 tested slabs underwent spalling on the heated face.
The spalling depth was in most cases approximately equal to the gross cover (| 40 mm); in one case
(Slab 9) spalling was limited to 20 mm.

691

Patrick Bamonte, Miguel Fernández Ruiz and Aurelio Muttoni

(a)

loading points
reaction bearings
loading tendon
load cell
hydraulic jack

(b)

HEM260
loading frame

40

A

A
specimen

20
furnace

furnace

230

220 (loading points)
230 (reaction bearings)

250

250 (specimen dimension)

Figure 2. Test set-up (adapted from [13]): (a) top view; and (b) section cut along A-A.
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Figure 3. Layout of the negative reinforcement: (a) lightly-reinforced slabs (U = 0.5%); and (b) heavily-reinforced slabs
(U = 1.5%).

The load at the beginning of each test was calibrated on the basis of the design load in fire conditions
as per Eurocode = 0.7 × punching resistance at room temperature. In most cases (8 slabs out of 10), the
load was increased during the first 30 minutes by variable amounts (0%-70%), to simulate the load
redistribution that could potentially take place in an actual flat slab exposed to fire. Beyond 30 minutes,
the load was kept constant throughout the whole duration of the test. In the cases, where the specimens
stood the constant load phase without collapsing, they were loaded to failure at the end of the heating
process. The failure loads and times to failure of the 10 specimens are summarized in Table 1.
Table 1. Summary of the failure loads and times to failure of the specimens tested by Kordina [10].

specimen

1

2

3

4

5

6

7

8

9

10

test duration [min]

120

120

27

17

90

90

29

70

90

22

failure load [kN]

492

475

550

810

386

380

500

568

410

460
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3 THEORETICAL MODEL
The model developed to interpret the behaviour of the slabs described in the previous section is an
extension of the Critical Shear Crack Theory (CSCT) [10,11] to the case of high temperature and/or fire.
This theory, that has been demonstrated to provide a reliable tool for estimating the punching resistance
of flat slabs in ordinary conditions, is first briefly recalled; following, the modifications introduced to
take the effects of high temperature into account are outlined.
3.1 CSCT – Original formulation
The Critical Shear Crack Theory is a semi-empirical approach, aimed at the evaluation of the
punching resistance of flat slabs. It was originally developed for axisymmetric slabs without shear
reinforcement, and later on adapted to take into account the role played by the various types of shear
reinforcement. The main assumption is that in a slab-column assembly subjected to the highlyconcentrated load of a column, a diagonal shear crack will form, where the deformations will localize. As
a consequence, in an axisymmetric layout, the deflected shape outside the crack will be conical, i.e. the
downward displacement will be linear, and the rotation < constant. This assumption greatly simplifies
the description of the structural behaviour, that can be expressed as a closed-form load-rotation
relationship of the slab-column assembly.
The increase of the rotation < upon increasing external applied loads is limited by the ability of the
critical diagonal shear crack to transfer the shear stresses: the explanation is that the crack opening
increases with increasing rotation <, and thus the aggregate interlock, that is responsible for carrying
most of the shear stresses, is reduced. On the basis of several experimental data from different authors, a
semi-empirical failure criterion was worked out, to relate the rotation of the slab portion surrounding the
column, and the shear force that can be transmitted across the diagonal crack (Fig. 4a):

Vu
b0  d 

fc

3/ 4
<d
1  15 
d g0  d g

(1)

where b0 is the critical perimeter, d is the effective depth of the reinforcing bars close to the extrados, fc is
the compressive strength of concrete, dg is the maximum aggregate size, and dg0 is a reference aggregate
size. Note that whereas the second member of Eq. (1) takes into account the detrimental effect of
increasing crack width on aggregate interlock, the denominator of the first member accounts for the
strength of the highly-stressed concrete in compression close to the face of the column.
The punching failure occurs when the load-induced rotation is such, that the shear force can no longer
be transferred through the crack. From the analytical point of view, the punching failure is determined by
the intersection between the load-rotation curve (that represents the structural response of the slabcolumn assembly), and the failure criterion (Fig. 4b), expressed by Eq. (1).
3.2 Extension of CSCT to high temperature
Being largely based on a clear framework of reasonable mechanical assumptions, the CSCT can be
efficiently adapted to cover the case of flat slabs subjected to high temperature.
The main assumption of the theory, namely that a diagonal shear crack forms at early loading stages
and influences the behaviour of the whole slab-column assembly, is retained as such.
As for the displacement profile along the slab, a preliminary distinction should be introduced:
wtot = wload + wth

(2)

where wtot is the total displacement, wload is the load-induced (or mechanical) displacement, and wth is the
thermal displacement.
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Figure 4. Critical Shear Crack Theory: (a) typical slab-column assembly considered; and (b) determination of the
punching resistance in the load-rotation domain.

The load-induced displacement wload is the displacement that ensues from the applied load: it is
affected by high temperature, because of the temperature-induced materials’ decay, that brings in a
stiffness decay (in regions subjected to negative bending mainly because of the reduction of the effective
depth), and, upon prolonged fire durations, also the decay of the ultimate strength.
The thermal displacement wth is the deflection caused by thermal sagging, that in turn originates from
the thermal dilation of the hot layers of material, and the ensuing thermal curvature on the slab’s
thickness. The following assumptions are introduced:
a) outside the diagonal crack, the load-induced rotation < is constant: therefore, the load-induced
displacement wload is a linear function of the radial coordinate, outside the diagonal crack
(Fig. 5a);
b) the thermal displacement wth is a 2nd-order parabola of the radial coordinate (Fig. 5b).
The first assumption implies that, upon loading, the kinematic behaviour of the slab sector is similar
to that in ordinary conditions, the only difference being the aforementioned stiffness reduction ensuing
from the thermal damage.
The second assumption originates from the consideration that in an axisymmetric slab sector
subjected to uniform heating, the radial and tangential thermal curvatures are also uniform: therefore, the
deflected shape ensuing from the thermal curvatures is spherical, or, with the usual first-order
approximation on the radius of curvature, a 2nd-order parabola. It is worth noting that if the edge of the
slab is simply supported, a spherical deflected shape implies neither radial nor tangential bending
moments, i.e. a uniform distribution of thermal curvatures is not restrained by the boundaries.
A key point in the previous assumptions is the concept of “thermal curvatures”: as a matter of fact, in
a slab subjected to high temperature and high heating rates, the thermal gradient along the thickness is
non-linear. Moreover, when concrete is heated well above ambient temperature, the dilation coefficient is
highly temperature-dependent, at least below 700°C. As a consequence, the free thermal strains along the
thickness are not linear, and therefore a free thermal curvature as such (i.e. the slope of a linear
distribution of free thermal strains) cannot be defined. Fig. 6 shows the typical moment-curvature
diagrams in pure bending of a slab section subjected to heating from below. It is worth noting that the
decay of stiffness and ultimate capacity is more pronounced in positive bending, as should be expected,
since the bottom reinforcement undergoes a significant temperature increase. Most notably, however,
there is a translation of the diagrams towards the positive curvatures, that increases with increasing fire
duration: in other words, the section will undergo a thermal curvature, even if no load is applied on the
section (M = 0). In the following, on the basis of the previously-introduced decomposition of the
displacements, the thermal curvature is defined as the intersection between the diagrams and the
horizontal axis, i.e. the curvature corresponding to no bending moment applied. The diagrams deprived of
the contribution of the thermal curvature are “moment vs. load-induced curvature” diagrams, and can be
used to work out the load-induced displacement wload (Fig. 5a).
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Note that, if the thermal curvature and the relationship between moment and load-induced curvature
are defined by means of the aforementioned approach, the superposition principle can be applied,
because the different non-linear phenomena taking place on the section (i.e. the self-stresses ensuing from
the non-linear thermal strains) are implicitly taken into account in the calculation of the moment
curvature diagram.
rq

rq

r0
rc

rc

V
crack

(a)
(b)

V
reference boundary

ψ

ψ

wload

wload = load-induced displacement

wth



wth = thermal displacement



Figure 5. Displacement decomposition at high temperature: (a) load-induced displacement; and (b) thermal
displacement.
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Figure 6. Typical moment-curvature diagrams of the lightly-reinforced slabs tested in [10].

As for the failure criterion, the effects of fire have to be taken into account separately. Considering
Eq. (1), the square root of the compressive strength is related to the post-peak softening branch in
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compression, or to the toughness in tension. An in-depth investigation of these aspects, however, is
beyond the scope of this paper; moreover, it would require a significant number of experimental data on
shear failures of plain concrete members at high temperature. Therefore, the decay of this term is
evaluated by simply considering an average reduction of the compressive strength along the thickness, or,
equivalently, by reducing the effective depth on the basis of the decay of the compressive strength. As
the critical perimeter is proportional to the effective depth, also b0 undergoes a similar reduction.
The denominator of the second member of Eq. (1), that takes into account the decrease of aggregate
interlock with increasing crack opening, should be reduced in a similar way, since the reduction of the
effective depth will increase the crack opening. This fact, however, is implicitly taken into account by the
fact that the rotation used in the failure criterion is the load-induced rotation, and therefore it increases
with the reduction of the bending stiffness (as evaluated in the moment-curvature diagrams). It could be
argued, however, that the rotation to be considered in the failure criterion is the total rotation, which is
smaller because of the contribution of the thermal rotation. There are two main reasons to make reference
to the sole load-induced rotation (i.e. to neglect the thermal rotation): (a) in the vicinity of the column,
the rotations ensuing from the thermal displacements are small; (b) compared to the load-induced
rotation, the thermal rotation is favourable, because its effects are opposite to those ensuing from the load
applied.

4 COMPARISON BETWEEN EXPERIMENTAL AND NUMERICAL RESULTS
The proposed extension of the CSCT was validated by simulating the experimental results. The
comparisons were carried out both in terms of load-total displacement curves, as well as with reference to
the ultimate load.
The first task is accomplished by working out, for any given fire duration, the relation between the
load and the mechanical rotation. By considering, for the same fire duration, the applied load (as per load
protocol used in the tests) the mechanical rotation can be worked out by means of the moment-curvature
diagrams, and the displacement at the face of the column is then calculated by applying the previous
kinematic assumption concerning the load-induced displacement. As for the thermal displacement, it can
be worked out directly, by integrating the thermal curvature for any given fire duration. The failure load
is evaluated by means of the procedure illustrated in Fig. 4b, i.e. as the intersection between the loadrotation curve and the failure criterion for the maximum fire duration reached during the test.
The decay of the mechanical properties and the thermal dilation, in lack of more accurate
information, were evaluated according to the provisions of Eurocode 2 [3], assuming the properties of a
calcareous concrete. As for the thermal properties, the value of the thermal conductivity was back-fitted,
in order to have thermal profiles in good agreement with those provided in [13].
Fig. 7 shows the comparison between the experimental and numerical results, expressed in terms of
net deflection (= total deflection devoid of the deflection at the onset of heating) at the centre of the slab,
as a function of the fire duration. It is worth noting that the net deflection is always positive (=
downward), even though the load at the centre of the slab is directed upward: this indicates that in the
tests under consideration the role of the thermal curvature prevails over the load. Most notably is also that
in Fig. 7a, Slab 2 exhibits a smaller net displacement than Slab 1 as should be expected, since the load
applied to the former (and maintained constant throughout the whole test) was higher than the load
applied to the latter.
Fig. 8 illustrates the application of the proposed approach for the evaluation of the failure load; in
both cases, the load-rotation curve and the failure criterion were evaluated taking into account the
thermal damage corresponding to the time of failure. On the whole, the agreement between the numerical
and the experimental failure load (represented by the horizontal dashed line) is satisfying. Moreover, it is
interesting to observe that the failure in lightly-reinforced slabs (Fig. 8a) occurs when the load-rotation
curve is very close (or even at) the yield plateau, i.e. in lightly-reinforced slabs, even in the case of
exposure to fire, the ultimate punching load corresponds to a ductile failure. On the contrary, the heavily-
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reinforced slab considered (Fig. 8b) reaches its ultimate load in the ascending phase of the load-rotation
curve, i.e. the punching failure occurs prior to yielding of the reinforcement.
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Figure 7. Comparison between experimental and numerical displacement at the centre of the slabs as a function of the
fire duration: (a) lightly-reinforced slabs (U = 0.50%); and (b) heavily-reinforced slab (U = 1.50%).
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Figure 8. Evaluation of the failure load: (a) lightly-reinforced slabs (U = 0.50%); and (b) heavily-reinforced slab (U =
1.50%).

5 CONCLUDING REMARKS
On the basis of the preliminary results presented in this paper, the following conclusions can be
drawn:
x
x

the Critical Shear Crack Theory, that is used in ordinary conditions to work out the punching
resistance of flat slabs, provides a rational tool to study the punching shear strength of flat slabs
in fire conditions;
the numerical fitting of the experimental results taken into consideration is rather good, with
respect to both the structural behaviour (displacement vs. fire duration) and to the failure load.

Further research is needed in order to clarify several aspects, such as (a) the role of membrane
stresses, that are rather important whenever the structural layout is such that the thermal elongations are
restrained (something that did not occur in the tests considered herein); and (b) the possibility of
evaluating the bearing capacity in punching by simply adapting the code equations available for ordinary
conditions.
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Abstract. This paper describes four full scale fire tests conducted on precast prestressed hollow core
slabs under flexure. The influence of the reinforcement arrangement was investigated in tests using two
test parameters: the average axis distance (from 30.1 to 46.7 mm), and the type of reinforcement (5 mm
diameter wires and 3/8’’ diameter strands). An ISO 834 standard fire was applied maintaining the load
level constant in a four-point test arrangement. The method for measuring temperatures inside the slab is
explained in detail, discussing the results and suggesting some improvements for future investigations.
From the test observations, it is well established that behavior of hollow core slabs under fire conditions
can be divided in three different stages. The structural causes that explain behavior during each stage
are identified and analyzed. Finally, it was shown that wires displayed optimal behavior as opposed to
strands, because they suffered no splitting cracking and no sliding.

1 INTRODUCTION
Precast prestressed hollow core (HC) slabs are widely used in concrete or composite floor structures
in buildings. Because of their excellent structural performance at room temperature, advanced
manufacturing methods, and low-cost installation, HC slabs have an important market presence in many
countries. Prestressed reinforcement improves the serviceability performance of HC slabs compared to
plain slabs (those without voids), increasing the cracking moment as well as the load-bearing capacity.
Span lengths of up to 16 meters and high load levels can be achieved with HC slab floor systems. HC
slabs must be installed in different ways depending on the support conditions and desired behavior of the
floor structure [1]. Considerable efforts were made in order to evaluate the behavior of HC slabs at room
temperature, and in most cases, an acceptable agreement between design provisions and test results was
found [2,8]. However, some authors have pointed out the complexity of the thermo-mechanical behavior
of HC slabs [9] which causes problems when fire resistance has to be assessed. When the slab heats up,
phenomena such as thermal stresses and degradation of material properties should be taken into account
as well as their interaction with the four known failure modes of HC slabs (bending, shear tension, shear
compression, and anchorage) [2]. Moreover, temperature field is significantly affected by the moisture
content of concrete and the presence of cavities (i.e. hollow cores) [9]. The simultaneous consideration of
all the phenomena occurring in fire situations leads to a highly non-linear problem which usually requires
the use of numerical methods for its resolution. In contrast, design standards such as Eurocode 2 (EC2)
[10] provide simplified methods in order to easily meet fire resistance requirements, but they give rise to
uncertainties and unexpected failures. In the course of the last few years some authors have conducted
fire tests to further knowledge of HC slab behavior at elevated temperatures although a significantly
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smaller amount of test data is available in comparison to that of room temperature. For instance, Cooke
[11] carried out 14 tests but only two specimens were HC slabs while the other 12 were precast concrete
floor slabs without voids or prestressed reinforcement. However, detailed information on temperatures
and deflections was provided, enabling important observations to be made and applied to HC slabs.
Borgogno and Fontana [12] studied the behavior of slim floors in fire situations and developed a method
for calculating thermal stresses. Fellinger et al. [13] investigated shear and anchorage behavior of HC
slabs exposed to fire. A total of 25 reduced scale tests were carried out and a numerical model was
developed which took into account bond models for reinforcement steel-concrete interface. Double-rib
specimens cut from entire slabs were used in most of those tests. It was concluded that shear and
anchorage could lead to premature and unexpected failure. Finally, van Overbeek et al. [14] studied the
premature partial collapse of HC slab floor structures following a real fire in a car park in Rotterdam. It
was found that premature failure occurred in 45% of the tests consulted, something which shows the need
for further research. Design codes such as EC2 [10] evaluate fire resistance using different methods such
as the 500ºC Isotherm Method or the Tabulated Data Method, which are intended for calculating bending
and fire resistance. The main parameter of these methods is average axis distance and its value
determines fire resistance. This approach is usually assumed to be appropriate and able to predict fire
resistance accurately. In consequence, research efforts have mainly concentrated on the assessment of
shear capacity of HC slab units or HC slab floors at elevated temperatures. The interaction between shear
tension and anchorage failures has also been outlined by many authors [12,13]. However, flexural failure
at elevated temperatures has been relatively neglected and few tests are available. Although the influence
of the reinforcement arrangement at room temperature is clear when studying bending behavior, other
aspects such as the effects of using wires or strands have not been analyzed at high temperatures.
Hence the objective of this research is to develop an experimental program to expand the knowledge
of bending behavior at elevated temperatures and to evaluate the influence of different reinforcement
arrangements in the fire resistance rating (FRR).

2 EXPERIMENTAL PROGRAM
2.1 Tested specimens
A total of four full scale tests were performed within this experimental program. These slabs tend to
be manufactured in very small batches and given the expense of producing a limited number of slabs
expressly for the program the HC slabs chosen for testing were commercially available.
Table 1. Geometry of tested specimens

Geometric parameters
Cross-section height
Cross-section width
Slab length
No. Webs / Web thickness

250 mm
1.20 m
5.70 m

No. Voids / Void width
Void height
Top flange min. thickness

9 / 79 mm
194 mm
28 mm

10 / 42 mm

Bottom flange min thick.

28 mm

Reinforcement parameters
Axis Dist1
HC25-A1
HC25-A2
HC25-A3
HC25-A4

Row 1
22.5
12xØ5
4xØ3/8”
4xØ5
--

Row 2
39.5
4xØ5
4xØ5
4xØ3/8”
4xØ3/8”

Row 3
56.5
2xØ5
2xØ5
2xØ5
8xØ5

1

Axis Distance measured from below

700

Row 4
73.5
-2xØ5
2xØ5
--

Row 5
210.5
4xØ5
4xØ5
4xØ5
4xØ5

Ap
(mm2)
431.9
443.6
443.6
443.6

am (mm)
30.1
35.1
41.3
46.7
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In addition, manufacturers usually design the reinforcement arrangement with a view to satisfying a
required bending moment at room temperature. Thus the four HC slabs selected had very similar flexural
capacity at room temperature but different reinforcement arrangements and different expected fire
resistance times. Specimens tested were identified as follows: HCxx-Ay, where ‘xx’ is the cross-section
height and ‘y’ identifies the reinforcement arrangement. Slab identification is ordered from lowest to
highest average axis distance (defined below in equation (1)), i.e. the average axis distance of HC25-A1
is less than that of HC25-A2. Table 1 and Figure 1 characterize their geometry. All HC slabs were 250
mm high, 1200 mm wide, 5700 mm long, and only the reinforcement arrangement was varied. Two types
of tendons were used: 5 mm diameter wires and 3/8” diameter strands. Reinforcement was distributed
along the cross-section in five rows and most of the tendons were placed on the central web axis. Only 4
wires in row number 1 of specimen HC25-A1 were eccentrically placed 18 mm away from the central
web axis, Figure 1a.

Figure 1. Cross-section and reinforcement arrangement of the HC slabs tested.

As the influence of reinforcement arrangement in bending failure is investigated in this work, the
most important parameter to be studied is the average axis distance. This will be calculated as follows in
compliance with EC2:

 A ⋅ f ⋅a
=
A ⋅ f
pi

am

pi

i

i

pi

(1)

pi

i

Where:
A pi is the cross-sectional area of the tendon ‘i’.
f pi is the real tensile strength of the tendon ‘i’, which was obtained as explained in section 2.3.

a i is the axis distance of the tendon ‘i’ from the nearest exposed surface.
Therefore, real strength of steel is used and only reinforcement under tension (rows 1 to 4) is
considered in the calculation. Average axis distance of each HC slab is shown in Table 1.
2.2 Concrete
Normal-strength concrete (45 MPa) and calcareous aggregates were used in the experimental
program. The real compressive strength of concrete was determined by testing two cylinders, 300 long
and 150 mm diameter, on the same day the HC slab was tested. The cylinder compressive strength of
concrete fc was calculated as the average of the two test results. Since flexural failure is expected, the real
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tensile strength of concrete fct is also needed. A Brazilian test procedure [15] was performed using one
cylindrical sample. All data are summarized in Table 2. The humidity of concrete was also measured
using cubic samples cut from each slab on the same day they were tested. The weight of each specimen
was measured before and after drying them in a small oven at 150ºC. This made it possible to obtain the
moisture level directly.
Table 2. Test properties and results

Id

Id.

1
2
3
4

HC25-A1
HC25-A2
HC25-A3
HC25-A4

am

μ exp

(mm)
30.1
35.1
41.3
46.7

(%)
36
35
36
37

fc
(MPa)
52.1
54.6
57.1
52.4

fct
(MPa)
3.50
4.00
3.45
4.05

Moist.
(%)
3.90
3.80
2.90
3.30

Max.D/
Max.DR
374.9/52.2
247.01/13.8
235.5/20.0
322.4/30.0

Limits
reached
D/DR
DR
DR
D/DR

FRR
min
84
96
105
92

D: Deflection ; DR: Deflection Rate
1

The hydraulic jack reached its maximum displacement, so the test had to be halted. The problem was solved for
the other tests (HC25-A2 was tested first). However, the slab had already failed, as the DR limit had been
reached.

2.3 Prestressing steel
Cold-worked prestressing steel wires and strands were used. Strands were made up of six wires rolled
together in a helical form around a central wire. The characteristic tensile strength of steel fpk was 1860
MPa in all cases. However, real strength was established by experimental coupon tests. A tensile strength
of 1931 MPa was obtained for strands, while the tensile strength measured for wires was 1883 MPa.
These values apply to all HC slabs tested as the steel used in all cases belonged to the same batch. The
0.1% proof-stress of prestressing steel fp,0.1 was also obtained, given that it was of interest for the
calculation of the real ultimate bending moment at room temperature. It was established that fp,0.1 was
equal to 90% of real tensile strength of steel fp for both wire and strands. This result matched the
recommendations of EC2, which suggest considering the same percentage (90%) in absence of
experimental data.

Figure 2. a) General view of the experimental setup. b) Inside the furnace. c) Voids infilling.
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2.4 Test setup and procedure
All tests were performed in the testing facilities of AIDICO (Instituto Tecnológico de la
Construcción) in Valencia, Spain. Both the experimental setup and test procedure were in compliance
with standard EN 1363 [16] for fire resistance tests. A 5x3 m furnace equipped with a hydraulic jack of
1000 kN maximum capacity was used. There were 16 gas burners inside the furnace chamber, arranged
in two horizontal rows of 8 burners each, located at mid-height on opposite walls. Slabs were placed
covering the furnace, and only supported at the ends. Figure 2a shows a general view of the experimental
setup, while the interior of the furnace can be seen in Figure 2b. As bending behavior was of interest, a
four-point test arrangement was used to apply the load. Figure 3 shows a setup scheme indicating the
principal lengths. There was no interaction between shear and bending in the two load points, that is to
say, pure bending occurs. Mid-span deflection was measured using a displacement transducer.

Figure 3. Representation of the experimental setup.

Furnace temperature was automatically controlled by five thermocouples following standard fire
curve ISO-834 [17]. Pressure sensors were also located inside the furnace chamber in order to prevent
excessive values. Temperatures inside each HC slab were measured with sixteen thermocouples
distributed in two cross-sections (section A and section B) equidistant from the mid-span (Figure 4).

Figure 4. Thermocouple arrangement of slab HC25-A2

Thermocouples were arranged in both sections according to the following criteria:
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-

Thermocouple No. 1 on the unexposed (top) surface.
Thermocouple No. 3 at mid-height.
Thermocouple No. 8 on the exposed (bottom) surface.
Thermocouple No. 4 inside one void.
The other four thermocouples (numbers 2, 5, 6, and 7) were placed at the same height as a
reinforcement row, which provided an indirect reading of the reinforcement temperature. In the
case of specimen HC25-A4 only three out of four thermocouples were installed because of the
reinforcement arrangement.
In order to place the thermocouples inside the concrete it was necessary to drill holes to an
appropriate length. Once the thermocouples were placed, the holes were filled with thermal insulation.
Figure 4 shows an example of the thermocouple arrangement system used in Section A and Section B of
slab HC25-A2 respectively, with thicker lines representing the drilled holes. Both arrangements can be
seen to be symmetrical. For example, thermocouple number 6 in Section A is placed inside the second
web while thermocouple number 6 of Section B is placed inside the ninth web. The second and ninth
webs are symmetrical to the center of the section. This disposition makes it possible to perceive any
difference in temperature and ensures uniform heating. Moreover, because of the border effects any
thermocouple placed inside the outer webs (1 and 10) could distort the temperature measurement process.
Finally, Figure 2c shows how the void ends of the HC slabs were filled with insulating material. The
purpose of this was to prevent air renovation inside the void and reproduce building conditions in the test.
The load applied was identical for all slabs tested and was calculated aiming to obtain an average
nominal load level of 45%. The individual load level of each slab was calculated as follows:

μ nom =

M Test
M Rd ,nom

(2)

where M Test is the bending moment produced by the applied load and M Rd ,nom is the ultimate
bending moment at room temperature using the nominal properties for materials and the corresponding
partial factors. Nominal properties were used as these calculations were made before the experimental
data of materials were available. The average nominal load level was considered to be equal to 45% as
this value leads to an average FRR of 90 minutes from the 500ºC Isotherm Method, using nominal
properties of materials and partial factors γ M , fi in a fire situation equal to one [10]. Moreover,
temperatures were taken from the product standard for HC slabs EN 1168 [18], which provides a
temperature profile throughout the section for each time of fire exposure. It should be noted that these
temperature profiles are identical to those given in EC2, despite the fact that these are intended for solid
slabs. The bending moment in all tests M Test could be calculated (52.6 m•kN) from an average nominal
load level of 45%. The test load PTest could also be calculated immediately considering the loading
system shown in Figure 3. Consequently, a test load of 58.80 kN was obtained and applied in all tests.
In contrast, the experimental (i.e. real) load level of the slabs tested is another important parameter.
When real material properties are known, the experimental load level can be calculated as follows:

μ exp =

M Test
M Rd ,exp

(3)

where M Rd ,exp is the ultimate bending moment at room temperature, calculated by means of the
experimentally measured properties of materials. Therefore, partial factors for materials were not needed
in this case. Table 2 summarizes μ exp values of each slab. As was stated in section 2.1, the ultimate
bending moments at room temperature were almost equal for all slabs, and therefore, the experimental
load levels are very similar.
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3 TEST RESULTS
3.1 Mid-span deflection and failure mechanism
When HC slabs showed a flexural failure at elevated temperatures, three different stages were
identified in the deflection versus time curve. These stages are noted in Figure 5.

Figure 5.Left: Identification of each stage. Right: Mid-span deflection of each slab tested

In the first stage, which comprised the first 20 minutes of the fire testing approximately, heating from
below gave rise to a non-linear temperature profile through the cross-section which led to the
development of tensile thermal stresses in the web, while the top and bottom flanges were in compression
[12]. The tensile thermal stresses led to the web cracking and therefore the deflection increased rapidly at
this stage. In contrast, the steel reinforcement was barely affected by the temperature for the first 20
minutes, so this pronounced loss of stiffness cannot be attributed to its loss of strength. After 20 minutes,
the second stage began. There was an almost linear increase in mid-span deflection. The webs were
completely cracked and the temperature profiles through the section became smoother, so the loss of
stiffness slowed down. The moisture vaporization at 100ºC also contributed to delaying the rise in
temperature. During this stage, the deflection mainly took place because of the degradation of material
properties. Therefore, as the rise in temperature slowed down, the materials slowly lost their mechanical
properties and the deflection rate was moderated. The second stage concluded when the steel
reinforcement lost its strength and the deflection rate increased quickly, so that the timespan of this stage
was variable and depended on the reinforcement arrangement of each slab. During the third stage, the HC
slab fully lost its load-bearing capacity. A high deflection rate was observed up until the test was finished
(see Figure 9). Before the test began, the reinforcement steel operated in the elastic range since the real
load level was low (about 36%). As the slab heated up, the elastic modulus of the steel decreased, and
therefore the deflection rose. The applied load was maintained during the test so the stress level did not
change in order to maintain overall equilibrium. At a given temperature yielding stress and current stress
became equal, which meant that the steel showed plastic strain. As the steel yielded and the temperature
kept rising, the steel continued to lose strength and therefore some tensile force was transferred to the
rows of reinforcement above (when possible). Depending on the area of reinforcement of the rows above
and their lever arm, the increment of stress produced by the tensile force released was of greater or lesser
significance. When the steel area of the bottom row was much greater than the area of the other rows, the
tensile force released produced a great increment of steel stress in the rows above. This increment could
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immediately lead to the steel in the row yielding. This process continues until all steel rows have yielded
or the concrete in compression has been crushed.
Figure 5 shows the mid-span deflection measured during the test for each slab. Although all four
curves are similar, some differences can be noticed in the third stage of each HC slab. While the
deflection rate of HC25-A1 increases very rapidly in the final stage, that of HC25-A3 is considerably
lower. This behavior is explained by the failure mechanism described earlier. Finally, the three stages
distinguished in the time-deflection curve of the HC slabs and which show flexural failure can be
observed in the plain slabs (i.e. without voids) when experiencing the same type of failure. Results from
Cooke [11] support this observation.
3.2 Fire resistance rating
According to EN 1363 [16], failure is considered to occur when the deflection limit or the deflection
rate limit, are reached. These are calculated as follows:

D=

L2
400 ⋅ d

(mm)

dD
L2
=
dt 9000 ⋅ d

;

( mm min)

(4)

where L is the distance between supports and d is the distance between the extreme zone in
compression and the extreme zone in tension in bending at room temperature, both expressed in
millimeters. Accordingly, Table 2 shows the fire resistance rating (FRR) of each slab tested within this
experimental program. Table 2 also shows the maximum deflection reached for each slab and the
maximum deflection rate, indicating the exceeded limits. Slab HC25-A4 appeared to be very damaged so
the decision was made to halt the test, thus preventing the slab from falling inside the furnace. In the case
of slab HC25-A2, which was tested first, the hydraulic jack reached its maximum displacement, so that
the test had to be stopped. This problem was solved and all subsequent tests were carried out without
further incidents. Even so, both HC25-A2 and HC25-A4 had also reached at least one of the limits when
their respective tests concluded (see Table 2).
FRR time measurements ranged from 84 to 105 minutes. This means that all four slabs failed within a
time-span of 21 minutes despite the different reinforcement arrangements. Results from Table 2 also
show that greater average axis distances led to greater FRRs, except in the case of unit HC25-A4 which
displayed the second shortest FRR despite having the greatest average axis distance.
3.3 Temperatures
The temperatures measured were expected to be similar for all the slabs as the concrete section was
the same and the influence of the reinforcement could be neglected [10]. Only the moisture content was
expected to produce differences in the temperatures measured, because the standard fire curve ISO 834
was almost perfectly followed thanks to the furnace temperature control system. Figure 6 compares the
time-temperature curves recorded by thermocouple number 3, located at mid-height, for each slab tested
with the purpose of evaluating the influence of moisture. For this reason the moisture content has been
indicated beside each curve. As expected, greater moisture content leads to an extended plateau at 100ºC.
In addition, the timespan of these plateaus corresponds to the experimentally measured moisture, that is
to say similar moisture contents lead to similar plateau timespans. As stated before, curves for all slabs
are almost identical and differences are due to the moisture content for each slab. However, the analysis
of test results shows that a measuring error might have been induced when thermocouples were drilled
from below. Figure 11 shows also thermocouple number 6 (at 39.5 mm from the exposed face) in Section
A of each slab, where two groups of curves can be identified. The first group corresponds to slabs drilled
from above (DfA), while those drilled from below (DfB) show a time-temperature curve almost parallel
but about 100ºC higher. Furthermore, moisture vaporization is apparent when drilling from above, but not
when drilling from below.
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Figure 6. Left: Influence of moisture content. Comparison of thermocouple number 3. Right: Temperatures at
39.5 mm from the exposed surface of each slab (Thermocouple number 6). DfA stands for Drilled from Above while
DfB stands for Drilled from Below.

These different measurements have been observed in spite of the fact that the holes drilled for placing
thermocouples were filled with thermal insulation. Thus, it appears that thermocouples placed by drilling
the bottom surface provide overrated measurement readings, which means that a different positioning
system for thermocouples should be designed for future research. Placing all thermocouples from above
might solve this problem but it would be necessary to get round the reinforcement in order to reach the
lower rows.

4 CONCLUSIONS
From the test observations and the discussion of results presented above, the following conclusions
can be drawn:
When fire bending tests were carried out four types of cracking occurred in HC slabs: thermal
cracking, flexural cracking, splitting cracks, and longitudinal cracking.
Three stages are identified in the time versus mid-span deflection curve when flexural failure
occurs. In the first stage deflection is driven by thermal cracking, while in the third stage the
slab suffers failure due to the loss of strength of the steel.
Wire reinforcement showed optimal behavior, because wires did not suffer splitting nor sliding.
However, a more extensive experimental program is needed to support this observation.
The reinforcement arrangement determines the shape of the time-deflection curve in the third
stage.
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Abstract. In 2011, a new formula for the shear and anchorage capacity of hollow core slabs under fire
was introduced in Annex G of product standard EN1168:A3 [2]. A thorough meta-analysis performed by
the authors to evaluate the new formula against 42 independent fire tests on hollow cores proofed that
the formula is safe. The evaluated 42 independent small-scale ISO-fire tests exhibited a distinct shear and
anchorage failure and were conducted between 1966 and 2010 on double-web hollow core elements,
single hollow core slab units and full hollow core floors systems. The paper concludes that this newly
introduced formula is 7% on the safe side when all 42 small-scale fire tests are considered. When only 14
fire tests on hollow core floor systems are considered it gives even a 24.0% higher safety.

1 INTRODUCTION
The fire resistance of a concrete structure exposed to fire is a very complex phenomenon. There is the
intensity and the extension of the fire, the location of the fire within the structure, and the size of the
building. Also the structural lay-out and components of the building are influencing the response to a fire.
And finally there are the dimensions of the concrete elements, the concrete composition, axis distance to
the reinforcement, moisture content of the hardened concrete, etc. Fortunately, concrete structures
possess not only a high fire resistance, but also a large resilience to fire because of its robustness and its
redistribution capacity to the acting loading. This is also valid for precast concrete hollow core floors.
In precast concrete floor construction the hollow core slab has been a very successful product for
residential and non-residential building structures, both in concrete and steel frames. This success is
largely due to the highly efficient design and production methods, flexibility in use, surface finishing and
structural efficiency. Yearly about 20 to 25 million square metres hollow core floors are erected in
Europe. The estimated total stock of installed hollowcore floors nowadays in Europe amounts to 1000
million square meters. Figure 1 shows an example of quick erection of a precast hollow core slab floor.
But due to its success and easy erection, the precast hollow core slab is also the most often studied
concrete element exposed to fire in small-scale laboratory tests. In this study 162 fire tests have been
identified that were executed between 1966 and 2010 in European laboratories. The main conclusion
from these fire tests is that a hollow core slab is capable to achieve the required fire resistance provided
that sufficient cover to the prestressing strands is respected, and provided that a good small-scale fire test
design is made corresponding to the real application of the hollow slabs cores in a floor structure.
Unfortunately, not always a correct small-scale fire test design was made with hollow core slabs. A
few cases of premature shear failure in standard fire tests were reported [5,7,8]. As a consequence, it led
to reluctant clients, although in practical applications shear hardly governs floor design [6]. The question
was raised if this constitutes a real structural problem for this type of floor, or whether the reason lies in a
lack of understanding of the behaviour of hollowcore floors during fire, resulting in poor design,
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particularly for small-scale laboratory test set-ups. The discussions affected the good image of the hollow
core slab among clients in some European countries.
Accordingly, in order to systematically study shear failure under fire, laboratory tests were conducted
between 1998 and 2005 in Belgium [4,11], The Netherlands [6] and Denmark [9]. These fire have been
reported on, however, publications lacked a good guideline to design for shear and anchorage. Only
recently, in 2011, the European Standardisation Institute CEN published rules in EN1168:A3 Annex G
[2], the product standard for hollow core slabs. Amendment A3 provides a formula to design for shear
and anchorage for single span hollow core slabs without shear reinforcement exposed to fire.

Figure 1. Erection of precast hollowcore slabs in a floor structure of a building.

2 FIRE RESISTANCE ACCORDING TO EN1168:A3 ANNEX G
The informative Annex G of product standard EN1168:A3 [2] gives rules for the resistance to fire of
hollow core slabs. The fire resistance (R) may be calculated according to EN 1992-1-2:2004 4.2 or 4.3
with additional rules for prestressed hollow core slabs regarding bending failure and shear and anchorage.
According to Annex G of EN1168, the fire resistance regarding shear and anchorage failure may be
determined by using simplified calculation methods (see EN 1992-1-2 clause 4.2 and Annex B and
Annex D), but taking into account the following rules:
•
First, it is assumed that below the level on which the total web width is equal to the core width
(level a50%), the temperature is equal to the temperature of a solid slab (see Figure 2).
•
Secondly, above that level a linear interpolation is taken between the temperature at that level
and the temperature at the top of the floor. The maximum allowed temperature for the insulation
criterion is 160°C (140°C + 20°C ambient temperature);
•
Thirdly, to determine the shear and anchorage resistance under fire, formula (1) is used, with
parameters Cθ.1 (formula 2), αk (formula 3), and Cθ.2 (formula 4) (see also Figure 3).
•
For a fire resistance class ≤R60 this verification is not needed.
As hollow core slabs exposed to fire are subjected to thermal vertical web cracking over the full span
including support region [4,6], the shear flexure formula 6.2.a. of Eurocode EN 1992-1-1 [1] was chosen
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as basic model rather than the shear tension formula, which is only applicable for non-cracked sections.
For fire this formula 6.2.a was adapted, and validated in [3] with 9 fire tests.

Figure 2. Area where solid slab temperatures may be assumed (grey area).

VRd ,c , fi = [Cθ .1 + α k ⋅ Cθ .2 ]⋅ bw ⋅ d
Cθ .1 = 0.15 ⋅ min(k p (θ p )σ cp , 20°C ;

α k = 1+

Cθ .2 = 3 0.58 ⋅
Cθ.1
kp(θ p)
σcp,20°C
Ac
FR,a,fi,p
Cθ.2
FR,a,fi
fyk
fc.fi.m
bw
d

FR , a , fi , p
Ac

(1)

)

200
≤ 2,0
d
FR ,a , fi
f yk ⋅ bw ⋅ d

⋅ f c. fi.m

Coefficient accounting for concrete stress under fire conditions
Strength reduction factor for the prestressing steel (EN 1992-1-2 clause 4.2.4.3.)
Average concrete stress due to prestressing at normal temperature
Concrete section area
Force capacity of prestressing steel anchored in considered cross section
Coefficient accounting for anchored longitudinal reinforcement:
Force capacity of prestress and reinforcement anchored in considered cross section
Characteristic yield strength of the reinforcement
Average strength of concrete at elevated temperature, fc,fi,m
Total web thickness of the hollow core slab
Effective depth at ambient temperature

Figure 3. Model for calculating shear and anchorage resistance (example without protruding strands)
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3 FIRE TESTS EXHIBITING SHEAR AND ANCHORAGE FAILURE
3.1 Fire tests description
From literature, 42 small-scale ISO fire tests conducted between 1966 and 2010 have been identified
that exhibited a shear and anchorage failure, see Table I. The independent fire tests have been conducted
over a period of 45 years in several European countries, namely Belgium (RUG), Finland (VTT),
Switzerland (EMPA), Denmark (DIFT), Netherlands (TNO), Poland (ITB), and Sweden (SPTRI). Table I
contains 30 fire tests on 255-275 mm height hollow core slabs, 8 fire tests on 185-220 mm height, and 4
tests on 400 mm height hollow core slabs. The tested geometries varied from 0,4-0,6 m wide double-web
hollow core elements (16 tests), to 1.2 m wide single hollowcore slab units (12 tests), to full floor
systems (14 tests) with hollow cores assembled together to floor widths of mostly 2,4 m (Figure 4). Only
in some fire tests connection reinforcement was used.

double-web hollow core element
single hollow core slab unit
hollow core floor system (example)

Figure 4. Geometries of hollow core elements used in fire tests – double-web element, slab unit, and floor system

Figure 5 overviews the fire tests on shear as tabulated in Table 1 by depicting the fire resistance time
versus shear load applied in the fire test. It emerges that 15 fire tests (mostly single units) failed in shear
before 40 minutes, and 10 fire test failed only after 90 minutes.
120
112

double-web element
single slab unit

100

floor system

118
108

shear load in fire test [ kN/m]
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Figure 5. All 42 fire test maximum shear loads depicted as a function of the fire resistance times
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In all these 42 fire tests shear and anchorage failure played a dominant role. Of the 42 tests, in 20 fire
tests (RUG, VTT, EMPA, DIFT, ITB) the slab(s) failed unexpectedly and prematurely [5,7,8]. 21 fire
tests (TNO, SPTRI) were designed to fail during the fire test [6,9,11] in order to study systematically
shear under laboratory conditions; but two fire tests did not fail. In these 2 fire tests [6], and another fire
test [(RUG 9158) 4], the slabs were loaded up to shear failure after fire exposure. To summarise, a total
of 39 fire tests had a shear and anchorage failure during the fire test, while in 3 fire tests (H102, H106,
H125) during the fire failure did not occur, so that the slabs were loaded afterwards to shear failure.
3.2 Observations on independent fire tests with more or less identical hollow core cross section
In 16 tests of the reported 42 tests a more or less identical cross section was used. The cross section
as depicted in Figure 6 is a hollow core slab with depth between 260-275 mm and contains 5 cores. The
total web width varied between 233 mm and 370 mm, and the amount of prestress from 312 mm2 to 930
mm2. The graph gives an outcome of analysis of fire resistance time versus shear load as a function of
the amount of prestress and web width in the slab cross section. Particularly 11 tests are carried out using
558 mm2 (6 strands 12.5). These fire tests are from the researches RUG (H7, H8, H9, H102), VTT (H39,
H45, H48, H58), TNO (H114. H115, H116, H117), ITB (H130, H131), and SPTRI (H142).
There are clearly some (interacting) tendencies when these independent researches are compared. At
first, it can be observed from the graph that when a lower shear load is applied in the fire test, a longer
fire time is achieved as comparable data points go down with increasing time. Secondly, when a larger
web width is used or/and connection reinforcement is included in the test floor, the shear capacity is
higher. At the same, it can be seen from the data points in the graph that when floor systems are used, and
especially connection reinforcement with the support, the shear capacity is higher compared to individual
slabs. Finally, it emerges that applying more prestress improves the shear capacity.
100

total web width per slab of 1.2 m:
233 mm - H45, H48, H58, H73, H114, H130,
H131
240 mm - H39, H142
287 mm - H7, H8, H9
322 mm - H102
370 mm - H115, H116, H117

80

double-web element
single slab unit
floor system
connection
reinforcement

shear load in fire test [kN/m]

142
102
73
60
114
8

115
117 116

130
58

9 7

40

45

39

131

48

20
Annex G: hcs with web width 287 mm
and strand area 558 mm2/slab

0
0

30
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90

120

fire resistance time [minutes]

Figure 6. Shear load in fire tests with depth 260-275 with 5 cores in relation to fire resistance time

Table 1 Fire tests from database that exhibited shear and anchorage failure (all ISO fires)
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H#

Test ID

H7
RUG 943 element I [1971]
H8
RUG 943 element II [1971]
H9
RUG 943 element III [1971]
H39
VTT PAL 2480 [1982]
H45
VTT PAL 4248 [1984]
H48
VTT PAL 4450 [1984]
H58
VTT PAL 566d [1985]
H73
VTT PAL 90228 [1990]
H83
EMPA B2-2 [1995]
H85
EMPA B2-4 PL [1995]
H86
EMPA B3-1 [1995]
H96
DIFT X52650d [1998]
H97
DIFT X52650e [1998]
H98
DIFT X52650f [1998]
H102
RUG 9158 [1999]
H104
TNO R-A200 [1999]
H106
TNO R-XB200 [1999]
H107
TNO R-VX265 [1999]
H108
TNO R-K400 [1999]
H111
TNO R-K400-R [1999]
H112
TNO R-K400-F [1999]
H114
TNO U-VX265 [1999]
H115 TNO U-HVP260A-1 [2000]
H116 TNO U-HVP260A-2 [2000]
H117 TNO U-HVP260A-3 [2000]
H118
TNO U-K400 [2000]
H119 TNO R-HVP260A23 [1999]
H120 TNO R-HVP260A20 [2001]
H121 TNO R-HVP260A17 [2001]
H122 TNO R-HVP260A14 [2001]
H123 TNO R-HVP260S23 [2001]
H124 TNO R-HVP260S17 [2001]
H125 TNO R-HVP260S11 [2001]
H126 TNO R-HVP260A23F [2001]
H127 TNO R-HVP260A20F [2001
H128 TNO R-HVP260A17F [2001
H130
ITB LP 534.2 [2001]
H131
ITB LP 534.3 [2002]
H132
ITB test 1 (F.18.1)
H133
ITB test 4 (F.19.1)
H138 DIFT DCPA [2004] (F.22)
H142 SPTRI P502076 SP3 [2005]

Slab
Depth
[mm]

Slab
Width
[mm]

265
1200
265
1200
265
1200
275
1200
265
2400
265
1200
265
1200
265
1200
200
1200
200
1200
200
1200
185
1200
220
1200
270
1200
265
1200
200
314
200
316
275
444
400
561
400
582
400
570
265
1200
260
1200
260
1200
260
1200
400
1200
255
445
260
440
260
448
260
446
260
444
260
444
260
444
260
444
260
444
260
444
265
1200
265
1200
200
1200
270
1200
265
1200
265
1200
255-275 = 30x
185-220 = 8x
400 = 4x

714

Topping
Strands
[mm] per slab width
[-]
0
6ø12.5
0
6ø12.5
0
6ø12.5
0
6ø12.5
0
8ø12.5
0
6ø9.3
0
6ø12.5
0
6ø12.5/4ø9.3
0
12ø9.3
0
12ø9.3
0
12ø9.3
0
8ø9.3
0
8ø9.3
0 4ø15.2/4ø12.5
30
10ø9.3
0
2ø9.3
0
2ø9.3
0
2ø12.5
0 4ø12.5 - 4ø9.3
0 4ø12.5 - 4ø9.3
0 4ø12.5 - 4ø9.3
0
6ø12.5
0
6ø12.5
0
6ø12.5
0
6ø12.5
0
8ø12.5/8ø9.3
0
2ø12.5
0
2ø12.5
0
2ø12.5
0
2ø12.5
0
2ø12.5
0
2ø12.5
0
2ø12.5
0
2ø12.5
0
2ø12.5
0
2ø12.5
50
10ø12.5
50
6ø12.5
0
6Ø9.7
50
7Ø12.5
0
10ø12.5
0
10ø12.5

Objective to
Webs fail in test/
Unit
Premature
System
failure
Unit
No / Yes
Unit
No / Yes
Unit
No / Yes
Unit
No / Yes
System No / Yes
System No / Yes
System No / Yes
System No / Yes
System No / Yes
System No / Yes
System No / Yes
Unit
No / Yes
Unit
No / Yes
Unit
No / Yes
System
No / No
2-webs Yes / Yes
2-webs
Yes / No
2-webs Yes / Yes
2-webs Yes / Yes
2-webs Yes / Yes
2-webs Yes / Yes
Unit
Yes / Yes
Unit
Yes / Yes
Unit
Yes / Yes
Unit
Yes / Yes
Unit
Yes / Yes
2-webs Yes / Yes
2-webs Yes / Yes
2-webs Yes / Yes
2-webs Yes / Yes
2-webs Yes / Yes
2-webs Yes / Yes
2-webs
Yes / No
2-webs Yes / Yes
2-webs Yes / Yes
2-webs Yes / Yes
System No / Yes
System No / Yes
System No / Yes
System No / Yes
System No / Yes
System Yes / Yes
2-webs = 16x
Unit = 12x
System = 14x
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Table 2 Validation of fire test with EN1168 Annex G with concrete strength at 28 days

Fire test result

TEST ID
H7
H8
H9
H39
H45
H48
H58
H73
H83
H85
H86
H96
H97
H98
H102
H104
H106
H107
H108
H111
H112
H114
H115
H116
H117
H118
H119
H120
H121
H122
H123
H124
H125
H126
H127
H128
H130
H131
H132
H133
H138
H142

RUG 943 element I [1971]
RUG 943 element II [1971]
RUG 943 element III [1971]
VTT PAL 2480 [1982]
VTT PAL 4248 [1984]
VTT PAL 4450 [1984]
VTT PAL 566d [1985]
VTT PAL 90228 [1990]
EMPA B2-2 [1995]
EMPA B2-4 PL [1995]
EMPA B3-1 [1995]
DIFT X52650d [1998]
DIFT X52650e [1998]
DIFT X52650f [1998]
RUG 9158 [1999]
TNO R-A200 [1999]
TNO R-XB200 [1999]
TNO R-VX265 [1999]
TNO R-K400 [1999]
TNO R-K400-R [1999]
TNO R-K400-F [1999]
TNO U-VX265 [1999]
TNO U-HVP260A-1 [2000]
TNO U-HVP260A-2 [2000]
TNO U-HVP260A-3 [2000]
TNO U-K400 [2000]
TNO R-HVP260A23 [1999]
TNO R-HVP260A20 [2001]
TNO R-HVP260A17 [2001]
TNO R-HVP260A14 [2001]
TNO R-HVP260S23 [2001]
TNO R-HVP260S17 [2001]
TNO R-HVP260S11 [2001]
TNO R-HVP260A23F [2001]
TNO R-HVP260A20F [2001]
TNO R-HVP260A17F [2001]
ITB LP 534.2 [2001]
ITB LP 534.3 [2002]
ITB test 1 (F.18.1)
ITB test 4 (F.19.1)
DIFT DCPA [2004] (F.22)
SPTRI P502076 SP3 [2005]

EN1168:A3
Fire test /
Annex G
EN1168-G
Shear load
Time to Shear capacity
[%]
[kN/m]
failure [min]
[kN/m]
44.7
36
45,2
98,9%
44.7
29
45,3
98,7%
44.7
33
40,7
109,8%
36.0
63
34,0
105,9%
40.4
49
25,4
159,1%
20.1
130
23,0
87,4%
46.1
77
26,4
174,6%
64.8
27
47,1
137,6%
35.1
49
32,9
106,7%
35.8
75
29,5
121,4%
28.6
97
15,1
189,4%
36.8
21
38,3
96,1%
37.7
26
42,2
89,3%
57.7
21
56,2
102,7%
(27.2) 69.5 (120) 145
56,9
122,1%
31.2
96
29,4
106,1%
(32.9) 63.6 (120) 125
34,2
186,0%
48.6
35
37,2
130,6%
89.5
60
90,9
98,5%
86.3
30
91,0
94,8%
112.3
24
91,3
123,0%
50.7
33
42,8
118,5%
49.5
40
56,3
87,9%
49.5
42
55,5
89,2%
49.5
39
55,9
88,6%
93.8
33
93,2
100,6%
51.0
55
54,4
93,8%
43.0
56
51,4
83,7%
35.5
114
44,5
79,8%
29.0
123
42,9
67,6%
50.9
48
50.7
100,4%
37.2
45
51.4
72,4%
(24.5) 32.2 (120) 123
35.9
89,7%
48.9
49
54.2
90,2%
42.6
50
54.1
78,7%
35.8
99
46.7
76,7%
54.0
47
58,0
93,1%
34.4
140
35,9
95,8%
27.5
35
26,7
103,0%
64.2
65
61,9
103,7%
58.3
25
58,1
100,3%
73.3
46
51,7
141,8%
Avg = 107.0%
CoV = 26.5%
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4 VALIDATION ON EN1168:A3 ANNEX G WITH 42 FIRE TESTS
Despite the fact that it is well known that in fire tests redistribution between slabs and even between
webs within the slabs is important to increase the fire resistance, the fire tests on double-web hollowcore
elements are not neglected in this meta-analysis. Main reason is that this study is by definition a metaanalysis taking into account all different independent research studies. Accordingly, the double-web
results make this meta-analysis richer and the outcome more reliable. It is however stated by the authors
that there is no practical use for individual double-web hollow core elements in construction practices.
4.1 Recalculation of fire resistance regarding shear and anchorage capacity all 42 fire tests
Table 2 presents the results of fire tests that have been recalculated using the concrete strength at 28
days. When in the meta-analysis the shear and anchorage capacity was evaluated, it was done such that at
the time the fire test collapsed the shear capacity was calculated. So, when in fire test H39 (VTT 2480
[1982]) the fire test ended at 63 minutes, the shear capacity at 63 minutes of fire loading was calculated
(34.0 kN/m) and evaluated against the shear load present at support (36.0 kN/m) leading to a quotient of
105.9%.
It is concluded from the meta-analysis that the EN1168:A3 Annex G calculated capacities are on
average 7.0% higher (107.0%) than the average capacities directly obtained from fire tests. The
coefficient of variance (CoV) is 26.5%. Hence, it can be concluded that the EN1168:A3 Annex G
formula is safe.
4.2 Recalculation of fire tests – distinction in element geometry used in fire test
In the practical application of a hollow core slab, the hollow core slab is always applied in a floor
system; where the joints are cast to ascertain cooperation and redistribution between the slabs. From fire
tests it is evident that a system performs better than a single unit or double web element. Therefore, the
fire tests shown in Table 1 and Table 2 were evaluated against the type of element used in the test and
presented in Figure 7 by using different markers. This Figure shows on the horizontal axis the shear load
in kN/m at the support in the small-scale fire test that led to shear failure. On the vertical axis the
calculated capacity of EN1168 Annex G is shown. The grey line at 45 degrees indicates where Vfiretest
equals VAnnexG. The area above this grey line represents unsafe results as the experimentally obtained
capacity is lower than the calculated capacity. On the contrary, the area under this line contains safe
results. In addition to the grey line, two dashed lines are drawn that indicate a coefficient of variance
(CoV) of 15%. This 15% is about twice the variance one would find in a normal shear tests under
ambient conditions.
The following can be concluded from the graphs with respect to element geometry and height, when
in accidental design the 28-day strength is used:
•
16 out of 42 fire tests were conducted on simply supported double-web elements. On average,
the fire test results are 98.2% of the calculated shear capacity. The formula is 1.8% on the
unsafe side for double-ribbed elements. The CoV is higher, namely 29.5% and results are more
on the unsafe side than the safe side. The scatter can be explained by the fact that no
redistribution takes place outside the two webs, and in these double-web elements variation of
geometry and heat transfer in furnace have a bigger influence than on full slabs.
•
12 out of 42 fire tests were conducted on simply supported full slab unit. On average, the fire
test results are 98.8% of the calculated shear capacity. The formula is 1.2% on the unsafe side
for single slabs. The CoV is only 9.6%, which is actually in the same order of magnitude of
shear tests loaded under ambient conditions under Annex J.
•
14 out of 42 fire tests conducted on floor system with slab units tied together. On average, the
fire test results are 124.0% of the calculated shear capacity. The formula is 24.0% on the safe
side for hollow core elements applied in floor systems. The CoV is 25.9%, and there are no
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•

datapoints outside the 15% CoV in the unsafe zone. The high variance comes from the fact that
some tests are far more on the safe side, which is actually good. It is clear that the formula does
not account for all positive effects of a floor system; this can be seen as additional safety.
The 4 tests on 400 mm hollow core slab height and 8 tests on 185-220 mm hollow core slab
height show the same dispersion around the theoretical line as the 30 255-275 mm height fire
tests. Hence, the EN1168:A3 Annex G is valid for heights up to 400 mm as covered by
EN1168.
120
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calculated shear capacity with fcm,28

CoV 15%
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Figure 7. Relation shear capacity from fire test versus shear capacity calculated with EN1168 Annex G

5 CONCLUSIONS
•

•

•

•
•

The shear capacity obtained from all 42 small-scale ISO fire tests on double-web hollow core
elements, single hollow core slab units and hollow core floor systems, and using the 28-day
strength of concrete, is on average 7.0% (107.0%) higher than the calculated shear and anchorage
capacity calculated with Annex G of EN1168:A3.
The validated fire tests confirm that the shear capacity increases when a larger web width is used
or/and connection reinforcement is included in the test floor. Also, when the amount of
prestressing strands in a hollow core is increased, the shear capacity improves. When a lower
shear load is applied in the fire test, a longer fire time is achieved.
In practical applications, the hollow core slab is always applied in a floor system. In a system the
joints are cast to ascertain cooperation and redistribution between the slabs. The shear capacity
obtained from 14 ISO fire tests on hollow core floor systems is on average 24.0% (124.0%)
higher than the calculated shear-anchorage capacity with formula of EN1168:A3 Annex G.
EN1168:A3 Annex G does not account for all the positive effects of the shear capacity of a floor
system. These additional positive effects do give significant additional safety on the shear
capacity and confirms that in practical applications shear hardly governs floor design [6].
EN1168:A3 Annex G is valid for all hollow core slab heights covered by EN1168.
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Overall, it is concluded that for accidental design situations - on the basis of a meta-analyses on 42
small-scale ISO fire tests conducted between 1966 and 2010 on double-web hollow core elements, full
hollow core slab units, and hollow core floor systems - the shear and anchorage resistance of precast
hollow core floors under fire calculated according to EN1168:A3 Annex G is significant safe. Hence, the
formula given in the hollow core product standard can be used for daily construction design practices.
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Abstract. In present study, a full-scale testing of reinforced concrete (RC) frame sub-assemblage has
been investigated under fire subsequent to simulated seismic loading. The RC frame sub-assemblage was
designed for 60 minutes fire resistance per relevant Indian code. First part of the sequential loading
consisted of a quasi-static cyclic lateral loading on the test frame so as to provide a reasonable
simulation of the damage expected to occur under real seismic loading. The quasi-static lateral loading
history of the frame sub-assemblage corresponds to life safety level of structural performance. In the
second part of the test, a compartment fire was ignited to the pre-damaged test frame for one hour
duration simulating fire following earthquake (FFE) scenario. The test frame was instrumented
exhaustively with sufficient numbers of different types of sensors. The first cracking was observed at the
end joints of the roof beams after the frame experienced a 30 mm cyclic lateral displacement. After the
mechanical load test, the RC frame was exposed to one hour compartment fire. One hour heating and
eleven hour cooling was tracked and temperatures were recorded. A knocking sound was heard from the
fire compartment after the fire ignition which could be attributed to the spalling of concrete from the roof
slab. Severe thermal micro-cracks, massive spalling with exposed reinforcement in roof slab and
excessive degradation of the concrete at a number of locations of the frame sub-assemblage were
observed during visual inspection after the fire test. The test results developed understanding of the
behaviour of RC frame sub-assemblage in FFE.

1 INTRODUCTION
A fire by itself posses a high risk scenario on buildings and structures, but it may be further
exacerbated by another hazardous event(s) such as an earthquake or explosions. These are learnt from the
past fire following earthquakes(FFE) accidents, like1906 San Francisco, 1923 Tokyo, 1989 Loma Prieta,
1994 Northridge, 1995 Kobe earthquakes or tragic event like collapse of World Trade Centre on
September 11, 2001. The impact of many more fire following earthquakes on the buildings and urban
environments were analyzed in detail [1, 2]. The consequences of losses in terms of financial losses as
well as human fatalities imposed by fires that follow an earthquake are much greater than that caused by
the earthquake itself [3]. Generally, the conventional design practices adopted by structural engineers are
sensitive to the effect of earthquake and fire loads acting on a structure separately. Relatively little or no
consideration is given to the possibility of both of these loads acting sequentially and their serious

719

Umesh Kumar Sharma, Virendra Kumar, Bhupinder Singh, Pradeep Bhargava, Yogendra Singh, Praveen Kamath,
Asif Usmani, Jose Torero, Martin Gillie, Pankaj Pankaj

consequences thereof. Hence, a comprehensive research effort is required to explore adequately the
challenges posed by FFE events, some of which are discussed in literature [4, 5]. Very few investigations
on the performance of buildings under a combination of these events are available for general practices in
design of structures. Also, the current design guidelines never practice to consider two extreme events
occurring consecutively on a structure. The development of simplified design tools that predict the fire
performance of structures is of utmost importance to practicing structural engineers. Thus, it is important
to explore such feasibility in the design of a building constructed in especially in seismic areas. The
stability of buildings under FFE events is extremely necessary to avert a major catastrophe. Here, besides
satisfying the structural design requirements for gravity loads including seismic and fire loads, buildings
should be designed to withstand the FFE events for certain minimum duration of time, which is critical
for the safe evacuation of the buildings. In present testing, a roof displacement corresponding to the life
safety level of structural performance was initially aimed through simulated cyclic quasi-static lateral
loading to the test frame. The mechanical loading to the RC frame was followed by a compartment fire of
one hour duration to simulate the fire following earthquake. The test results have concluded with several
important findings that may be very useful for further research and design of the structures.

2 EXPERIMENTAL PROGRAMME
2.1 RC Frame Construction
A two phase full-scale test of RC frame sub-assemblage was conducted to get some beneficial
outcomes over the standard small-scale fire tests. The behaviour of the entire frame may help to resolve
several issues concerned with the fire following earthquake conditions. The present test frame subassemblage of full-scale was constructed at I. I. T. Roorkee. Basically, it has plan and elevation of
symmetrical 4-storeyed RC framed building from which, a sub-assemblage of a single frame was
considered for simplicity as shown in Figure 1. The test frame sub-assemblage had four columns (300
mm x 300 mm), four roof beams (230 mm x 230 mm), four plinth beams (230 mm x 230 mm) and a roof
slab (120 mm thick) with an all around projection 500 mm of beams and roof slab to get proper joint
behaviour. All the elements of the frame sub-assemblage were cast monolithically with the column
fixidity at the base into a raft slab [6]. At the time of the lateral load tests, the average cube compressive
strength of concrete in the test frame was 33.6 MPa. The ductile design detailing of the frame subassemblage was made per the recommendations of IS 13920:1993 [7]. As the test frame is a part of RC
building of G + 3 floors, an equivalent gravity load of the upper floors were computed first. Now, these
gravity loads were distributed on the top of the four columns of the sub-assemblage with the help of an
additional orthogonal arrangement of rolled steel I-sections, which served as a loading platform. It was
kept in mind that as per recommendations of the Indian seismic design code, IS 1893 (Part-1): 2002, only
25 % of the assumed imposed uniformly distributed floor load of 2 kN/m2 is to be considered for seismic
weight calculations [8].
2.2 Instrumentation
A comprehensive instrumentation was planned for the test frame to record the data for the two-phased
test: Simulated equivalent lateral cyclic loading followed by a fire test. The strain gauges and
thermocouples were installed at the pre-decided critical locations of the frame sub-assemblage before
pouring the concrete. High temperature strain gauges as well as ambient temperature strain gauges were
mounted on the steel reinforcement with appropriate high performance adhesive at 154 different locations
on longitudinal rebars of the beams, columns and roof slab of the frame sub-assemblage. Moreover, 301
K-type thermocouples were embedded inside the concrete at different sections of the beams, columns and
roof slab of the test frame to record the temperature profile in the concrete during the fire test. Three
sections in each member i.e. near end support sections and at midspan / mid-height section were chosen
for embedding the thermocouples.
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Figure 1. Building configuration and the frame sub-assemblage.

Each section consisted of nine thermocouples. Five thermocouples were embedded along the depth in
the roof slab at five different locations. Additionally, sufficient numbers of mineral insulated (MI) steel
type thermocouples were also placed inside the fire compartment for capturing the gas temperature profile
during fire test.
On the other hand, a secondary steel frame in the periphery of the test frame was erected to support
the Linear Variable Displacement Transducers (LVDT). This independent steel frame helps to take the
orthogonal horizontal displacement of the test frame as well as the vertical displacement of the roof
beams and roof slab at the designated locations so that it would be free of any localized frame deflections.
The imposed cyclic lateral loads on the test frame were measured using pressure sensors mounted on the
hydraulic rams and the corresponding displacements at the roof level were recorded using LVDTs. All the
instruments and sensors were ascertained for satisfactory functioning before the frame test.
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2.3 Mechanical loading
A simulated cyclic lateral load was applied on the test frame in a quasi-static manner using loadcontrolled mode facilitated by a pair of double- acting hydraulic rams acting in tandem with each other
against a reaction wall. The desired nominal loading history of the frame sub-assemblage corresponding
to life safety structural performance level of FEMA 356:2000 is presented in Figure 2 [9]. The maximum
targeted roof level lateral displacement of the test frame was 76 mm which corresponds to a roof drift
ratio of 2 %. To ensure a quasi-static loading, it was envisaged that a typical loading cycle of Figure 2
would be completed over a time interval of about 300 seconds.

Figure 2. Proposed loading history of the test frame.

2.4 Fire test
Before exposing the pre-damaged frame to fire, mock fire tests were conducted in a brick masonry
fire compartment of size 3 m x 3 m x 3 m with a window of 1 metre height by 3 m length. A tray burner
with a kerosene oil-pool of size 1 m x 1 m and a depth of 0.05 m was placed at the center of the fire
compartment. The maximum temperatures in the range of about 1327 °C were recorded after 21st
minutes. The peak burning rate for the chosen opening configuration was approximately 0.117 kg/m2/s
for maintaining a post flashover temperature of above 1000°C within 5 minutes after fire. In the fire test
of the pre-damaged frame sub-assemblage, on similar pattern, a burner of 1m x 1m plan dimensions with
a depth of 0.05 m was placed centrally inside the fire compartment. Four fire proof panels were fabricated
separately and assembled together around the RC test frame sub-assemblage as shown in Figure 3(a). The
secondary frame of four detachable panels made of iron angle section and mild steel sheet was erected.
These detachable panels were initially covered with a sheet of ceramic wool (0.0254 m thick) and then
blocks of ceramic wool of size 0.3 m x 0.3 m x 0.20 m (thick) were attached to the panels. After the
cyclic loading, the pre-damaged test frame was exposed to compartment fire as schematically shown in
Figure 3(b). The desired time-temperature behaviour as achieved in mock fire tests was obtained precisely
and a full blown fire with flashover was attained within 5-7 minutes of ignition.
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Figure 3 a). Pre-loaded frame before fire b).Fire test.

3 TEST RESULTS AND DISCUSSIONS
The application of mechanical loading history was achieved as close as possible to the desired history
shown in Figure 2. The targeted lateral displacement in the first cycle of loading was 10 mm and this
displacement was incremented by 10 mm in successive loading cycles. The loading cycles of the test
frame were subjected to a displacement of 76 mm in order to induce mechanical pre-damage
corresponding to Life safety level of structural performance per FEMA 356 [9]. As expected, the first
crack was observed at the end sections (near joints) of the roof beams oriented along N-S direction at a
lateral displacement of 35 mm (roof drift ratio of 0.92 %) corresponding to a base shear of 185 kN.
Cracks were more pronounced at different location in roof beams, columns and plinth beams in
successive lateral loading cycles. Some spalling in roof beams were also visualized at a roof drift ratio 2
% with widening of the cracks in the columns. The test was terminated at a roof displacement of 80 mm
(roof drift ratio of 2.11 %) corresponding to a base shear of 267 kN. Figure 4 shows the hysteretic curve
of the test frame which depicts a maximum displacement of 95 mm in the “push” cycle and 85 mm in the
“pull” cycle, recorded corresponding to base shears of 316 and 267 kN, respectively. Stiffness
degradation and pinching of the hysteresis loops between successive cycles of loading is seen in Figure 4
though the hysteresis loops continued to remain stable without any significant degradation of strength.
The test frame did not suffer any significant structural damage.
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Figure 4. Hysteretic curve of the test frame.

Figure 5(a) shows a typical gas temperature history recorded inside the fire compartment. However, a
gas temperature of above 1000 °C was attained within 5 minutes after ignition of fire indicating the
attainment to flashover. Figure 5(b) depicts the nomenclature used for identifying the locations in the RC
frame. The sound of concrete spalling off from the roof slab was heard after 5 minutes of ignition, which
continued for another 15 minutes. The spalling sound corresponded to a compartment temperature
between 300 to 400 °C. The structure showed no signs of collapse during and after the fire test.
Unfortunately, the data acquisition of vertical displacements of slab became unsuccessful due to
instrument malfunctioning when exposed to a high temperature environment. A maximum vertical
residual displacement of 46 mm was recorded in the roof slab.

Figure 5 (a). Time-temperature plots for the compartment fire.

(b). Sub-assemblage nomenclature.

Significant amount of cracking and spalling in columns and beams can be visualized from the picture
shown in Figure 6(a). Many more thermal micro-cracks were formed on the exposed surface of the
columns in addition to the longitudinal cracks. The soffit of the beam spalled with partial exposure of the
longitudinal and transverse reinforcements. Figure 6 (a) shows the beams and columns after the fire test
and depicts the signature of the structural stability exhibited by the RC frame sub-assemblage after the
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fire test. Extensive damage was registered in the roof slab in terms of spalling of concrete and resultant
exposure of reinforcement. This was mainly due to the movement of fire plume towards the ceiling
causing a rapid flow of hot gases in the radial direction termed as a ceiling jet. The extent of spalling,
which exposed the bottom reinforcement in some portions of the roof slab is explained in Figure 6 (a).
The pictures shown in Figure 6 (b) also add on to show the extent of the spalling. Despite this, the test
frame withstood one hour fire exposure without losing its structural integrity in terms of complete
collapse.

Figure 6 (a). Frame sub-assemblage after the fire test (b). Extent of spalling (debris) on compartment floor.

3.1 Temperature histories
The typical temperature profile and gradients of the sub-assemblage of the test were recorded for
heating and cooling regime and then redrawn to study the thermal behaviour on the structural members.
The following were the depths of temperature recording gauge points from the exposed surface of the
sub-assemblage where thermocouples were embedded into the concrete.
Roof beams: 5 mm, 25 mm, 115 mm, 205 mm and 225 mm.
Columns: 5 mm, 40 mm, 150 mm, 260 mm and 295 mm.
Roof slab: 5 mm, 30 mm, 60 mm, 90 mm and 115 mm.
Figure 7(a) shows typical temperature distribution for column C3 at the mid-height section. The
maximum temperatures recorded at the mid-height of column C3 along N-S direction were 924 °C, 587
°C, 221 °C, 25 °C and 103 °C after 52, 56, 128, 718 and 286 minutes of fire initiation respectively.
Overall, a maximum temperature of 924 °C was recorded on the surface of column at the mid-height
section. The surfaces of the columns were exposed to temperatures above 500°C for about 58 minutes
during the fire. Similar types of observations were made for other columns. It has been observed that the
temperature gradients at the mid-height were critical after 30 minutes of fire ignition as indicated in
Figure 7(b). The maximum recorded temperature was about 924 °C at the surface whereas the
temperature at the mid-span section never exceeded 221 °C. Therefore, the variations in temperature
across the depth at mid-height sections were quite high. Degradation of concrete was prominently
observed at locations that experienced either high gradients or high temperature levels (above 600°C).
However, despite a few localized failures caused by an accelerated heat transfer due to pre-damage, the
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structural stability of the columns remained unaffected after the fire test. It was observed that the
maximum temperature gradients were greater than 3.5 ºC/mm for the portion above mid-height section of
the column. Degradation of concrete in the columns also corroborated the results of the recorded
temperature gradients at the different locations.

Figure 7(a). Time-temperature curves for column C3. (b). Temperature gradients at mid- height section for column C3

Typical temperature distributions in roof beam B5 are shown in Figure 8(a). The peak temperatures
were 784 °C, 527 °C, 123 °C, 84 °C and 76 °C at the midspan section after 52, 54, 154, 284 and 282
minutes of fire ignition respectively. Overall, a temperature of 784 °C was observed as the maximum on
the surface at the midspan section of the roof beam. The temperature gradients at midspan section of roof
beam B5 attained significant values gradually as fire progressed as evident from Figure 8(b). The
maximum temperature recorded was about 784 °C at the surface whereas the temperatures at the midheight section were not more than 123 °C. Hence, the temperature variations across the depth of the beam
section at right end section were quite appreciable at a time lapse of 20 minutes after the fire ignition.
However, despite that all the roof beams remained intact and structurally stable. Every point of the roof
beam had a maximum temperature gradient of above 6.45 ºC/mm which caused severe deterioration of
the concrete in these beams. Apparently, the roof beam suffered a maximum degradation of the concrete
which was clearly evident during the visual inspection. Concrete degradation was also observed at several
points where the temperature crossed 600°C.

Figure 8(a). Time-temperature curves for roof beam B5. (b).Temperature gradients at mid-section of roof beam B5.
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Figure 9(a) shows typical temperature profiles of roof slab at the points located along North-side. The
peak temperatures obtained at North side away from the window opening were 1062 °C, 777 °C, 1305
°C, 1220 °C and 1275 °C at 56, 60, 50, 56 and 56 minutes of fires, respectively. An absolute maximum
temperature of 1038 °C was recorded on the soffit of the roof slab at the centre. Considerable thermal
gradients were observed at many locations in the roof slab. A maximum value of 13.55 ºC/mm was noted,
which explains the reason for severe spalling of the cover concrete in roof slab. It was noticed that the
temperature gradients along North side and near the central location were most critical for the roof slab as
shown in Figures 9(b). A massive concrete spalling all along the soffit of the roof slab was observed,
which is attributed to a high temperature gradient coupled with high pore pressure. The maximum
temperatures recorded at few locations in the slab were as high as 1305°C after 50 minutes of fire.
Despite the considerable spalling, roof slab remained structurally intact and continued to carry
superimposed loads.
It is a well known fact that the strength of the steel rebars decreases with increase in temperature and
yielding of the rebar occurs even at lower temperature rise under sustained load. Most of the strain gauges
in the sub-assemblage of the RC frame close to exposed surface of the fire compartment de-bonded at
high temperatures. Analysis and interpretation of strain data was a complex task. As expected, many
strain gauges malfunctioned at high temperatures and questioned the accuracy of obtained values.
However, the results of measured strain at few locations were very encouraging and traced the behaviour
of the frame sub-assemblage in fire.

Figure 9(a). Time-temperature curves for roof slab. (b). Temperature gradients roof slab.

4 SUMMARY AND CONCLUSIONS
The testing of full-scale RC frame sub-assemblage under quasi-static lateral loading applied as
simulated earthquake loading followed by compartment fire has been presented. As expected, the test
frame was able to withstand a pre-damage corresponding to life safety structural performance level
without collapse and with appearance of some cracks in roof beams and columns. The designed flashover
temperature of above 1000 °C was obtained within 5 minutes of fire ignition through the mock tests and
the same was implemented to the pre-damaged test frame successfully. Maximum gas temperature above
1100 °C was attained inside the fire compartment which is attributed to a good insulation provided by
thick ceramic wool. It was seen that the highest temperature attained in the concrete sub-assemblages of
the test frame was 1038 °C in the roof slab. In columns, a maximum temperature of 1021 °C was
observed on the surface at the mid-height section. The sound of concrete spalling off from the roof slab
was heard after 5 minutes of ignition, which corresponded to temperatures between 300 to 400 °C. A nonuniform temperature gradient leading to a zone of severe temperature is considered to be the main cause
of massive concrete spalling as observed in the roof slab. This was quantified to be detrimental for the
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structure causing a significant damage to the bottom reinforcement of the roof slab, eventually degrading
its strength and stiffness further questioning the feasibility of retrofit or re-occupancy. An abrupt change
was observed in the measured strain values which were proportional to increase in temperature. The
maximum temperature gradients calculated were greater than 3.5 °C/mm and corroborated the results
causing major degradation of the concrete sub-assemblage. A maximum temperature gradient value of
13.55 °C/mm was observed on the roof slab, which justifies severe spalling of the cover concrete. Thus,
the full-scale testing of the RC sub-assemblage justified the structural stability of the frame without
collapse despite it being subjected to the fire followed by a quasi-static lateral cyclic mechanical loading.
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Abstract. Evaluation of mechanical properties of undamaged and damaged steel rebars at elevated
temperature finds its applications in development of steel material models likely to be used in designing
reinforced concrete structural members subjected to earthquake triggered fire. In the present
experimental investigation, 84 rebar specimens (cylindrical) of length 700mm and diameters 8mm, 10mm,
16mm and 20mm were tested. Test specimens were prepared from the materials used in construction of
1:1 scaled reinforced concrete frame subjected to earthquake and fire. The specimens were initially
stressed to a certain known limit (yield stress + 50% of yield stress) to simulate damage caused by an
earthquake. After inducing the damage, they were exposed to a desired temperature level (Ambient,
250°C, 500°C and 750°C) in a circular furnace arrangement coupled with a 400 kN universal testing
machine. The temperature was sustained inside the furnace for about 30 minutes to ensure a steady state
heat transfer inside the specimen. The bars were then tested under uniaxial tensile loading conditions.
The elongation was recorded by using two LVDTs fixed between gauge lengths of 265mm at the midheight. Results obtained in the tests were then utilized to carry out regression analysis and propose
various relationships: Tensile Strength, Peak-Strain, Elongation and Elastic Modulus vs. Temperature,
Stress vs. Strain at elevated temperatures.

1 INTRODUCTION
Fire and earthquake are often considered extraneous. Both are considered as distinct loading
conditions when considered for design requirements. Fire following earthquake is a complex scenario,
involving many sequential and situational components. The biggest threats to people’s safety immediately
after a significant earthquake are fire and explosions. [1] When considered precisely, fire becomes a
major source for damages caused due to earthquake. Reckoning the properties of building materials used
in earthquake prone zones are utmost important while designing the structures. Fairly good literature [2-5]
is available on testing and mechanical properties of undamaged steel rebars at elevated temperatures
whereas the information available on damaged steel rebars is scanty. A quantitative comparison of results
reported by various authors is not feasible due to the differences in materials used and testing conditions.
Analysis of reinforced concrete structures in context of fire following earthquake requires properties of
damaged steel rebars at elevated temperatures. The damage induced by the earthquake is simulated in lab
conditions by applying a preload in tension on rebars before subjecting to elevated temperatures.
Behaviour of concrete and steel rebars at high temperature is important for predicting the response of
reinforced concrete structures at elevated temperatures [3]. The deterioration of the mechanical properties
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of yield strength and modulus of elasticity is considered as the primary element affecting the performance
of steel structures under fire [4].
In the present experimental investigation, a number of steel rebar specimens were tested to reckon its
tensile stress and strain. 8mm, 10mm, 16mm and 20mm diameter rebar specimens were considered for
investigation, which were analogous to the diameter of rebar specimens used in construction of a fullscale RC test frame constructed and tested for fire following earthquake. Data from testing of each
specimen were collected automatically using data acquisition systems. Effect of temperature on
mechanical behaviour of FE 500 TMT steel rebars. It is seen that the yield strength and ultimate strength
degrades when steel is exposed to elevated temperatures. However, an increase in yield strength is
registered in steel upto a temperature of 300 degrees before it degrades.

2 EXPERIMENTAL PROGRAMME
An experimental investigation was conducted on 8, 10, 16 and 20mm diameter rebars as mentioned
before. A specimen of length 700mm was chosen in order to ensure proper grip of jaws outside the
furnace. A total gauge length of 265mm was considered for the measurement of expansion. The rebar
specimens were exposed to three different temperature ranges: 20, 250, 500 and 750 °C. A heating rate of
5 °C / minute was employed to reach the target temperature. The target temperature was maintained
constant for duration of 30 minutes in order to achieve a steady state in rebars. The specimen was loaded
uniaxially in tension with a very low and constant loading rate (< 10 ton/min).
Three samples of each dia were tested at a particular temperature. Table 1 shows the experimental
plan.
Table 1. Testing plan for undamaged and damaged rebars at elevated temperatures

Dia (mm)
8
10
16
20

20°C
3+3
3+3
3+3
3+3

Temperature
500°C
3+3
3+3
3+3
3+3

250°C
3+3
3+3
3+3
3+3

750°C
3+3
3+3
3+3
3+3

Total
24
24
24
24

2.1 Test Setup
A unique testing arrangement facilitated application of mechanical and thermal loads simultaneously.
Figure 1 shows a schematic of the testing arrangement for steel rebars at elevated temperatures. A round
electrical furnace with a 50mm diameter and 260mm long heating zone encapsulated the test specimen.
An aluminium clamp arrangement was devised to capture the expansion between gauge lengths just
outside the furnace. Measures were taken to insulate the arrangement from getting affected by heat.
Figure 2 shows the tensile testing of steel at elevated temperature test in progress.
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.
Figure 1. Steel Rebar Specimen Testing Arrangement at Elevated Temperature

Figure 2. Rebar test at elevated temperature in progress
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2.2 Instrumentation
Two K-type thermocouples were positioned on top and bottom inside the furnace to monitor the
temperature throughout the test. Loads were continuously logged at a frequency of 1 second using
pressure sensors connected to the hydraulic supply unit of universal testing machine. Expansion was
measured using two LVDTs positioned on either side across the gauge length of rebars. These LVDTs
were capable of measuring an expansion of upto 100mm. Temperature, load and expansion data were
collected at a frequency of 1 second using automated data acquisition system connected to a laptop
computer.

3 RESULTS AND DISCUSSION
Results obtained from the tests exhibit a reduction in tensile strength, elastic modulus and strain at
peak stress at elevated temperatures as it is more pronounced from available literature. The test is
ultimately aimed at generating stress-strain profiles, effect of diameter, development of mechanical
strains and other relationships for undamaged and damaged steel rebars at elevated temperatures. A
detailed multiple linear regression analysis will be carried out on the obtained stress-strain data to propose
empirical and normalized stress-strain models for undamaged and damaged reinforced concrete at
elevated temperatures. Figure 3 shows typical time-temperature curves, to which the rebar specimens
were exposed.

Figure 3. Typical temperature-time curves

3.1 Stress-Strain Relationships
Figure 4 (a), (b), (c) and (d) show the stress-strain diagrams for 8, 10, 16 and 20mm dia undamaged
rebars subjected to 20, 250, 500 and 750 °C respectively. From the above plots, it can be clearly seen that
the peak stress in 8mm dia and 10mm dia rebars did not show much degradation upto a temperature of
250 degrees. However, in case of 16mm and 20mm dia rebars, the peak stress showed a significant
increase in peak stress at 250 °C as compared to 20 °C. Further, the peak stress in rebars of all dia
exhibited an enormous degradation in peak stress at elevated temperatures. The ultimate strain in rebars
of all dia increased with increase in temperature. This is attributed to the softening of rebars at high
temperatures.
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Figure 4 (a). Stress-strain curve for 8mm dia steel rebars

Figure 4 (b). Stress-strain curve for 10mm dia steel rebars

Figure 4 (c). Stress-strain curve for 16mm dia steel rebars
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Figure 4 (d). Stress-strain curve for 20mm dia steel rebars

Table 3 summarizes the results from the test. Peak stress, ultimate strain and strain at peak stress for
each dia rebar at a particular temperature has been given in Table 3. No change in material behaviour is
observed at about 250 °C. A slight increase in strength is registered at temperature range from 200 – 300 °
C. This phenomenon is attributed to the fact that no degradation in strength occurs until re-crystallization
temperature of 450 °C is reached. About 40-70% of the peak stress is retained at 500 °C. It can be clearly
seen that only about 9-15% peak stress is retained at 750 °C due to maximum reduction in dislocation
density by re-crystallization process coupled with grain growth [6].
Table 3. Test Results

Temp.

Peak
Stress

20 °C
250 °C
500 °C
750 °C

879.78
879.14
619.90
133.41

20 °C
250 °C
500 °C
750 °C

631.03
599.68
336.79
112.56

20 °C
250 °C
500 °C
750 °C

813.44
839.81
613.51
103.85

20 °C
250 °C
500 °C
750 °C

447.28
620.32
471.93
80.53

Ultimate
Strain
8mm Dia
0.0146
0.0147
0.0255
0.0685
10mm Dia
0.1416
0.0539
0.0554
0.1489
16mm Dia
0.0430
0.0287
0.0443
0.1967
20mm Dia
0.0575
0.0813
0.0606
0.1469
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Strain at
Peak Stress
0.0076
0.0058
0.0065
0.0220
0.1254
0.0507
0.0124
0.0219
0.0246
0.0167
0.0157
0.0582
0.0575
0.0561
0.0222
0.0211
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3.2 Failure Modes
Failure in steel rebars typically occurs in a cup and cone failure mode. At 20 °C, the rebar specimens
usually registered a failure just outside the furnace either near the top jaw or the bottom jaw. At 250 °C,
failure occurred usually at the junction of furnace opening, normally just outside the furnace. This fact
can be attributed to strengthening of the thermo-mechanically treated rebars at temperatures around 250
°C. Due to this, a stress concentration is developed at the portion of rebar just outside the furnace. At 500
°C, rebar becomes more ductile and a plastic softening is observed. Cross-sectional dimensions of the
rebar inside the furnace show a decrement and failure normally occurs at the middle third of the specimen
inside the furnace. However, the cup and cone mode of failure is still observed. Failure at 750 °C follows
a different trend. The rebar becomes very soft and continues elongating until it fails. Basically the bar
loses almost 80-90% of its strength and fails with a pointed tip at the centre inside the furnace. Figure 5
shows typical failure modes of rebars at 20, 250, 500 and 750 °C.

Figure 4 (d). Failure modes of steel rebars at elevated temperatures.

4 SCOPE FOR FURTHER RESEARCH
A series of tests on rebars at elevated temperatures aims at capturing the changes in mechanical
properties of steel rebars at elevated temperatures. Rebars of different dia in the first phase of the series
were tested without inducing any damage. Subsequently, a damage corresponding to design yield strength
per Indian Standards [7] (0.85 times the yield stress fy factored by 1.5) will be introduced in the rebars of
the same dia. The loading will be kept constant and the furnace will be heated until the target temperature
is reached. The loading will be then increased at a constant rate until the failure of the specimen. A
thorough comparison of the mechanical properties will be made using the results obtained from tests on
undamaged and damaged rebars. The data obtained will then be used to carry out regression analysis and
build material models of undamaged and damaged steel rebars at elevated temperatures. Also, an attempt
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will be made to study the effect of cooling on undamaged and damaged rebars subjected to elevated
temperatures.

5 SUMMARY AND CONCLUSIONS
As it has been predicted by previous studies in the literature [2-5], degradation in strength of TMT
steel rebars is conspicuously seen from the obtained results. In the current study, mechanical properties of
undamaged steel rebars at elevated temperatures have been studied. TMT rebars exhibited a brittle mode
of failure under elevated temperature upto 250 °C. At 500 °C, the mode of failure was in transition from
ductile to brittle. However, at 750 °C, the mode of failure was purely ductile. Loss of strength was in the
order of 0-30%, 30-40% and 80-90% for rebars exposed to 250 °C, 500 °C and 750°C respectively.
Stress-strain relationships were plotted for each dia at a particular temperature. A comprehensive testing
plan was worked out for reckoning the behavior of damaged steel rebars at elevated temperatures based
on the results obtained for undamaged steel rebars.
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Abstract This paper reports on an experimental study regarding the behavior of restrained high-strength
concrete in response to the type of extreme heating associated with fire. The study was intended to
support estimation of thermal stress from the strain in a restraining steel ring and vapor pressure in
restrained concrete under the conditions of a RABT 30 rapid heating curve. The size of the specimens
was ĳ300 × 100 mm, and the results showed that explosive spalling occurred between 4 and 10 minutes
in terms of heating time. It was also observed that the thermal stress was greater than the vapor pressure
value of 0.1 MPa at a point 10 mm from the heated surface at 5 minutes. The maximum spalling depth
was about 61 mm, and the depth at the center part was greater than that at the outer part. The specimens
were severely damaged. It was inferred that spalling behavior caused by thermal stress may become
predominant under restrained conditions. The residual strength of the concrete after the heating tests was
also assessed.

1 INTRODUCTION
Fire represents one of the most severe risks to buildings and concrete structures because it often
results in explosive concrete spalling related to two phenomena. One is the occurrence of restrained
thermal dilation resulting in the formation of biaxial compressive stress states parallel to the heated
surface, which creates tensile stress in the perpendicular direction [1]. The other is the build-up of
concrete pore pressure due to vaporization of physically/chemically bound water, resulting in tensile
loading on the microstructure of the heated concrete [2]. Polypropylene fibers are often added to highstrength concrete (HSC) as an effective measure to prevent explosive spalling, and a number of studies
have also analytically demonstrated that the role played by thermal stress in such spalling is more
significant than that played by vapor pressure [3 – 6]. However, few papers to date have outlined actual
experimental studies on the exact influence of thermal stress [7, 8].
This paper reports on an experimental study regarding the behavior of restrained concrete in response
to the type of extreme heating associated with fire. The study was intended to support the estimation of
thermal stress from the strain in a restraining steel ring and vapor pressure in restrained concrete under
the conditions of a RABT 30 rapid heating curve. The residual strength of the concrete after the heating
tests was also assessed.
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2 ESTIMATION OF THERMAL STRESS
Figure 1 shows the method used to estimate thermal stress. First, the specimens were prepared using
concrete with restrained steel rings. Heating tests were performed on the restrained specimens with the
target measurements of internal concrete temperature, steel ring temperature, steel ring strain, vapor
pressure inside the concrete, spalling time and spalling depth. When the internal concrete deformed due
to thermal expansion and vapor pressure caused by heating, it was restrained by the steel ring, and
compressive stress was induced. Although such test setups have previously enabled qualitative evaluation,
no simple procedure to routinely quantify the characteristics of materials under restrained expansion has
been established. In this study, an instrumented ring setup was used to quantify the behavior of concrete
under restrained expansion during heating. Thermal stress calculation was based on thin-walled cylinder
model theory [9] as shown in Eqs. (1) and (2). Vapor pressure was measured at 10 and 20 mm from the
heated surface.
ır = İs × t × Es / R

(1)

ır = ıth + ıvap

(2)

Where,
ır: restrained stress (MPa)
ıth: thermal stress of concrete (MPa)
t: steel ring thickness (mm)
Es: steel ring elastic modulus (MPa)
R: steel ring inside radius (mm)
ıvap: vapor pressure (MPa)

İt

t
R

Steel ring

ıth
ıvap

Thermal
expansion
Concrete

Concrete

Figure 1. Estimation of thermal stress.

3 OUTLINE OF THE HEATING TEST
3.1 Concrete
Table 1 shows the mix proportions of high-strength concrete (HSC). A water-cement ratio of 0.3 and
high-early-strength Portland cement (density: 3.13 g/cm3) were used in this study, and crushed stone with
a maximum grain size of 25 mm was used as coarse aggregate. The main component of the superplasticizer (SP) was polymeric acid. After being cast, the concrete specimens were left in the formwork
for one day, and were then wet cured at 20 ± 2°C for 28 days. Heating tests for all specimens were
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performed after this time. Table 2 shows the values obtained for compressive strength, tensile strength,
elastic modulus and water content ratio.
Table 1. Mixture proportion.

W/C

Water

Cement

Fine agg.

0.3

132

440

814

Coarse agg.1

Coarse agg.2

less than 15mm

less than 25 mm

Super
plasticizer

524

524

8.8

Table 2. Strength and Water content ratio.

Compressive

Elastic

Tensile

Water

strength
(MPa)

modulus
(GPa)

strength
(MPa)

content ratio
(%)

90

42

5.5

3.1

3.2 Specimen dimensions and heating tests
The configuration and dimensions of the specimens are shown in Figure 2. Two pairs of steel rings
were used (diameter: 300 mm; thickness: 8 mm; length: 50 mm; Ec (elastic modulus): 210 GPa; Fy (yield
strength): 295 MPa), two strain gauges and two thermocouples and two LVDTs (sensitivity: 1/1,000 mm)
were attached at 25 and 75 mm from the heated surface and outer surface of the steel rings, and three
LVDTs were attached at the center and side of the top surface. Stainless steel pipes (inner diameter: 2
mm; length: 200 mm) were placed in the concrete at distances of 10 and 20 mm from the heated surface
and parallel to it. Six type-K thermocouples were placed in the central zone of the specimens at 5, 10, 20,
30, 40 and 50 mm from the heated surface. Before testing was performed, a stainless steel pipe extending
from the specimen was connected to a miniature pressure transducer (pressure range: 0 – 10 MPa) located
outside the furnace. The entire pore pressure assembly (i.e., the stainless steel pipe and the transducer)
was filled with hydraulic jack oil, and the pressure transducer and thermocouples were connected to a
data acquisition system to enable recording of pressure and temperature values. The heating tests were
based on a RABT 30 heating curve (Figure 3). Strain gauges and thermocouples were attached at 25 mm
and 75 mm from the heated surface and the outer surface of the steel ring.
LVDT

1400
1200

Steel ring

Temperature (͠)

1000

Steel ring
Thermo-couple
50
50
P

Strain gauge
Concrete

Pressure
transducer
P

300

800
600
400
200
0
0

Unit䋺mm

Figure 2. Dimension of the specimens.

50
100
Heating time (min.)

Figure 3. Heating curve( Rabt 30).
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4 HEAT CONDUCTION ANALYSIS
Figure 4 shows a model of the heat conduction analysis, which was executed to allow comparison of
restrained stress as calculated from the temperature measurement results with that calculated from the
heat conduction analysis results. Table 3 shows the concrete and steel thermal characteristics applied in
the heat conduction analysis, which were those of Eurocode 4 [10].
Table 3. Thermal characteristics of Steel and Concrete.

Thermal characteristics of steel
Ȝ䋽54́3.33*10-2䊶T

Thermal conductivity

20҇T҇800͠

W/m䊶K㩷

800䋼T҇1200͠

Ȝ䋽27.3

Specific heat

20҇T҇600͠

c䋽425䋫0.773䊶T䋭1.69*10-3*T2
䋫2.22*10-6*T3

J/g䊶K

600䋼T҇735͠

c䋽666䋭䋨13,002/䋨T䋭738䋩䋩

㩷

735䋼T҇900͠

c䋽545䋭䋨17,820/䋨T䋭731䋩䋩

㩷

900䋼T҇1200͠

c䋽650
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a) UPV test
Figure 4. Model of the heat conduction analysis.

b) Compressive strength test

Figure 5. Estimation of residual strength.

5 ESTIMATION OF RESIDUAL STRENGTH AFTER THE HEATING TESTS
To allow estimation of residual strength after the heating tests, ultrasonic pulse velocity (UPV)
testing and compressive strength testing were carried out using a specimen with a diameter of 25 mm and
a length of 40 mm. Figure 5 shows the setups for the two tests. Six core specimens were taken from a
non-heated surface area in the ring specimen after heating. Control specimens (diameter: 50 mm; length:
100 mm) that non-heated were also used.
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6 RESULTS AND DISCUSSION
6.1 Heating tests
Figures 6 and 7 show the temperatures inside the specimen and the furnace, respectively. Explosive
spalling was seen between 4 and 10 minutes in terms of heating time. The internal temperatures measured
at points 5 and 10 mm from the heated surface were 350°C and 150°C, respectively, at 5 minutes, and
explosive spalling occurred up to 10 mm from the heated surface at this time. Figure 8 shows the steel
ring temperature, which reached 22°C at a point 25 mm (the gauge point) from the heated surface at 5
minutes. Figure 9 shows a time history of vapor pressure at points 10 and 20 mm from the heated surface
at 10 minutes. The vapor pressure started to increase at 100°C and reached 0.1 MPa at a point 10 mm
from the heated surface at 5 minutes, then reached 0.3 MPa at a point 20 mm from the heated surface at 7
minutes. When explosive spalling occurred, the vapor pressure had built up to 0.1 MPa and 0.3 MPa at
points 10 and 20 mm from the heated surface, respectively. Recent papers have reported that vapor
pressure observed during heating built up to 2 – 4 MPa [11, 12]. Although the vapor pressure values
measured in this study were small, it was found that vapor pressure build-up underwent a drastic change
before spalling occurred. We compared the development of vapor pressure with that of the saturated
vapor pressure (SV) during the course of the heating experiment. As shown in Figure 10, the measured
values followed the SV curve during the ascending branch, which seems to confirm that the vapor
pressure measured using our experimental setup is indeed the pore pressure. However, for some results,
the measured pressure values are smaller than those for SVP above 80°C and 120°C at 10 mm and 20 mm
from the heating surface, respectively. As this is theoretically impossible, it can be inferred that vapor
pressure is not responsible for this low pressure. Rather, it is likely to be caused by the partial pressure of
dry air enclosed in the mortar. The partial pressure of air in a pore is strongly dependent on its liquid
water saturation.
Figures 11 and 12 show horizontal and perpendicular displacement during heating. Horizontal
displacement and the temperature in the steel ring 5 minutes after heating were 0.06 mm and 10°C,
respectively, and the expansion-related displacement of the ring due to heating was about 0.035 mm. It
was determined that expansion of the concrete due to heating was restrained by the steel ring. The
perpendicular displacement results indicated that the specimen deformed due to bending during heating.
Figure 13 shows a time history of restrained stress at points 25 and 75 mm from the heated surface at
10 minutes. It can be seen that the value reached 6 MPa at 10 minutes at a point 25 mm from the heated
surface.

Figure 6. Temperatures of furnace.

Figure 7. Temperatures of inside concrete.
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Figure 8. Temperature of steel ring.

Figure 9. Vapour pressure.

Figure 10. Vapour pressure and SV.

Figure 11. Horizontal displacement.

Figure 12. Perpendicular displacement.

Figure 13. Restrained stress.

6.2 Estimation of thermal stress
Figure 13 shows the results of restrained stress calculation using the strain of the ring 25 mm from the
heated surface. After 5 minutes of heating, the value reached 3 MPa at this point. The thermal stress was
greater than the vapor pressure value of 0.1 MPa at a point 10 mm from the heated surface at 5 minutes.
Figure 14 shows the distribution of temperature from heat conductive analysis and the measurement
results at 5 minutes after the start of heating. A close correlation is seen in the temperature results. The
temperature of the heated surface was about 500°C.
Figure 15 shows the distribution of restrained stress at 5 minutes after the start of heating. The
restrained stress at a point 10 mm from the heated surface was calculated as 11 MPa at this time, and the
vapor pressure was about 0.1 MPa at a point 10 mm from the heated surface. It was thus confirmed that
restrained stress mainly consisted of thermal stress at 5 minutes. The restrained stress at the heated
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surface of the concrete was about 42 MPa, and the residual strength there was about 54 MPa at 5 minutes
as calculated using Eurocode 4.
The restrained stress at the surface therefore reached the compressive strength (residual strength), and
compressive failure occurred. This result indicates that spalling caused by thermal stress may become
predominant under restrained conditions.

Figure 14. Distribution of temperature at 5min.

Figure 15. Distribution of restrained stress at 5min.

6.3 Residual strength and UPV test results
Figure 16 shows results for the depth of spalling after the heating test. The maximum value was about
61 mm, and the depth at the center part was greater than that at the outer part. The specimens were
severely damaged.
Figure 17 shows UPV results and compressive strength results from the periods before and after
heating. The residual compressive strength and the residual strength ratio were 72 MPa and 80%,
respectively. Reduced compressive strength after the heating tests was observed. The residual UPV value
was 4,000 m/s, and the residual UPV ratio was 86%. Although the calculated residual stress is shown as
54 MPa at 5 minutes in Figure 15, the results from the compressive strength test performed after heating
showed about 72 MPa. This highlights the difficulty of estimating residual strength after heating.

Figure 16. Spalling depth.
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Figure 17. UPV results and compressive strength results periods before and after heating.

7 CONCLUSION
The results obtained from the study can be summarized as follows:
1)
The proposed method involving the restraint of concrete with steel rings in heat testing can be used
to clarify characteristics of thermal stress and explosive spalling behavior.
2)
The thermal stress measurements obtained in the study were greater than those for vapor pressure.
3)
The measured vapor pressure followed the SVP curve during the ascending branch.
4)
The restrained stress at the heated surface of the concrete was about 42 MPa, and the residual
strength there was about 54 MPa at 5 minutes as calculated using Eurocode 4.
5)
The restrained stress at the surface therefore reached the compressive strength (residual strength),
and compressive failure occurred. This result indicates that spalling caused by thermal stress may
become predominant under restrained conditions.
6) It was observed that both ultrasonic pulse velocity and compressive strength decreased after the
heating tests.
7) The maximum spalling depth was about 61 mm, and the depth at the center part was greater than
that at the outer part. The specimens were severely damaged.
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Abstract The authors examined the relationship between spalling behavior and weight loss for ultrahigh-strength fiber-reinforced concrete (UFC) containing different kinds of short fibers (jute, PP,
WSPVA) in high-temperature environments at 400, 600 and 800°C. The explosive spalling that occurred
under these conditions caused severe damage to the control specimen without fiber reinforcement but
only slight damage to the jute specimen. It was therefore inferred that adding 0.19% by volume of natural
jute fibers (length: 12 mm) to UFC is effective in the prevention of spalling-related damage.

1 INTRODUCTION
In response to increasing demand for a higher level and a wider range of concrete performance, active
research has been conducted in recent years to meet these needs. One example of a product stemming
from such developments is ultra-high-strength fiber-reinforced concrete (UFC), which offers ultra-high
strength exceeding 180 N/mm2 in compression and flowability with a low water binder ratio. It has been
introduced into practical use, with recommendations for its design and construction (draft) being
published by the Japan Society of Civil Engineers [1].
High-strength steel fibers are used for the UFC detailed in these recommendations to achieve superior
mechanical performance. To eliminate the possibility of steel fiber corrosion related to concrete cracking,
the recommendations stipulate that there should be no cracking in UFC during its period of service. Due
to the difficulty of achieving this, the use of synthetic fibers with high corrosion resistance instead of
steel fibers has been investigated. However, it has been reported that some mechanical performance
aspects (such as flexural strength) of UFC using synthetic fibers are substantially inferior to those of UFC
made with steel fibers [2]. Against this background, the authors focused on the use of aramid fibers
(which have higher strength and a higher elastic modulus than other synthetic fibers) as a substitute for
steel fibers and investigated the mechanical properties of UFC with aramid fibers [3].
UFC is known to be particularly susceptible to spalling in fire. Generally, synthetic fibers are often
added to high-strength concrete (HSC) as an effective measure to prevent explosive spalling [4, 5], but
few studies have investigated the effectiveness of adding natural fibers and other types of synthetic fibers
to UFC to prevent spalling in high-temperature conditions. The authors previously reported on the
effectiveness of adding natural jute fibers and water-soluble poly-vinyl alcohol (WSPVA) fibers to HSC
in order to prevent spalling in high-temperature environments [6].
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In this study, we examined the relationship between the spalling behavior of UFC with added natural
jute fibers, WSPVA fibers and polypropylene (PP) fibers when specimens were subjected to heating. The
volume mixing ratios used were 1.75% for aramid fibers and 0.19% for jute, WSPVA and PP fibers.

2 OUTLINE OF THE EXPERIMENT
2.1 Mixture proportions
Table 1 gives the mix proportions of the mortar matrix used in this study, which were established in
reference to a past report [7]. Strictly speaking, the mix was mortar rather than concrete because no
coarse aggregate was used. Silica fume cement with a density of 3.08 g/cm3 was used as the binder with a
water-binder ratio (W/ C) of 0.19 (the total chemical admixture dosage was included in the calculation as
part of the water content). Silica powder with a density of 2.6 g/cm3 and a specific surface area of 8,180
cm2/g was used as filler for the microstructure, and Class-6 silica sand with a density of 2.6 g/cm3 was
used as fine aggregate. The chemical admixture was apolycarboxylate ether-based super plasticizer for
ultra-high-strength concrete. It should be noted that all these materials are commercially available; they
were not specially developed for this study.
Table 1. Mixture Proportion

 

Unit weight kg/m3

W/B

Silica fume
cement

Water

Silica sand

Silica
powder

Aramid
fiber

Super
plasticizer

0.19

1258

208

682

248

26.2

31.5

Table 2. Fibers.

Type of
fiber

Length

Diameter

Melting
point

Density

mm

ȝm

ഒ

g/cm3

Jute

3,12

10~30

-

1.3-1.45

note
Carbonization

WSPVA

4

12

220-240

1.3

Water solving

PP

12

42

170

0.91

Melting

2.2 Fibers
The aramid fibers (copolyparaphenylene 3,4’-oxydiphenylene terephthalamide) used in this study had
a density of 1.39 g/cm3, a tensile strength of 3,430 N/mm2 and a tensile elastic modulus of 72.5 kN/mm2,
and were bundled using vinyl ester resin into sticks with an external diameter of 200 ȝm and a length of
15 mm. Table 2 shows the properties of the natural jute [6] fibers and the synthetic WSPVA [6] and PP
fibers used (jute fiber addition ratio: 0.19 vol%; length: 3 and 12 mm; WSPVA fiber addition ratio: 0.19
vol%; length: 4 mm; PP fiber addition ratio: 0.19 vol%; length: 12 mm). Photos 1(obtained with a
scanning electron microscope (SEM)) show the straw-like structure of the jute fibers.
WSPVA fibers have a lower dissolving point (50°C to 90°C) than other synthetic types, and also
have a lower melting point. These properties have been used for more than 30 years in Japan to improve
the permeability of concrete and thereby reduce the likelihood of explosion in refractory castables.
Figure 1 shows the results of thermal analysis of jute fiber using differential scanning calorimetry
(DSC) and thermogravimetric analysis (TGA). The exothermic peak (which represents the amount of
heat released from the sample) of the DSC curve for such fibers was observed at a maximum temperature
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of 360°C. The TGA curve initially exhibits a slight decrease in weight at temperatures below 100°C due
to moisture loss, but both curves begin to show decomposure at 265°C and 340°C. The decomposition
temperature for the jute fiber sample at 80% weight loss was 390°C. Figure 2 shows the DSC and TGA
results for PP fibers, whose melting, vaporization and burning points were 173°C, 341°C and 447°C,
respectively. Higher temperatures reduce their viscosity via the two mechanisms of increased molecular
energy and reduced molecular size caused by thermal degradation. Figure 3 shows the DSC and TGA
results for WSPVA fibers, whose melting, vaporization and burning points were 227°C, 246°C and
470°C, respectively.

10ȝm
100ȝm
a) Shape

b) Jute fiber in concrete
Photo. 1. Jute fiber (SEM observations)
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Figure 1. DSC and TGA results (Jute fiber).
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Figure 2. DSC and TGA results (PP fiber).
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Figure 3. DTA and TGA results (WSPVA fiber).

2.3 Mixing and flow test
The mortar components were placed into a 10-liter Hobart mixer and agitated. Mixing process is
belows:
1) Add Silica fume cement, silica powder, class-6 silica sand,mix for 1 minutes.
2) Add water and super plasticizer, mix for 2minutes, scrape bowl and mix for 5minutes.
3) Add aramid fiber and other fibers mix for 4minutes.
The flowability of the mortar was evaluated in a flow test using a cone mold with dimensions of 70
mm (top diameter) × 100 mm (bottom diameter) × 60 mm (height). Drops were not included in the mortar
flow measurement.
2.4 Specimen fabrication and curing
Heating test specimens with 50 mm in diameter and 100 mm in height were used for this study. The
concrete was placed in molds and consolidated using a table vibrator. The surfaces of the specimens were
plastic-wrapped immediately after placement and left to stand for two days in a thermostatic room at
20°C. After demolding, hot water curing was carried out for two days at a temperature of 90°C.
2.5 Heating tests
Five specimens were heated in a muffle furnace with an operating temperature range of 100°C to
1,150°C. The unit used was a 2.5 kW iron-chrome wire heater with a 220V power source. Figure 4 shows
the test’s heating times and temperature ranges, which were 400°C and 30 minutes, 600°C and 20
minutes, and 800°C and 15 minutes. After being heated, the specimens were allowed to cool naturally.
Weight loss after heating were calculated as shown in Eq. (1)
Įloss=(Wini-Wafter)/Wini×100
Where
Įloss: Weight loss (%)
Wini: Weight before heating (g)
Wafter:Weight after heating (g)
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Temperature (oC)

800

800oC, 15min.

600

600oC, 20min.

400

400oC, 30min.

200
0
0

5

10
15
20
25
Heating time (min.)

30

Figure 4. Heating temperature and time.

3 RESULTS AND DISCUSSION
3.1 Fresh properties and mechanical properties
Figure 5 gives the flow test results. The flow values obtained were: control specimen: 250 mm; jute
3: 197 mm; jute 12: 210 mm; PP: 208 mm; and WSPVA: 221 mm. Figures 6 and 7 show the
compressive strength and bending strength test results, and indicate values ranging from 140 MPa to 150
MPa for the specimens. The average bending strength in the control specimen was 30 MPa.

Flow value (mm)

300

200

100

0
Control

PP WSPVA Jute3 Jute12

Compressive strength (MPa)

Figure 5. Flow test.

150

100

50

0
Control

PP WSPVA Jute3 Jute12

Figure 6. Compressive strength.
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Figure 7. Bending strength of notched beam specimen.

3.2 Heating test results
Figure 8 shows the extent of spalling in all specimens after the fire tests. The control specimens
became more severely damaged as the temperature increased from 400°C to 800°C. For the specimens
with added fibers, it was clear that the spalling tendency decreased. With a heating temperature of 400°C
and a heating time of 30 minutes, explosive spalling was observed in the control, PP, WSPVA and jute 3
specimens, but not in the jute 12 specimen. The extent of spalling in the WSPVA and jute 3 specimens
was small. With a heating temperature of 600°C and a heating time of 20 minutes, explosive spalling was
observed in all specimens. The control and PP specimens were severely damaged, while the extent of
spalling in the jute 12 specimens was small. With a heating temperature of 800°C and a heating time of
15 minutes, explosive spalling was observed in all specimens. The control, PP and jute 3 specimens were
severely damaged, while the extent of spalling in the jute 12 specimens was small.
3.3 Weight loss due to fire exposure
Figure 9 shows the relationship between weight loss and heating temperature in all specimens. As
expected, the results are proportional to the extent of spalling observed in the photographs (Fig. 8).
Results of weight loss were including of moisture loss during the fire test s. The most extreme result was
seen with the control concrete, which underwent 72% weight loss at 800°C.
The effectiveness of jute 12 is clear in comparison to that of other fiber types at 800°C: jute 3 showed a
32% weight loss, PP 28% and WSPVA 22%. The results were dramatically improved by adding different
types of fibers. In particular, weight loss of just 17% was seen with jute 12 at a fiber content ratio of
0.19%. Generally, PP fibers are often added to high-strength concrete (HSC) as an effective measure to
prevent explosive spalling. However, this type of spalling was observed in the PP specimens. It is
considered that explosive spalling occurred in the PP specimens before PP fibers in the surface area
melted. It can be inferred that the addition of jute fibers at a ratio of 0.19% by volume and a fiber length
of approximately 12 mm to UFC is effective in preventing spalling, as the straw structure of jute prevents
the development of significant vapor pressure in the concrete. Additionally, jute fibers become
carbonized during the heating process, which may create pressure-induced tangential spaces (PITS; Fig.
10 a) at the fiber-concrete interface (as suggested by Khory [8]), which help to dissipate vapor from
concrete to the outside. It can therefore be assumed that the degree of adhesion between the fibers and
concrete is generally poor. If this is the case, then the role of the fiber-concrete interface as a channel for
moisture transfer in high-pressure conditions cannot be ignored.
It can also be inferred that the addition of WSPVA fibers at a ratio of 0.19% by volume and a fiber
length of approximately 4 mm to UFC is effective in preventing spalling, as vapor pressure peaks were
reduced using this approach. We assume that the presence of WSPVA fibers supported the development
of PITS (Fig. 10 b) at the fiber-concrete interface when the WSPVA became more flexible in the
dissolving temperature range of 50 – 90°C in water.
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Figure 8. Extent of spalling.
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Concrete

Steam
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a) Jute fiber(straw structures)
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b) WSPVA(Dissolving 50-90͠in liquid water)
Figure 10. Pressure-induced tangential spaces (PITS).

4 CONCLUSION
The results obtained from the study can be summarized as follows:
The control specimens developed severe damage as the temperature increased from 400°C to 800°C,
while it was clear that the spalling tendency decreased in all specimens with fibers added. The most
extreme result was seen with the control concrete, which underwent 72% weight loss at 800°C. Explosive
spalling occurred in the PP specimens. The weight loss results were dramatically improved by adding
different types of fibers. In particular, weight loss of just 17% was seen with jute 12 at a fiber content
ratio of 0.19%.
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Abstract. Fire tests on six axially-restrained reinforced concrete columns subjected to eccentric loads
are introduced in this paper. Experimental evidences of the effects of load level, axial restraint and
uniaxial load eccentricity on the column behaviour in fire in terms of deflections and restraint forces, as
well as failure mode and failure time, are presented. Finite element-based computer program, SAFIR, is
used for comparison. It is shown that at similar load levels and axial restraint ratios, both column
deflections and restraint forces are affected by load eccentricity. It is also observed that numerical
models neglecting concrete spalling tend to over-predict the restraint forces induced in concrete columns
under realistic loading, restraint, and fire conditions. Besides, a modified criterion of EN 1363 can be
used to predict stability failure times of specimens subject to non-standard fire conditions.

1 INTRODUCTION
When fire incidents occur in reinforced concrete (RC) framed buildings, columns are simultaneously
subjected to eccentric loads and axial restraints due to non-uniform fire attack, concrete spalling, as well
as non-uniform thermal responses of adjacent structural elements. However, to the authors’ best
knowledge, there have been very limited literature and design provisions for RC columns under such a
heating condition. Previous fire tests on restrained RC columns were mostly conducted under pure
compression with very small load eccentricities [1-5]. The state-of-the-art review and research-need
assessment of the fire performance of RC columns presented by Kodur et al. [6] also indicated that there
has been little published information on the behaviour of RC columns under realistic loading, restraint,
and fire conditions. A number of robust finite element procedures for modelling of RC structures in fire
accounting for the impact of concrete spalling and concrete transient strain have been proposed by Raut et
al. [7], Huang et al. [8], etc. Nevertheless, limited test results on restrained columns under eccentric loads
had been used for the validation of these numerical models. More importantly, current codes of practice
for structural fire design [9,10] only provide tabulated data and simplified design methods for RC
columns in braced structures, without any consideration of the combined effects of bending moments and
restraint forces. Hence, there is a pressing need to conduct such experiments to enhance understanding of
structural responses of RC columns under simultaneous effects of eccentric loads and axial restraint in
fire conditions.
The lack of published test results and understanding in this area provide the motivation for the
experimental programme in this paper. Six full-size pin-ended concrete column specimens were tested
under axial restraint and uniaxial bending at elevated temperatures. The test results including axial
deformation, mid-height lateral deflection, thermal-induced restraint force, failure mode and failure time,
are presented. They were then compared to those obtained from numerical studies using a finite elementbased computer program (SAFIR [11]) for the analyses of heat transfer and behaviour of threedimensional structures under fire conditions. Both experimental and numerical results showed that under
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similar load levels and restraint ratios, column deflections and restraint forces are both affected by
uniaxial load eccentricity. On the other hand, it was demonstrated that although premature failures
occurred in the tests, numerical models neglecting concrete spalling over-predicted thermal-induced
restraint forces of the test specimens. Hence, in order to obtain better predictions of column failure times,
the authors propose a modified criterion for rate of change of deflection based on EN 1363-1:1999 [12].

2 EXPERIMENTAL PROGRAMME
2.1 Test specimens
The column specimens tested in this programme are shown in table 1 and figure 1. All the six
columns had identical length of 3.3 m and a 300 mm square cross-section. They were all reinforced by six
20 mm-in-diameter longitudinal rebars (6T20) and 8 mm stirrups at a spacing of 250 mm (R8/250).
Compressive strength of concrete cylinders and yield strength of reinforcing steel were 55.3 and 550
MPa, respectively. Two specimens, namely, C1-1-00 and C1-2-00, were tested under pure compression
whereas the remaining four specimens, namely, C1-3-25, C1-4-40, C1-5-60 and C1-6-80, were subjected
to increasing uniaxial load eccentricities of 25, 40, 60, and 80 mm, respectively. In the tests, most of the
columns were loaded up to a level of 55% of their individual ambient ultimate strengths with load
eccentricity determined based on EC2 Pt.1-1 specifications [13], excluding column C1-1-00, which was
subjected to 45%. The columns were all exposed to a non-standard fire condition with an axial restraint
ratio of 3.65% until failure occurred.
Table 1. Test specimens

Specimens
C1-1-00
C1-2-00
C1-3-25
C1-4-40
C1-5-60
C1-6-80

Load eccentricity (mm)
ey
ez
00
00
00
00
00
25
00
40
00
60
00
80

Restraint ratio

Dr

0.0365
0.0365
0.0365
0.0365
0.0365
0.0365

Test load
(kN)
1720
2100
1700
1400
1100
900

Load level

Pfi

0.45
0.55
0.55
0.55
0.55
0.55

Load eccentricity was employed by two blocks with dimensions of 500×500×300 (mm3) that were
designed and cast at both ends of the specimens. Load was applied at the cross-section centre of the end
blocks. Hence, eccentricity can be applied by shifting the load application point at the end block relative
to the column centroid, as shown in figure 1. It is also shown in the figure that thermocouples were placed
at different positions of three column cross-sections, namely, section A-A, B-B, and C-C. For each
specimen, a total of fourteen thermocouples were embedded during casting to measure temperature
distribution inside the column in the tests.

Figure 1. Test specimen.
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2.2 Test set-up and apparatus
As illustrated in figure 2, fire tests were conducted on column specimens horizontally placed inside
an electric furnace chamber which could be monitored to produce pre-designed fire conditions. The
specimen was connected to a steel bulk-head at the right hand side of a self-reaction steel test frame by a
knuckle bearing block and was subjected to a horizontal load from a 5000 kN-capacity servo actuator
located at the left hand side. The actuator was also fixed to another steel bulk-head of the test frame.
Axial restraint was produced in the tests by a transverse steel beam, which was supported by an A-frame
at each end. Another knuckle bearing block was located in between the restraint steel beam and the
column to provide pin-ended conditions for the test specimen.

Test frame
Actuator

Ceramic rod

Restraint beam

Knuckle bearing block

Bulkhead

Knuckle bearing block
Test specimen

Electric furnace chamber

A-frames

Test frame

Figure 2. Test set-up and apparatus.

The furnace chamber consisted of four L-shaped electrical panels. Each panel, which was of a power
capacity of 22kW/400V/2 phases, could be controlled individually to achieve the maximum allowable
operating temperature of 1050 oC with the maximum heating rate of 12 oC/min. Temperatures within the
furnace chamber were measured by a number of K-type thermocouples including eight units embedded
into the four panels and another eight units installed at different internal positions having the same
distance of 70 mm from the heating elements. Temperatures at the four surfaces of the column at its midheight cross-section were also measured by another four thermocouples.
A number of linear variable differential transformers (LVDTs) were used to measure the
displacements of the specimen. For measurement of column axial deformation, four LVDTs were directly
attached to the steel plates of the end blocks which were outside of the furnace. Another four LVDTs
were used to trace the out-of-plane displacement of the specimen. It was impossible to use LVDTs to
obtain direct measurements of lateral deflections at the column mid-height, since this point was inside the
furnace and LVDTs do not work properly at high temperatures. Hence, an intermediate measuring system
employing ceramic rods was used to transmit the column lateral deflection outward from within the
furnace. The deflection could be captured by an LVDT located outside of the furnace. Ceramic rods with
a low coefficient of thermal expansion of 7.8u10-6/0C were used for the specially-fabricated system.
Actual thermal expansion of ceramic rods was calculated and subtracted from the recorded lateral
deflection of the column.
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2.3 Test procedure
In order to prevent physical damage to the furnace heating elements due to debris from spalling or
crushing of concrete, all test specimens were covered by steel meshes. Once the specimen was installed
into the test frame, the furnace chamber was closed, all the gaps were sealed with insulation wool and
cloth, and LVDTs were positioned. In order to eliminate undesirable slacks within the test system, a
preload equalled to 15% test load was repeatedly applied and then released. After that, the specimen was
loaded at a constant rate to 100% of the corresponding test load listed in table 1 and was kept unchanged
when the supports of the restraint beam onto the reaction A-frames were connected. The elevatedtemperature condition according to the non-standard heating curve shown in figure 4 was generated until
the combination of the constant applied load and the increasing thermal-induced restraint force could not
be sustained by the specimen, indicating the failure occurrence.

3 NUMERICAL SIMULATION
Well verified finite element-based computer program SAFIR [11] was used to predict thermal and
structural responses of all test specimens. Temperature-dependent material models for concrete and
reinforcing steel specified in EC2 Pt.1-2 [9] were adopted. Mesh sensitivity studies were conducted to
determine proper discretizations of 900 two-dimensional (2-D) rectangular solid elements and fifteen 3-D
beam elements for modelling cross-section and the column height, respectively (figure 3). An idealised
elastic 3-D beam element was used to simulate axial restraint. The column was modelled as a half-sine
curve with a crookedness of 8.85 mm at mid-height to account for initial imperfection. This value was
adopted based on EC2 Pt.1-1 specification [13], which is 1/400 of the effective column height.

Figure 3. Numerical models for thermal and structural analyses.

4 RESULTS AND DISCUSSIONS
4.1 Heat transfer
Figure 4 depicts the non-standard heating curve set to the furnace, surface temperature modifications
of a test specimen, as well as predicted temperature profiles and measurements at points 1, 4, and 8 of the
column mid-height cross-section, which were at the corner main bar, centroid, and stirrups, respectively
(figure 1(b)). Good agreement between the experimental and numerical results can be observed during the
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first 160 min of the test. Beyond this time, the measured temperatures were higher than those predicted by
numerical analysis. This is because concrete spalling, which caused some inner parts of the cross-section
to be directly exposed to fire and thus resulted in a faster heat transfer, was not considered in the
numerical model. Hence, the heating curve at the surface had to be modified in order to fit the numerical
data to the measured temperature (figure 4). This curve was then used as the boundary thermal condition
to obtain the temperature profile used for numerical analysis of structural response.

Figure 4. Temperature profiles - Experimental and numerical results.

4.2 Axial restraint
To simulate the axial restraint from surrounding cooler structural elements in framed building
systems, a S275 universal steel beam of W10×10×5.25 with a second moment of area I=4917 cm4 was
used. The restraint beam was supported at its ends by two A-frames at a distance of 2.48 m. The actual
axial restraint stiffness, kA, was experimentally determined to be 32.3 kN/mm, based on the gradient of
the graph representing the relationship between the beam mid-span deflection and axial restraint force
measured by the two load cells located at the A-frames (figure 5). The spring stiffness kB of the right steel
bulk-head in figure 1 was also experimentally determined to be 1218.4 kN/mm. From the conventional
formula 1/ke=1/kA+1/kB [14], the equivalent stiffness was calculated as ke=31.43 kN/mm, forming a
restraint ratio of 0.0365 compared to the column axial stiffness of 861.6 kN/mm.

(a) 3-D view of test set-up

(b) Test result

Figure 5. Axial restraint
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4.3 Deflections
Deflections of all test specimens including the axial deformation (u-curve) and mid-height lateral
deflection (v-curve) measured in the tests are shown in figures 6 and 7, in a comparison with the
corresponding curves obtained from finite element analysis (FEA). The test and FEA curves are plotted in
continuous and hidden lines, respectively.

Figure 6. Axial deformation - Experimental and numerical results.

Figure 7. Mid-height lateral deflection - Experimental and numerical results.

A number of observations can be made from figures 6 and 7. Firstly, the test results agreed reasonably
well with the numerical predictions during the first 160-min of fire exposure. Beyond this time, specimen
C1-3-25 had similar measured and predicted v-curves while the two test and FEA u-curves of specimen
C1-4-40 were quite close to one another. However, specimen C1-5-60 had deviations in both axial
deformations and mid-height lateral deflections. It was recorded in the test of C1-5-60 that concrete
spalling occurred at 159 min. Hence, spikes can be seen on both test u- and v-curves of this specimen.
Secondly, it is illustrated by both experimental and numerical results that under the same load level,
columns subjected to higher load eccentricities had greater deflections, since all test and FEA u- and v-

762

Thang T. Nguyen and Hai K. Tan

curves of specimens C1-2-00, C1-3-25, C1-4-40, C1-5-60, and C1-6-80 arranged in an increasing manner
with the extent of load eccentricity. Thirdly, structural responses of columns were affected by load level,
since all test and FEA u- and v-curves of specimen C1-2-00, which was at a load level of 55% were
higher than those of C1-1-00 subjected to a load level of 45%.
4.4 Restraint forces
Figure 8 depicts the development of thermal-induced compression forces when restrained specimens
were heated up, experiencing so-called restraint forces ' N aT . The forces can be expressed in a normalised
form which is the ratio of ' N aT to the applied working load N0. The experimental and numerical results
are also plotted in continuous and hidden lines, respectively.

Figure 8. Restraint force - Experimental and numerical results.

Similar trends can be observed from both test and FEA curves shown in figure 8. Firstly, specimen
C1-1-00 and C1-2-00 demonstrated that under the same load eccentricity, a higher load level resulted in a
lower restraint force represented by the ratio of ('NaT / N0 ) , since specimen C1-2-00 was under a load
level of 55% whereas C1-1-00 was at 45%. Secondly, under the same load level, columns subjected to
higher load eccentricities suffered greater restraint forces, since both test and FEA curves representing
restraint forces of specimens C1-2-00, C1-3-25, C1-4-40, C1-5-60, and C1-6-80 also arranged in an
increasing manner with the extent of load eccentricity. Thirdly, it can be seen that numerical predictions
were greater than experimental results.
4.5 Failure
Figure 9 is a typical image of specimens dismantled after testing.

Figure 9. Typical failure of test specimens.

It is shown that the failed specimen attained significant mid-height lateral deflection due to global
flexural bending, indicating stability failure. Besides, material failure was also obvious since concrete in
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compression zone crushed and spalled severely. Being exposed to fire and subjected to high compression
forces, the main bars in compression zone buckled between the stirrups. Hence, the specimen can be
considered to have failed in a combined manner of global stability and local material failure modes. The
times at which concrete spalling occurred were also recorded during the tests when there were either
gentle sounds or explosive noises.
Based on the structural behaviour, stability failure (tS) could be defined when the axial forces shown
in figure 8 reached the maximum value. It can be seen in figure 7 that the time to achieve the maximum
axial force also roughly corresponded to run-away mid-height lateral deflection. Material failure (tM) was
recognised when the axial deformation reduced indicating that the specimen could not sustain the
combined constantly applied and increasing restraint forces. If the material failure occurred after the
stability failure, it could be considered as a combined failure (tC). The failure modes and failure times
recorded in the experiments and predicted by numerical analysis are listed in table 2.
Table 2. Test and FEA failure times

Specimens

C1-1-00
C1-2-00
C1-3-25
C1-4-40
C1-5-60
C1-6-80

TEST results (min)
Failure
t STest
tCTest
mode

FEA prediction (min)
Failure
tSFEA
tCFEA
mode

244
195
215
209
159
214

268
256
256
256
256
254

310
251
252
221
180
-

C
C
C
C
PC
S

288
270
274
280
286
294

Notes: S: Stability - C: Combined - PC: Premature Combined failure mode

C
C
C
C
C
C
Mean
COV

Comparison
t SFEA
t STest

1.098
1.313
1.191
1.225
1.610
1.187
1.271
0.164

tCFEA
tCTest
0.929
1.055
1.034
1.267
1.589
1.125
0.323

The table shows that stability failure time (tS) and combined failure time (tC) for specimen C1-1-00
agreed well with the FEA predictions with mean ratios of 1.098 and 0.929, respectively. Meanwhile,
specimen C1-5-60 attained a large deviation with respective ratios of 1.610 and 1.589. This is because the
premature combined failure, which is denoted as PC in the table, was resulted from an explosive spalling
recorded at 159 min of the test. With the respective mean ratios of 1.271 and 1.125, the stability and
combined failure times of all test specimens were generally over-predicted by FEA, in which concrete
spalling was not considered.
A modification of the analysis of numerical results based on Eurocode specification for fire resistance
tests given in EN 1363-1:1999 [12] was proposed to obtain better predictions of stability failure time. It is
proposed that the performance criteria of load-bearing capacity should be based on the magnitude and the
rate of flexural deflection for columns tested in a standard fire condition. Since a non-standard fire was
used in this study, the EN 1363 criterion was modified to be v’=kfireL2/9000d where L is the clear span of
specimen at 3540 mm, d is the distance from the extreme fibres of the cold design zones of compression
tension of the cross-section at 230 mm, kfire is a modified factor that accounts for fire exposure and
concrete spalling. Two values of 1.0 and 1.5 for kfire corresponding to the respective deflection rates of
0.10 and 0.15 mm/s were investigated. The modified stability failure times, namely, tSFEA*, are listed in
table 3. It is shown that with a mean ratio of 1.009, the deflection rate of v’=0.15 mm/s provided a much
better agreement between the modified FEA and test results. Thus the proposed equation for lateral
deflection can be chosen as the numerical criterion of stability failure time in this study.
The stability failure times obtained from tests and predicted by modified FEA results are summarised
in figure 10, from which the following observations can be made: (i) the column subjected to a lower load
level attained a longer stability failure time. For specimen C1-1-00, which was under a load level of 45%,
tSTest is 244 min whereas that of specimen C1-2-00 tested with a load level of 55% is 195 min; and (ii) for
uniaxially-loaded columns under similar levels of working load and axial restraint (specimens C1-2-00,
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C1-3-25, C-1-4-40, C1-5-60, and C1-6-80), the higher the load eccentricity, the shorter is the stability
failure time attained.
Table 3. Test and modified FEA stability failure times

Specimens

TEST results

t STest (min)
C1-1-00
C1-2-00
C1-3-25
C1-4-40
C1-5-60
C1-6-80

244
195
215
209
159
214

FEA *
Modified FEA t S (min)
kfire=1.0
kfire=1.5

210
209
195
186
180
178

226
217
209
199
193
191
Mean
COV

Comparison t SFEA* / t STest
kfire=1.0
kfire=1.5
0.861
1.072
0.907
0.890
1.132
0.832
0.949
0.112

0.926
1.113
0.958
0.952
1.214
0.893
1.009
0.115

Figure 10. Stability failure time – Test results and modified FEA predictions.

5 CONCLUSION
This paper presents the fire tests conducted on six concrete columns simultaneously subjected to
eccentric loads and axial restraint. The experimental evidences obtained were compared to the numerical
predictions using SAFIR program. The column structural responses under such critical loading and
restraint conditions at elevated temperatures can be observed to be: (i) under the same load level and
restraint ratio, columns subjected to higher load eccentricities experienced higher axial deformations,
mid-height lateral deflections, as well as greater development of restraint forces; (ii) under the same
restraint ratio and load eccentricity, columns subjected to a higher load level had a lower development of
restraint forces; (iii) premature failures could occur due to concrete spalling; and (iv) the numerical
analysis that ignores concrete spalling over-estimated restraint forces.
A modified criterion for deflection change rate based on the Eurocode specification for standard fire
tests has been proposed to obtain better numerical predictions of stability failure times. Results of the
modified approach showed that stability failure time of axially-restrained columns subjected to eccentric
loads was both affected by load eccentricity and load level.
In order to supplement understanding of structural behaviour of columns under realistic fire, loading,
and restraint conditions, an experimental programme on axially-restrained concrete columns subjected to
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biaxial bending has also been conducted by the authors and will be presented as soon as the analyses are
completed.
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Abstract: Abundant research has been conducted on the fire performance of reinforced concrete (RC)
columns, as they are the most important load-bearing components in the RC frame structures. In the past
decades most of the researches focused on the independent RC columns and restrained RC columns
without sidesway to investigate the columns’ thermal and mechanical behaviours in fire and the
interactions between the columns and their adjacent structural components. However, lateral
displacements do exist at the column ends, due to the thermal expansion of the adjacent beams in fire,
and this may affect the fire behaviours of the columns to some extent.
Therefore, an evaluation model is proposed firstly in this paper for the time-dependent lateral
displacements at the column ends. Then, the fire behaviours of the restrained columns with timedependent sidesway are studied and compared with those without sidesway.

1 INTRODUCTION
The performance of a building structure in fire depends greatly on the fire behaviours of the columns.
In the past decades, there were many researches on the fire behaviours of individual RC columns [1, 2]. For
consideration of the interaction between RC columns and their adjacent structural components, restraints
were applied to the columns [3, 4], leading the fire behaviours of the columns more reasonable. However,
when a frame structure is in fire, the lateral displacements at the column ends, due to the thermal
expansion of the beams, do exist and may affect the fire behaviours of the columns or even the whole
structure to some extent [5].
Till now there are few studies on the lateral displacements of RC columns due to thermal expansion
of the beams [6]. So in this paper, through analyses of RC frame structures in fire, an evaluation model is
proposed firstly for the time-dependent lateral displacements at the column ends, and the variation of the
column’s sidesway with time is further determined. Then, the fire behaviours of restrained RC columns
with time-dependent sidesway are investigated and compared with those without sidesway.
For all the analyses in this study, the computer program SAFIR developed at the University of Liege
is used, and the ISO834 standard fire is considered.

2 TIME-DEPENDENT SIDESWAY OF COLUMNS
2.1 Validation of analytical method
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In this paper, the computer program SAFIR is used for all the analysis. In this section, some RC
columns and frame structures tested by former researchers are analyzed firstly, and the simulation results
are compared with the measured results to ensure the effectiveness of the analytical method.
Twelve RC columns with square or special-shaped cross section were tested in fire in literature [7]. A
comparison between the measured axial deformation-time curve of Specimen Z12 and the corresponding
simulated curve is shown in Fig. 1, and the measured and simulated fire endurances of this specimen are,
respectively, 165 min and 175 min with an error of only 6%. It can be seen that the analytical result is in
good agreement with the test result on the whole.
5

Axial deformation (mm)

0
-5
-10
-15
-20
-25
Z12 (measured)
Z12 (simulated)

-30
-35
0

20

40

60

80

100

120

140

160

180

Time (min)

Figure 1. Comparison of measured and simulated axial deformation-time curves of Specimen Z12.

In 1996, four RC plane frames were tested in fire by Yao and Zhu [8]. The measured and simulated
lateral displacement-time curves at Point 2 in Specimens FFR-3 and FFR-4 are compared in Fig. 2. It also
can be seen that the analytical results are in good agreement with the test results on the whole.
14

FFR-3 (measured)
FFR-3 (simulated)
FFR-4 (measured)
FFR-4 (simulated)

Lateral displacement (mm)
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Figure 2. Comparison of measured and simulated lateral displacement-time curves
at Point 2 in Specimens FFR-3 and FFR-4.

2.2 Evaluation model of time-dependent sidesway
In order to investigate the column’s time-dependent sidesway, an example RC frame structure with 5
storeys and 5 bays is considered in this study (see Fig. 3). For the example structure, the fundamental
parameters (i.e., dimensions of the columns and beams, loading situation, and strengths of concrete and
steel bar) are listed in Table 1. Four fire scenarios (i.e., only the 3rd storey in fire - Fire Condition 1, both
the 2nd and 3rd storeys in fire - Fire Condition 2, both the 3rd and 4th storeys in fire - Fire Condition 3, and
the 2nd, 3rd and 4th storeys in fire - Fire Condition 4) are taken into account.
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Table 1. Parameters of example structure.

Sectional dimensions of column
Column length
Sectional dimensions of beams
Beam span
Uniform distributed load of
beam
Prismatic compressive strength
of concrete
Yield strength of steel bar

300 mm×600 mm
3000 mm
250 mm×400 mm
3000 mm
15 kN/m
22.8 MPa
375 MPa

Figure 3. Example structure.

The lateral displacement-time curves at beam-column joints 1, 2, and 3 (see Fig. 3) are, respectively,
shown in Fig. 4 for different fire conditions mentioned above. It can be seen that: (a) the lateral
displacements at the beam-column joints increase significantly with the increasing of the heating time,
due to the thermal expansion of the heated beams; (b) the lateral displacements at the beam-column joints
increase with the number of storeys in fire, while those related to Fire Conditions 3 are larger than those
corresponding to Fire Condition 2; and (c) the lateral displacement at the beam-column joint increases
greatly with an increasing of the distance between the joint and the symmetric axis A-A of the example
structure.

Lateral displacement (mm)

Lateral displacement (mm)
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4

Fire Condition 1
Fire Condition 2
Fire Condition 3
Fire Condition 4
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Fire Condition 2
Fire Condition 3
Fire Condition 4

5
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0
0
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(a) Joint 1
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(b) Joint 2
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(c)Joint 3

Figure 4. Lateral displacement-time curves at beam-column joints 1, 2, and 3.

For the example structure with different values of beam’s span and sectional dimensions and different
column’s length and sectional dimensions, extensive simulations are conducted and conclusions similar to
those from Fig. 4 can be obtained. Based on the simulation results, the time-dependent lateral
displacement at any beam-column joint of the 3rd storey, S(t), is expressed as follow:

S (t )      f (t )

(1)

in which t is the heating time; η is an adjusting factor to consider different fire conditions; β is related to
the location of the beam-column joint; and f (t ) is the time-dependent lateral displacement at the
outermost beam-column joint of the 3rd storey (i.e., Joint 3) under Fire Condition 1.
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2.3 Determination of  ,  , and f (t )
2.3.1 Discussion on 
Based on the extensive simulation results mentioned above, η is defined as a ratio of the timedependent lateral displacement of a given beam-column joint at the 3rd storey under Fire Condition i (i =1,
2, 3, 4) to that under Fire Condition 1. Fig. 5 illustrates the variation of η with the heating time related to
Joint 3. It can be seen that for a given fire condition, η is almost changeless with an increasing of the
heating time except that in the early heating stage. Referring to Fig. 6, the following empirical formula is
presented to determine the value of η at Joint j as:
2.0

1.5

1.0

Fire condition 2 /Fire Condition1 (simulated)
Fire condition 2 /Fire Condition1 (fitting)
Fire condition 3 /Fire Condition1 (simulated)
Fire condition 3 /Fire Condition1 (fitting)
Fire condition 4/Fire Condition1 (simulated)
Fire condition 4/Fire Condition1 (fitting)

0.5

0.0
0

50

100

150

200

250

Time (mm)

Figure 5. Variation of η with heating time.

 =b n ;

1.4  10 5 L j  0.22 lg K j ;
b( L j , K j ) 

m

 Kck
Kj 
k j

(2)

in which n is a fire condition factor with a value of 0, 1, 2, 3 for Fire Conditions 1, 2, 3, 4, respectively;
K j , Kck and L j are all related to the situation that only one storey in fire (i.e., Fire Condition 1 in this
paper); Kck is the lateral stiffness of the column k just above the fired storey, N/mm2; and L j is the
distance between the symmetric axis A-A and Joint j, mm. For Joint 3 in Fig. 3, the calculated η using
Eq.(2) is also listed in Fig. 5. It is found that Eq.(2) can be utilized to determine the value of η effectively.

Figure 6. Example structure in Fire Condition 1.

2.3.2 Discussion on 
Based on the extensive simulation results mentioned above, β is defined as a ratio of the timedependent lateral displacement of a given beam-column joint at the 3rd storey to that of Joint 3 under Fire
Condition 1. Fig.7 shows the variation of β with the heating time. It can be seen that for a given
beam-column joint at the 3rd storey, β can be regarded as a constant approximately. Referring to Fig.6, the
following expression is proposed to determine the value of β at Joint j as:
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 0.95 j
 j 1

 1.0

j 1

(3)

in which  j  L j / L ，and L is the distance between the symmetric axis A-A and the outmost Joint m
(see Fig.6). The calculated β using Eq.(3) is also shown in Fig.7. It is found that Eq.(3) can be used to
determine the value of β approximately.
0.6

0.4

0.2

Joint 2 /Joint 3 (simulated)
Joint 2 /Joint 3 (fitting)
Joint 1 /Joint 3 (simulated)
Joint 1 /Joint 3 (fitting)

0.0
0

50

100

150

200

250

Time (min)

Figure 7. Variation of β with heating time.

2.3.3 Discussion on f (t )
To analyze the time-dependent lateral displacement at the outermost beam-column joint of the 3rd
storey (i.e., Joint 3) under Fire Condition 1, a simplified model shown in Fig.8 is considered. The
fundamental parameters of the simplified model are the same as those listed in Table 1. Fig. 9 shows a
comparison of the lateral displacements of Joint 1, 2 and 3 in the example structure under Fire Condition
1 with those in the simplified model.
Joint 3 (example structure)
Joint 3 (simplified model)
Joint 2 (example structure)
Joint 2 (simplified model)
Joint 1 (example structure)
Joint 1 (simplified model)

50

Lateral displacement (mm)

45
40
35
30
25
20
15
10
5
0
0

50

100

150

200

250

Time (min)

Figure 8. Simplified model.

Figure 9. Comparison of the lateral displacements
in the example structure with those in the simplified model.

It can be seen form Fig.9 that the simulation results from the simplified model are in good
agreement with those from the example structure, and the errors between them are less than 10%. In this
way, the simplified model is adopted hereafter to analyze f (t ) .
It is found through parametric study that some parameters (including the distance between the
symmetric axis A-A and the outmost joint, L, sectional dimensions of column, and column length) affect
f (t ) greatly. This is attributed to the fact that the lateral displacement at the outmost joint depends
mainly on the total length of the heated beams while is restricted by the columns. Fig.10 shows the
influences of these parameters on the lateral displacement at the outmost joint (i.e., Joint 3 in Fig.8).
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L =15m

50

40

30

20

10

50

100

150

200

20

10

30

20

10

0

0
0

50

100

Time (min)

(a) Influence of L
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Figure 10. Influences of main parameters on the lateral displacement at the outmost joint.

Based on the extensive numerical simulations, the following expression is suggested to evaluate

f (t ) as:

f ( t ) (0.04 t 3  2 t 2  400 t )  10  6  L  K total  1/ 6 (0  t  240 min)

(4)

m

in which t is the heating time; and K total   Kck , K ck is given in Eq.(2).
k 1

3 FIRE PERFORMANCE OF RC COMLUMNS WITH SIDESWAY
Fire performance of a RC column with a cross section of 300 mm×600 mm shown in Fig.11 subjected
to ISO834 standard fire is investigated in this paper by using SAFIR, taking the axial and rotational
restraints into account. Meanwhile, the time-dependent lateral displacement is applied to the column’s
upper end. In Fig.11, N is the axial load applied to the column, and Kl and Kr are, respectively, the axial
and rotational restraint stiffness at the column ends. Axial restraint ratioβl and rotational restraint ratioβ
r are defined as:

l 

Kl
;
E0 Ac / H

r 

Kr
4 E0 I c / H

(5)

in which E0 is the elastic modulus of concrete at room temperature; Ac is the sectional area of the column;
H is the column length; and Ic is the moment of inertia of the column section.

Figure 11. Restrained RC column with sidesway
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For convenience, the time-dependent lateral displacements at Joint 3 of the example structure with
parameters listed in Table 1 under Fire Conditions 1, 2, 3 and 4 are, respectively, nominated as S(t)1, S(t)2,
S(t)3, and S(t)4 . In the case that the axial and rotational restraint ratios are 0.1 and 2.0, respectively, and
the column’s axial load ratio is 0.2, the axial force and axial deformation related to the column with
lateral displacement at the upper end are compared with those without sidesway and shown in Fig.12. It
can be seen that the axial force in the column with sidesway is less than that without sidesway, but the
axial deformation of the column with sidesway is larger than that without sidesway.
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0
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(a) Axial force

(b) Axial deformation

Figure 12. Comparison of fire behaviours of columns with and without sidesway (axial load ratio=0.2).

In the case that the axial and rotational restraint ratios are 0.1 and 2.0, respectively, and the column’s
axial load ratio is 0.6, the axial force and axial deformation related to the column with lateral
displacement at the upper end are compared with those without sidesway and shown in Fig.13. It can be
seen that the fire endurance of the column with sidesway S(t)2/S(t)3/S(t)4 is much less than that without
sidesway. This is due to that larger axial load ratio combined with larger sidesway leads to severer second
order moment in the column, resulting in significant reducing in the fire performance of the restrained
column.
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Figure13. Comparison of fire behaviours of columns with and without sidesway (axial load ratio=0.6).

4 CONCLUSIONS
(1) An evaluation model is proposed in this paper to determine the time-dependent lateral
displacement at the frame column end in fire. It is found that the lateral displacement increases
significantly with an increasing of the heating time and relies on the frame structure’s fire scenario
greatly.
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(2) The axial force in the restrained column with sidesway is less than that without sidesway, but the
axial deformation of the restrained column with sidesway is larger than that without sidesway.
(3) In the case that the column’s axial load ratio is large, the fire endurance of the restrained column
with sidesway may be much less than that without sidesway. Therefore it is necessary to take the
time-dependent sidesway into account when the fire performance of the restrained column is studied.
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GLOBAL RESISTANCE FACTOR FOR CONCRETE SLABS EXPOSED TO
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Abstract. In this paper a safety format is proposed to be applied when using Finite Element Models
(FEM) to calculate the structural response of concrete slabs during fire. It is suggested to divide the
structural resistance obtained with a FEM analysis by a global partial factor. While maintaining a high
level of simplicity, the proposed method takes into account the consequence class of the structure and the
fire incidence rate, and allows for the incorporation of other fire protection measures.

1 INTRODUCTION
Non-linear FEM analyses have become increasingly important for the assessment of new and existing
concrete structures. Since this type of analysis takes into account the structural interaction between
different sections and possible stress redistributions, a more economic design can be obtained. However,
there are no clear prescriptions in the current codes on which safety format should be used for a design
based on non-linear FEM analysis. Especially for concrete structures exposed to fire a non-linear FEM
analysis can be of great value and an adequate safety format should be proposed.

2 A SAFETY FORMAT FOR NON-LINEAR FINITE ELEMENT ANALYSIS
Different possible safety formats for non-linear analysis are listed by Cervenka [1]. It is concluded
that the standard partial safety factor method (PSFM) cannot be applied to non-linear FEM calculations
since the use of the extremely low design values for material properties may alter the structural response
calculated by the non-linear FEM analysis. Furthermore, the variability of the concrete cover has an
important influence on the obtained safety level of concrete elements exposed to fire due to its effect on
the reinforcement temperature [2]. These effects cannot be accounted for directly with the PSFM.
Different alternatives to the partial factor method have been developed [1], [3-6]. From a theoretical
point of view a full probabilistic finite element analysis (PFEA) is preferable. The use of PFEA however
requires significant computational efforts due to the repeated random sampling and subsequent non-linear
FEM analysis [6]. Specifically for elements exposed to fire, the calculation time further increases due to
the time-dependent response to fire exposure. This can be considered prohibitive for practical
applications. Furthermore, PFEA requires basic knowledge on the distributions and corresponding
parameters of all probabilistic variables.
It is concluded that the global resistance factor (GRF) is the most promising safety format to be used
for non-linear fire design of concrete structures. In this approach a single non-linear analysis is performed
using mean values for the material characteristics and geometrical properties. Subsequently the calculated
UHVLVWDQFH ȝR LV GLYLGHG E\ D JOREDO UHVLVWDQFH IDFWRU ȖR to derive the design value for the structural
resistance Rd (1), [4].
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PR
JR

Rd

(1)

7KLV SDSHU GHULYHV D JOREDO UHVLVWDQFH IDFWRU ȖR to be used when calculating the bending moment
capacity of concrete slabs exposed to fire.

3 THE GLOBAL RESISTANCE FACTOR
In accordance with EN 1990 [7], the design value for the structural resistance is defined by (2), with
ĭ WKH VWDQGDUGL]HG FXPXODWLYH QRUPDO GLVWULEXWLRQ ĮR WKH VHQVLWLYLW\ IDFWRU RI WKH UHVLVWDQFH DQG ȕ WKH
reliability index.

P > R d Rd @ ) D R E

(2)

Assuming a lognormal distribution for the structural resistance R, (3) is derived from (2), with VR the
coefficient of variation of the resistance.
Rd # P R exp(D RVR E )

(3)

If the resistance follows a normal distribution, Rd is defined by (4).

P R 1  D RVR E

Rd

(4)

Combining equations (1) and (3) yields (5). This equation was used by Holický to demonstrate the
ODUJHYDULDELOLW\RIȖR for concrete elements at normal temperatures [5].

JR

exp(D RVR E )

(5)

If the resistance R follows a normal distribution, equation (6) should be used.

JR

1
1  D RVR E

(6)

,WLVFOHDUIURPWKHVHHTXDWLRQVWKDWȖRGHSHQGVRQWKHWDUJHWYDOXHRIWKHUHOLDELOLW\LQGH[ȕDQGWKH
coefficient of variation VR of the resistance effect.

4 THE TARGET RELIABILITY INDEX ɴIN CASE OF FIRE
)RU WKH UHOLDELOLW\ LQGH[ ȕ LQ HTXDWLRQV   DQG   WKH WDUJHW UHOLDELOLW\ LQGH[ ȕt,fi for structural
elements exposed to fire (considering a reference period of 1 year) is defined by (7) with Pf,fi the
maximum allowable probability of structural failure during fire (i.e. at elevated temperatures), Pf, EN1990
the annual probability of structural failure during normal design conditions (i.e. at 20°C), pfi the annual
probability that the structure is exposed to a fully developed fire that threatens structural integrity and
ȕt,EN1990 the target reliability index for structures in normal conditions for a one year reference period [9].
Pf , fi

Pf , EN 1990

) ( E t , EN 1990 )

p fi

p fi

) ( Et , fi )

(7)

This safety concept was developed by Weilert and Albrecht [9] and is now incorporated in the
German code [10]. An English summary of the concepts and calculations is provided in [11].
Although it is demonstrated by Holický and Retief that the tabulated values for ɴt,EN1990 are often a
crude simplification and the actual target reliability index for a construction should be calculated based
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on the design working life, an appropriate discount rate and the consequences of a structural failure [8],
the values prescribed by EN 1990 will be accepted in this paper in order to maintain full compatibility
with the Eurocodes.
The annual probability pfi that the structure is exposed to a fire that threatens structural integrity is
calculated by equation (8), taking into account the annual probability of fire initiation p1, the probability
that the fire is not extinguished by the users of the structure p2, nor by the fire brigade p3, and the
probability of failure of the sprinkler system p4. A table with values for p1 is suggested in [12]. Other fire
mitigation measures can easily be included in the calculation.
p fi

p1 p2 p3 p4

(8)

The calculation procedure is illustrated by Table 1 for different types of buildings and for different
consequence classes RC [7]. For a warehouse the value of pfi is largely dependent on the
compartmentation. In Table 1, a warehouse compartment of 1000 m² is assumed. The calculations are
performed for buildings where no sprinkler system is available (i.e. p4 = 1).
Table 1. Calculation of ɴt,fi for different building with different use and consequence class

Example building
Hospital
Office building
Residential building
Production hall
Warehouse

Consequence Class
RC3
RC2
RC2
RC2
RC1

ɴt,EN1990 [-]
5,2
4,7
4,7
4,7
4,2

pfi [-]
1,12·10-4
4,2·10-5
9,4·10-5
1,28·10-4
1,4·10-3

ɴt,fi [-]
3,12
1,87
2,20
2,32
2,34

For practical use ɴt,fi is illustrated in Figure 1 as a function of the consequence class and the
probability of a fully developed fire pfi.

Figure 1. Target reliability index ɴt,fi for structural elements exposed to fire, for different consequence classes RC, as a
function of the annual probability pfi of a fully developed fire.
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5 CALCULATION OF THE GLOBAL RESISTANCE FACTOR IN CASE OF
CONCRETE SLABS
7KH VHQVLWLYLW\ IDFWRU ĮR for the resistance effect can generally be approximated by 0,8 [13]. The
HYDOXDWLRQRIWKHJOREDOUHVLVWDQFHIDFWRUȖR through equations (5) and (6) requires an assessment of the
coefficient of variation VR of the bending moment capacity of concrete slabs during fire. The
computational effort of calculating the mean and standard deviation of R through a probabilistic finite
element analysis (PFEA) makes PFEA inefficient for many practical design situations. One can however
DVVHVVWKHPHDQȝR and standard deviation VR of the slab configuration through Monte Carlo simulations
using a simplified full-probabilistic model, adapted from [14].
The mechanical strain ɸıɽDWWHPSHUDWXUHșLVFDOFXODWHGE\  DGDSWHGIURP>@ZLWKİWKș the free
WKHUPDOHORQJDWLRQDQGİWRWș the total cross section deformation. For slabs the influence of transient strains
can be neglected [16].

H V ,T

H tot ,T  H th ,T

(9)

Mechanical material properties of concrete and reinforcement are applied in accordance with EN
1992-1-2 [17], but taking into account an additional uncertainty with respect to the reduction of the
mechanical properties at elevated temperatures as explained in [14]. The actual calculation of the bending
moment capacity is based on the same assumptions as made by Kodur and Dwaikat [18]:
1.
2.
3.

Plane sections remain plane (Euler-Bernouilli hypothesis)
Bond slip between concrete and reinforcement is neglected
Spalling is neglected

No model uncertainty was taken into account, as it isn’t yet clear which model uncertainty would be
appropriate for non-linear FEM analysis for concrete elements exposed to fire and how these would need
to be incorporated.
For a concrete slab with nominal properties according to Table 2, the calculated evolution and scatter
of the bending moment capacity during fire are visualized in Figure 2.
Table 2. Nominal properties of the analysed concrete slab.

Symbol
h
fck(20°C)
fyk(20°C)
Ec(20°C)
Es(20°C)
cnominal
Ø
s

Name
thickness
20°C characteristic concrete compressive strength
20°C characteristic steel yield strength
20°C concrete modulus of elasticity
20°C steel modulus of elasticity
concrete cover
reinforcement diameter
bar spacing bottom reinforcement
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Dimension
mm
MPa
MPa
GPa
GPa
mm
mm
mm

Nominal value
200
20
500
28.8
200
35
10
100
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Figure 2. Calculated bending moment capacity MR,fi,t and coefficient of variation VR as a function of the time of fire
exposure.

,W LV FOHDU WKDW DIWHU  PLQXWHV RI H[SRVXUH WR WKH VWDQGDUG ILUH ERWK WKH PHDQ YDOXH ȝR and the
standard deviation of the bending moment capacity decrease, while the coefficient of variation VR
increases.
The Monte Carlo simulations allow the visualization of the evolution of the distribution of the
bending moment capacity during fire. Figure 3 shows a comparison between the observed histogram ‘A’
based on the simulations and the lognormal approximation ‘LN’ at different durations of exposure to the
ISO 834 standard fire curve.

Figure 3. Distribution of the bending moment capacity MR,fi,t for different times of fire exposure.

The lognormal approximation is found to result in slightly higher values compared to the simulations.
However, after a long fire exposure time, a normal approximation would result in overly conservative
values for the global resistance factor. Therefore, equation (5) – based on a lognormal assumption – is
XVHGIRUWKHHYDOXDWLRQRIȖR. Results for the buildings according to Table 1 are given in Table 3.
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7DEOH*OREDOUHVLVWDQFHIDFWRUȖR for different types of buildings, as a function of the duration of the ISO 834
standard fire.

Building
type
Hospital
Office
building
Residential
building
Production
hall
Warehouse

0 min

30 min

60 min

90 min

120 min 150 min 180 min 210 min 240 min

1,21
1,12

1,22
1,12

1,23
1,13

1,26
1,15

1,36
1,20

1,52
1,28

1,58
1,31

1,69
1,37

1,71
1,38

1,15

1,15

1,16

1,17

1,24

1,34

1,38

1,45

1,46

1,16

1,16

1,17

1,19

1,26

1,36

1,40

1,48

1,49

1,16

1,16

1,17

1,19

1,26

1,37

1,41

1,48

1,50

Table 3 indicates that as soon as the bending moment capacity starts decreasing after 90 minutes of
exposure (Figure 1), the global resistance factor increases significantly. This stresses the necessity of
FDOFXODWLQJ D WLPHGHSHQGHQW YDOXH RI ȖR for concrete elements exposed to fire. However, the above
mentioned results are related to the specific evolution of VR for the slab configuration of Table 2.
Research is ongoing to generalize the results of Table 3.
Figure 4 shows the evolution of the global resistance factor as a function of the fire exposure time for
GLIIHUHQWWDUJHWYDOXHVIRUWKHUHOLDELOLW\LQGH[GXULQJILUHȕt,fi and assuming a lognormal distribution of
MR,fi,t. For practical applications, it is possible to interpolate between the different curves.

)LJXUH*OREDOUHVLVWDQFHIDFWRUȖRIRUGLIIHUHQWWDUJHWUHOLDELOLW\LQGLFHVȕt,fi, as a function of the time of exposure to
the ISO 834 standard fire curve.

The important influence of the reinforcement temperature on the bending moment capacity of
concrete slabs exposed to fire is well known. Therefore, the concrete cover and the presence of insulation
significantly affect the structural fire resistance for a given slab configuration. While the global resistance
factors in Figure 4 can be considered a good approximation for conditions with a standard concrete cover
DQG QR LQVXODWLRQ ȖR in case of a specific design situation can also be expressed as a function of the
nominal reinforcement temperature (Figure 5).
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)LJXUH*OREDOUHVLVWDQFHIDFWRUȖRIRUGLIIHUHQW WDUJHWUHOLDELOLW\LQGLFHVȕt,fi, as a function of the bottom reinforcement
temperature.

If the fire resistance should be assessed with respect to a natural fire or hydrocarbon fire, a designer
can use the reinforcement temperature calculated in the single FEM analysis and the target reliability
index ɴt,fiFDOFXODWHGE\  WRILQGWKHDSSURSULDWHȖR in Figure 5.

6 APPLICATION EXAMPLE
In order to validate the before mentioned global partial factor approach, a 2D FEM analysis of a slab
with nominal values according to Table 2 is performed with the FEM program Atena [19]. For all design
variables the mean values are used (e.g. Table 4).
Table 4. Mean material properties of analysed concrete slab.

Symbol
fc(20°C)
fy(20°C)

Name
20°C mean concrete compressive strength
20°C mean steel yield strength

Dimension
MPa
MPa

Nominal value
25.4
581.4

The calculation of the bending moment capacity of the slab is carried out in three steps. First the
response to the self-weight of the slab is calculated. Subsequently, the slab is exposed to the ISO 834
standard fire curve for a required duration. In this example, calculations are performed for multiples of 30
minutes, up to 240 minutes of fire exposure. Finally, a load displacement analysis is performed with a
point load in the middle of the slab in order to determine the ultimate load capacity and calculate the
corresponding bending moment capacity of the slab after the specified time of fire exposure (e.g. 30
PLQXWHVPLQXWHV« )LJXUH VKRZVWKHHYROXWLRQRIWKHFDOFXODWHG ȝR and gives an overview of the
different values of MRd,fi,t as a function of the target reliability index ɴt,fi, calculated based on the
proposed global partial factors.
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Figure 6. Design value of the bending moment capacity of the analysed slab configuration for different target reliability
LQGLFHVȕt,fi, as a function of the time of exposure to the ISO 834 standard fire curve.

Based on the single FEM simulation, MRd,fi,t can be calculated once the target reliability index ɴt,fi
and the corresponding global resistance factor ɶR are chosen. The resulting value for MRd,fi,t should be
compared to the design value of the bending moment induced by the design loads MEd,fi,t in order to
assess whether the required fire resistance time is achieved. In accordance with EN 1992-1-2 [17], MEd,fi,t
can be assumed constant during the fire and can be approximated by 0,7 times MEd, the design value
calculated for normal conditions.

7

CONCLUSION

x

A global partial factor format for non-linear FEM analysis of concrete slabs exposed to fire is
proposed.

x

The necessary computational efforts are minimized by requiring only a single FEM analysis to derive
the appropriate design value of the bending moment resistance.

x

While taking into account the consequence class of the building, the fire incidence rate and the
probability of the fire growing to a fully developed fire, the proposed method remains easy to use due
to the availability of some illustrating graphs.

8

CONCLUSION
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Abstract. This paper presents the development of a numerical model for evaluating the fire response of a
concrete beam reinforced with FRP rebars. The model is based on macroscopic finite element approach
and accounts for high temperature properties of constitutive materials, load and restraint conditions, as
well as bond degradation at the FRP-concrete interface. The validity of the model is established by
comparing predictions from the model with data from fire tests. Also, a case study on concrete beams
with different types of reinforcement is presented. Results from numerical studies indicate that
conventional concrete beam with steel reinforcement achieves higher fire resistance than beam with FRP
rebars. Also, a concrete beam reinforced with CFRP rebars attains higher fire resistance than that of a
beam with GFRP rebars. It is also shown that appropriate insulation scheme can significantly increase
the fire resistance of concrete beams with FRP reinforcement.

1 INTRODUCTION
Since the 1990s, the construction industry has shown significant interest in the use of fiber-reinforced
polymer (FRP) reinforcing bars as an alternative to conventional steel reinforcement in concrete
structures. FRP rebars possesses numerous advantages over steel reinforcement, such as lightweight, high
strength and stiffness, low conductivity, corrosion resistance and high durability. Therefore, FRP
reinforcement in concrete members has been used in a diverse range of applications, including bridges,
parking structures, coastal piers, and power plants. However, when used in buildings, provision of
appropriate fire resistance to structural members is a major design requirement. It is well established that
at elevated temperature, FRP reinforcement experiences faster degradation of strength and stiffness
properties than that of steel reinforcement [1,2,3]. Also, when the temperature of FRP exceeds glass
transition temperature (GTT), the bond between FRP rebar and concrete starts to deteriorate rapidly due
to melting (or softening) of polymer matrix [2,4,5]. This will result in loss of functionality of FRP rebars
as tensile reinforcement, and finally might lead to failure of the structural member. Therefore, concern
exists on the fire performance of concrete members reinforced with FRP rebars.
There are very limited studies on the fire performance of concrete members with FRP reinforcement.
Sakashita et al. [6] carried out fire test on 11 concrete beams reinforced with different types of FRP rebars.
They concluded that beams reinforced with CFRP (carbon fiber reinforced polymer) rebars achieved the
highest fire resistance, followed by the beams reinforced with GFRP (glass fiber reinforced polymer)
rebars, and then the beams with AFRP (aramid fiber reinforced polymer) rebars. Also, the beams with
spiral or straight fiber rebars yielded higher fire resistance than that with braided fiber rebars. Abbasi and
Hogg [7] evaluated the fire response of GFRP reinforced concrete beams through experimental study.
They inferred that concrete beams reinforced with GFRP rebars and provided with sufficient concrete
cover, can provide minimum required fire resistance for building applications. Rafi et al. [8] carried out
fire test on two concrete beams with CFRP rebars. In the test, polymer matrix of CFRP rebar almost
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burned out, but the carbon fibers continued to support the concrete beam through “a tied arch” mechanism.
Thus they concluded that the anchorage at two ends of rebars is vital to obtain adequate fire resistance.
The above review indicates that the previous studies mainly involved in undertaking standard fire
tests on concrete beams reinforced with FRP rebars to develop relevant fire resistance ratings. There is no
information on the response of such beams under realistic fire, loading and restraint conditions. Further,
due to availability of different types of FRP rebars in the market, it is almost impossible to conduct
numerous fire tests to characterize fire response of concrete members with different types of FRP
reinforcement. An alternative to the tests is the use of a numerical model to trace the fire response of
concrete members reinforced with FRP rebars. This paper presents the development of a numerical model
for evaluating the fire response of concrete beams reinforced with FRP bars.

2 NUMERICAL MODEL
A numerical model, initially developed for tracing the fire behavior of conventional concrete beams
reinforced with steel rebars [9], is extended to simulate the fire performance of concrete beams reinforced
with FRP rebars. The model is based on a macroscopic finite element approach and utilizes time
dependent moment-curvature (M-κ) relationships to trace the response of reinforced concrete beams from
the initial pre-loading stage to collapse of beam. The numerical model is in the form of computer program
and the analysis is carried out in two stages, namely, thermal analysis and structural analysis.
The fire resistance analysis is carried out at incrementing time steps. In the analysis, the beam is
divided into a number of segments along the length, and the cross-sectional area of each segment is
subdivided into a number of elements, as shown in Figure 1. The fire temperature at each time step is
evaluated through known time-temperature relations of a specified fire. Then the temperature distribution
in the beam cross section is established by applying heat transfer principles and relevant high temperature
thermal properties of concrete and fire insulation.
w
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a. Layout of beam

w
1

2

3

4

5

6

7

8

9

10

11

Fire exposure

12

Fire exposure

b. Discretization into segments and elements
Figure 1 Typical beam layout and discretization of beam into segments and elements

In the strength analysis, segmental M-κ relationships at each time step is generated by applying
equilibrium and compatibility principles. The calculation starts with an assumed value of strain (εt) at the
top fiber of concrete and curvature (κ), and the total strain (εt) in each element of concrete, steel and FRP
rebar can be evaluated as:
Ht

Hc  N y

(1)

where, Ht is the total strain in any element; Hc is the strain at the top most fiber in concrete; κ is the
curvature; y is the distance from the top layer (concrete) to the center of corresponding element. The
mechanical strain in each element of concrete, steel and FRP rebar is evaluated by subtracting the strains
due to thermal, mechanical, transient and creep effect from the total strain:
H mec

H tc  H thc  H crc  H trc (concrete)

786

(2)

Baolin Yu and Venkatesh Kodur

H mes

H ts  H ths  H crs (steel )

(3)

H mef

H tf  H thf  H slip ( FRP)

(4)

where: Htc, Hthc, Hmec, Hcrc, Htrc represent total, thermal, mechanical, creep, and transient strain respectively
in concrete element; Hts, Hths, Hmes, Hcrs represent total, thermal, mechanical, and creep strain respectively in
steel rebar; and Htf, Hthf, Hmef, Hslip represent total, thermal, mechanical, and slip strain respectively in FRP
reinforcement.
The computed mechanical strains are used to obtain stress and force in each element, utilizing
temperature-dependant stress-strain relations of concrete, steel and FRP. An iterative procedure is applied
to calculate the curvature and stress for a given concrete strain (Hc), till force equilibrium is satisfied. For
each time step, various points on the M-κ curve are generated until concrete strain at the top most fiber
reaches its limit or FRP rebar reaches its rupture strain.
The above generated time-dependant M-κ relationships are utilized to carry out stiffness analysis of
the beam at each time step and to evaluate deflections in the beam. For this stiffness analysis, the secant
stiffness of each segment is determined based on the moment level reached in that particular segment.
The global stiffness equation is established by assembling stiffness matrix, loading and displacement
vector of each segment of beam. Then an iterative procedure is applied to solve force-displacement
equations and to evaluate deflections of the beam [10].
The model generates various output parameters including temperatures, strains and stresses in rebar
and concrete, deflections, and flexural capacity. These parameters are utilized to evaluate the failure of
the beam, which is said to occur when one of these limit states is reached:
1) The moment due to applied service loading exceeds the strength of the beam [11].
2) The deflection of the beam exceeds L/20 (where L is the length of beam) at any fire exposure time [12].
3) The rate of deflection exceeds the limiting deflection rate [L2/9000d (mm/min), d is the effective depth
of beam] [12].

3 HIGH TEMPERATURE MATERIAL PROPERTIES
The properties of constitutive materials, which vary with temperature, have significant influence on
thermal and structural response of concrete members exposed to fire. For concrete, high-temperature
thermal and mechanical property relations as per Eurocode [13] and ASCE [14] provisions are built into
in the computer program, and a user can select appropriate properties according to specified concrete
strength (normal strength or high strength) and aggregate type (carbonate or siliceous). For steel and FRP
rebars, the thermal properties (thermal conductivity and specific heat) are not specifically considered in
the model since they do not significantly affect temperature distribution within the beam cross section
[15]. However, relevant temperature-dependant stress-strain relations of reinforcing steel, taken from in
Eurocode [13] and ASCE [14] standards, are built into the computer program.
For FRP rebars, the temperature dependent stress-strain response can be represented through a set of
linear relations [16]. At about 400ºC, the strength and modulus of elasticity of CFRP rebar reduces to 40%
of its room temperature strength and stiffness, while for GFRP rebar the reduction is much more severe,
to about 25%. When the temperature exceeds 400ºC, the strength and elastic modulus of FRP is assumed
to decrease linearly from 40% (CFRP) or 25% (GFRP) to zero at 1000ºC, since fibers continue to have
some strength till 1000ºC [17]. The degradation of strength and elastic modulus of CFRP and GFRP in
20-1000ºC range is shown in Figure 2a.
To account for the slip between FRP rebar and concrete, the strain resulting from slip is incorporated
as one component of the total strain. At each time step, the shear stress at FRP-concrete interface (τ) is
evaluated as:
τ · (πdbar·Leff)= σFRP ·(πdbar 2)/4
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where, σFRP is the tensile stress of FRP reinforcement; dbar is the diameter of FRP reinforcement; Leff is the
effective bond length of FRP reinforcement, obtained based on experimental results reported by Hashemi
and Al-Mahaidi [18]. Then the slip strain at each time step is evaluated as

H

W /E
®
¯0

W!f ½
¾
Wdf ¿

bond

slip

bond

(6)

bond

where, fbond and Ebond represent bond strength and elastic modulus. The temperature-dependant bond
strength and elastic modulus up to 300ºC are plotted in Figure 2b based on the experimental data reported
by Katz et al. [4].
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Figure 2 Variation of strength (F), elastic modulus (E), and bond strength and bond modulus of FRP with temperature

Under fire conditions, thermal strain in FRP reinforcement resulting from temperature rise can also
influence the behavior of FRP reinforced concrete beams. In the numerical model, FRP rebars are
assumed to be deeply embedded inside the concrete members, and thus only longitudinal thermal
expansion of FRP rebar is accounted for in the model. A review of literature indicates that coefficient of
thermal expansion (CTE) is small in 20 to 200ºC temperature range and it fluctuates around zero [19, 20].
This is because the longitudinal thermal expansion of FRP is dominated by the expansion of fiber, which
has negligible thermal expansion at high temperature. Therefore, the CTE is assumed to be zero in 20 to
200ºC range. For temperatures higher than 200ºC, there is lack of test data on CTE of FRP, and a value of
5x10-6/K is assumed in 200-1000ºC range as recommended in previous studies [19].

4 MODEL VALIDATION
The above developed model is validated by comparing the predicted response parameters from the
model with measured data from fire tests on two types of concrete beams. The first beam (Beam I), which
was tested by Rafi et al. [8], is of 120x200 mm rectangular cross-section with an effective span length of
1.75 m. The main flexural reinforcement in the beam is comprised of two ϕ 9.5 mm CFRP rebars, while
two ϕ 8 mm steel rebars form the compressive reinforcement. The simply supported beam is loaded at
two points and is exposed to ISO 834 standard fire [21]. Details of beam configuration and material
properties are shown in Figure 3 and Table 1.
The validation process involved a comparison of predicted thermal and structural response parameters
from the analysis with measured data from tests. For thermal response validation, a comparison of
predicted and measured FRP and concrete temperatures is shown in Figure 4a. It can be seen in the figure
that the temperature in FRP rebar (N1) increased steeply from the early stages of fire exposure. This is
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attributed to the fact that the CFRP rebars are located at the bottom corners and thus are heated from two
sides of beam (soffit and side surface). Also, the concrete cover to FRP rebars is quite small (20 mm).
After about 40 minutes, temperature in FRP rebar exceeds critical temperature of CFRP (360ºC),
indicating a significant degradation in strength and elastic modulus. Critical temperature is defined as the
temperature at which FRP loses 50% of room-temperature strength. Compared to the corner rebar (N1),
the temperature rise at the point mid-way between two rebars (N2), is relatively slower, since it is farther
from the two side surfaces. Also, the temperature at the mid-depth of the beam (N3) remained quite low
throughout the fire exposure duration, and reached only 300ºC at the time of failure. Thus, most of the
concrete in the upper layers of the beam (in compression zone) did not experience any loss of strength and
stiffness. Overall, the predicted temperatures followed closely the measured values at different locations
of the cross section (N1, N2 and N3).
To validate structural response, mid-span deflections predicted by the model are compared with
measured values from the fire test in Figure 4b. It can be seen from the figure that the beam reinforced
with CFRP rebars behaved quite stiff during most of the fire exposure duration, and the deflection at the
mid-span of the beam reached only 9 mm (1/195 of span) after 50 minutes into fire exposure. This stiff
behavior can be attributed to the fact that carbon fibers lose strength and stiffness at a slow pace (as
shown in Figure 2a), and thus the beam can retain a high portion of strength and stiffness, even though the
resin matrix gets melted (or softened). However, when the temperature in FRP exceeds 500ºC (at 60
minutes), the slip strain in FRP becomes significant and thus FRP can not contribute fully to resist applied
moment. At the final stage of fire exposure, Beam I experienced sudden increase in deflection due to
debonding of FRP rebar with concrete in the support regions. The numerical model is not able to capture
this sudden deflection drop as a result of convergence problems. The analysis predicted a fire resistance
of 65 minutes for this beam, which is slightly higher than the measured value in fire test (63 minutes).
Overall, the predicted mid-span deflections compare well with the measured data in the entire range of
fire exposure.
P
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Figure 3 Layout and configuration of beam (Beam I) used in validation (units: mm)
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Figure 4 Comparison of predicted and measured temperatures at various locations in Beam I

As a part of validation process, a second beam (Beam II) reinforced with GFRP rebars (tested by
Abassi and Hogg [7]) was also analyzed and predictions from the analysis were compared with measured
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values from fire test. As in the case of Beam I, the predicted rebar temperatures (GFRP) and mid-span
deflections compared well with the measured data. The plots showing the comparisons are not presented
herein due to space constraints. The predicted and measured fire resistance for this beam is 125 and 120
minutes, respectively, indicating a good agreement. In all, the macroscopic finite element model and the
high-temperature constitutive relations in use, are deemed appropriate for evaluating fire performance of
concrete beams reinforced with FRP bars.
Table 1 Summary of beam properties and results of numerical studies

Properties
Cross section (mm)
Span (m)
Compression
rebar(mm)
Tension rebar(mm)
fc’ (MPa)
fFRP (MPa)
EFRP (GPa)
Load ratio
Load
Concrete cover (mm)
Fire exposure
Measured fire
resistance (mins)
Predicted fire
resistance (mins)

Beam I
120 x 200
1.75

Beam II
350x400
4.4

Beam III
305x533
6.01

Beam IV
305x533
6.01

Beam V
305x533
6.01

2ϕ8 steel

2ϕ12.7 GFRP

2ϕ12.7 steel

2ϕ12.7 steel

2ϕ12.7 steel

2ϕ9.5 CFRP
42
1676
136
35%
30 kN
20
ISO 834

7ϕ12.7 GFRP
42
690
40.8
13%
40 kN
50
BS476

8ϕ16 steel
34.5
413
200
50%
27 kN/m
38.1
ASTM E119

8ϕ16 GFRP
34.5
634
46.4
50%
27 kN/m
38.1
ASTM E119

4ϕ12.7 CFRP
34.5
1379
138
50%
27 kN/m
64
ASTM E119

63

120

--

--

--

65

125

150

70

85

5 CASE STUDY
The validated numerical model is applied to evaluate the comparative fire response of concrete beams
reinforced with different types of reinforcement.
5.1 Beam configuration and analysis details
Three beams (Beams III, IV and V), designed for typical building applications [22], were selected for
the fire resistance analysis. All three beams are of 305x533 mm rectangular cross-section with a span
length of 6.01 m. Beam III has eight ϕ 16 mm steel rebars (in two layers) as tensile reinforcement, while
Beam IV has eight ϕ 16 mm GFRP rebars (in two layers), and Beam V has four ϕ 12.7 mm CFRP rebars
(in one layer). These beams are designed to yield similar flexural capacity and based on the roomtemperature analysis, the nominal flexural strength of Beams III, IV and V is 271, 264, and 264 kN·m,
respectively. Detailed information on beam characteristics and material properties are shown in Figure 5
and Table 1.
Fire resistance analysis was carried out on these above three beams using the above developed
computer program. The beams were exposed to ASTM E119 standard fire from three sides and subjected
to a uniform distributed load, which is equivalent to 50% of room temperature flexural capacity (see
Table 1).
5.2 Effect of type of reinforcement
The thermal response of three beams is shown in Figure 6a, where temperature in the corner rebars is
plotted as a function of fire exposure time. Since GFRP (Beam III) and steel rebars (Beam IV) are located
at identical positions in the cross section (two layers), they experienced similar temperature rise at a given
fire exposure time. As expected, the lower layer rebars in Beams III and IV experienced faster
temperature rise than the rebars at the upper layer, due to the effect of cover thickness. However, GFRP
rebars experienced faster degradation in strength and stiffness at high temperatures as compared to steel
rebars, and thus at any fire exposure time, beam with GFRP rebars (Beam III) had lower capacity than

790

Baolin Yu and Venkatesh Kodur

that of beam with steel rebars (Beam III). Also, GFRP rebar attained the critical temperature limit (300ºC)
at earlier time. However in Beam V, which had only one layer of CFRP rebars, the temperature rise is
slower than GFRP rebars due to relatively larger concrete cover. Also, since CFRP rebar has slightly
better fire resistance than that of GFRP rebars (see Figure 2), CFRP rebar retains much more strength as
compared to GFRP rebar in the entire range of fire exposure.
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Figure 5 Layout and configuration of the beams used for case study

The variation of moment capacity in each beam, with fire exposure time, is presented in Figure 6b. It
can be seen that at any fire exposure time, conventional steel reinforced concrete beam (Beam III) had
higher moment capacity than beams reinforced with GFRP and CFRP rebars (Beams IV and V). This can
be attributed the fact that steel rebars retain higher strength and stiffness at elevated temperature. In fact,
Beam III (with steel rebars) did not have any degradation in moment capacity till 60 minutes into fire
exposure, due to no significant strength loss in steel rebars till about 350ºC. However, in the cases of
Beams IV and V, the moment capacities started to degrade from the initial stages of fire exposure. After
30 minutes into fire exposure, Beams IV and V experienced severe degradation in (moment) capacity.
This is due to the fact that the polymer matrix starts to decompose (at about 200ºC) and FRP rebars lose
much of their strength. Beam reinforced with GFRP rebars (Beam IV) lost moment capacity at a faster
rate since GFRP rebars, at the bottom layer, reached their critical temperature and lost most of their
strength. Finally, Beams IV and V failed at 70 and 85 minutes respectively, by reaching flexural strength
limit. However, Beam III achieved a fire resistance of 150 minutes. Therefore, a conventional steel
reinforced concrete beam (Beam III) exhibits better fire response than that of beams with FRP rebars
(Beams IV and V). Of the different types of FRP reinforced concrete beams, a beam with CFRP rebars
exhibits better fire response than that of a beam with GFRP rebars.
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Figure 6 Effect of type of reinforcement on fire resistance of reinforced concrete beams
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5.3 Effect of fire insulation
Based on the above analysis, a typical concrete beam reinforced with GFRP rebars (Beam IV)
achieved a fire resistance of 70 minutes under ASTM E119 fire exposure. This does not meet the required
fire resistance (ratings) needed in most (practical) building applications. To achieve adequate fire
resistance, appropriate fire insulation can be applied on beams with FRP rebars. Therefore, Beam IV was
analyzed by applying a U-shaped (bottom and side surfaces) fire insulation to study the effect of
insulation on fire response, as shown in Figure 5b. In the analysis, the insulation thickness was varied
from 15 to 35 mm, while the depth of insulation on side surface was kept constant at 150 mm. The
thermal properties (thermal conductivity and specific heat) of fire insulation (VG-EI) follow the test data
reported by Bisby [23].
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Figure 7 Effect of insulation scheme to fire response of concrete beams reinforced with GFRP rebar

Figure 7a illustrates the effect of insulation thickness on the fire response of reinforced concrete
beams. The temperature rise in corner GFRP rebar is plotted against fire exposure time for four cases, one
without any insulation (Case 1) and other three with varying insulation thickness at beam soffit (Cases 2,
3 and 4). It can be seen that the application of insulation significantly slows down the temperature rise in
GFRP rebar, and this in turn leads to slower degradation of strength and stiffness in FRP rebar. Further,
when the insulation thickness increases from 15 to 25 mm, the temperature in GFRP rebar decreases
significantly at any given fire exposure time, especially in inner FRP rebar, where the temperature
remained below critical temperature of GFRP even at 180 minutes. This indicates that a concrete beam
with an insulation thickness of 25 mm can achieve a fire resistance of 3 hours. However, when the
insulation thickness is increased from 25 to 35 mm, there is no major advantage, since the temperature in
GFRP rebar is already below the critical temperature limit.
Table 2 Effect of insulation thickness on fire resistance of beams with GFRP rebars

Case
1
2
3
4

Insulation (mm)
Extension on
Thickness
side surfaces
none
none
15
150
25
150
35
150

Load level (%
of room-temp.
capacity)
50%
50%
50%
50%

Corner rebar
temperature
(ºC)
808
452
337
300

Fire
resistance
(minutes)
70
140
180
200

The structural response of beams with varying insulation thickness is shown in Figure 7b, by plotting
variation of moment capacity with fire exposure time. It can be noticed that the beams with fire insulation
retained much higher moment capacity than uninsulated beam throughout the fire exposure duration. In
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all three insulated beams, there is no major loss of flexural capacity till 60 minutes into fire exposure,
while in the case of uninsulated beam, the moment capacity starts to decrease at about 15 minutes into fire
exposure. Of the three beams with insulation, beams with 25 mm and 35 mm thick insulation experienced
moment degradation starting at 75 minutes and after that follow similar trend. However, the beam with 15
mm thick insulation experiences drop in moment capacity starting at about 60 minutes, due to relatively
higher temperatures developing in corner and inner FRP rebars. The beam with 15 mm thick insulation
achieved a fire resistance of 150 minutes, while the beams with 25 mm and 35 mm thick insulation failed
at 180 and 200 minutes respectively, as shown in Table 2. This analysis inferred that beyond an optimum
insulation thickness, increasing insulation thickness does not help to achieve higher fire resistance.
Therefore, for this types of insulation and beam configuration, the optimum thickness of fire insulation is
25 mm. Also, this analysis clearly illustrates usefulness of the numerical model in developing optimum
insulation scheme for concrete beams reinforce with FRP rebars.

6 CONCLUSIONS
Based on the information presented in this paper, the following conclusions can be drawn:
1. The fire response of a concrete beam reinforced with FRP rebar is different from that of
conventional concrete beam reinforced with steel rebars. There is limited information in the literature on
the fire performance of concrete beams reinforced with FRP rebars.
2. The numerical model presented in this paper is capable of predicting the fire response of concrete
beams reinforced with FRP rebars. The model accounts for high temperature properties of concrete, FRP
and fire insulation, temperature-induced slip at FRP-concrete interface and different fire and loading
conditions.
3. Concrete beams reinforced with FRP rebars have lower fire resistance than that of conventional
steel reinforced concrete beams. Further, concrete beams reinforced with GFRP rebars have lower fire
resistance than that of beams with CFRP rebars.
4. Provision of appropriate fire insulation can significantly enhance the fire resistance of concrete
beams reinforced with FRP rebars. Providing 25 mm thick fire insulation at the bottom, and extending to
150 mm depth on two sides of beam, can increase the fire resistance of a beam with GFRP rebars from 70
minutes to 180 minutes.
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Abstract. A performance-based fire resistance evaluation method, called hybrid fire testing (HFT), was
developed and carried out at the Fire Research Program of the National Research Council of Canada
(NRC). HFT offers a more cost-effective approach to the assessment of the full structures performance in
fire than that of a full-scale test and provides more reliable results than prescriptive single component
testing. In the HFT method, the whole building is divided into two substructures; 1) the test specimen and
2) the model component. Then, fire performance of the whole structure is evaluated based on coupling
the performance of the two substructures and by including their interactions in real time during the
simulation. In this study, the HFT was applied for a 6-storey reinforced concrete building structure with a
fire compartment scenario on the first floor. The test specimen was a worst-case scenario column in the
compartment of fire origin in the building. The specimen was physically tested in a full-scale furnace, and
the remaining of the building structure was modelled using numerical analysis software. In the HFT, the
real time interactions between the two substructures are based not only on including the experimental
results obtained from the test specimen into the numerical model component but most importantly also
including feeding the output of the model component back into the test specimen environment (e.g.
vertical and lateral loading changes). In other words, both equilibrium and compatibility conditions are
satisfied between the test specimen and the model component. The results of this study show that the HFT
is achievable and can be performed successfully for fire performance evaluation of a building structure.

1 INTRODUCTION
Traditional fire resistance testing evaluates the performance of individual building elements with no
consideration given to the interaction with other parts of the building. On rare occasions, fire performance
is assessed by constructing and testing an entire building, a very expensive approach. In the last few years
an attempt was made at the Fire Research Program of the National Research Council of Canada (NRC) to
explore solutions for such a gap by developing a performance-based approach called Hybrid Fire Testing
(HFT).
HFT is based on performance simulation of the whole building using a sub-structuring approach. That is
to split the whole structure into two substructures: 1) test specimen and 2) model component, as shown in
figure 1. The test specimen is the structural element or assembly that is exposed directly to fire. The
model component includes the remaining of the building structure, excluding the test specimen. The
model component could include both elements exposed to fire and elements at ambient temperature,
providing the analysis software has the capability of performing structural analysis at elevated
temperatures.
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Usually, in a building fire scenario, fire is expected to be confined in the fire compartment at the fire’s
origin. Therefore, compared to the total number of structural elements in a building, only a few of them
are likely to be exposed to fire. Since more reliable models are available for structural analysis at ambient
temperature than that at elevated temperatures; the test specimen should include all the elements exposed
to fire, or at least the worst case scenario element/assembly, in the fire compartment. In this study, the
column in the middle of the fire compartment, on the ground floor of the building, is selected as the test
specimen, which is the only column exposed to fire. There are also four beams in the fire compartment,
but they are simulated as part of the model component using SAFIR software [1]. SAFIR software has the
capability of simulating structures at both ambient and elevated temperatures and therefore, it was
selected for analysis of the model component of the HFT.

Model Component

Model Component

Real-Time
Interaction

Whole Structure

Test Specimen
Test Specimen
Figure 1. Division of a structure into test specimen and model component in the HFT.

One of the most important parts of the HFT process is the real-time interactions between the test
specimen and the model component. That means, during the application of HFT, interface loads and
deformations, between the test specimen and the model component, should be updated, at each interval
time during the hybrid fire testing, to satisfy both compatibility and equilibrium conditions. The
interactions could be performed using a controlled load or a deformation controlled method. For this
study, the interface deformations on the model component were controlled by displacement of the test
specimen and load on the column was controlled by the load obtained from the analysis of the model
component. The detail of the HST methodology is provided by Mostafaei [2]. This paper provides only
the results of the HFT application for the 6-storey building.
In the HFT described in this study, both the test specimen and the model component are exposed to an
appropriate design fire. In other words, the temperature curve should be known before the test. In case of
a real fire test, interactions must include temperature components in addition to the load and deformation.
That is to measure temperatures for the test specimen and impose the model component to the same
temperatures in the analysis.
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The cost for application of HFT is very low, almost the same as that of the traditional prescriptive tests,
however resulting in more reliable results than the prescriptive testing. Furthermore, the method is very
flexible. Various building structural configurations and properties could be tested by building only the
structural elements that are exposed to fire.
HFT can also be implemented remotely using different physical testing facilities and a simulation analysis
from different locations anywhere in the world. This could be implemented by applying a proper
communication technique between the software and physical testing facilities.

2 HFT METHODOLOGY
The HFT method conceptually was developed based on a sub-structuring analysis concept. In such an
analysis, the whole structure is divided into two or more sub-structures by including force and
deformation interactions amongst the sub-structures. The main purpose of sub-structuring analysis is to
reduce the amount of analytical calculations by distributing them among different computers/processors.
For instance, one of the main rules in structural decomposition is to have minimum interface nodes and
have equal numbers of degree of freedom in the sub-structures. This would result in reduction of time and
memory required for the analysis, since multiple processors will be used instead of one for the analysis
[3]. However, for the HFT, the sub-structuring method is to divide the structure into two sub-structures,
one being tested physically, the test specimen, and one being simulated numerically, the model
component. Size of the test specimen substructure depends on the capacity of the test facility. For
instance, in case of this study, the column furnace at the NRC could expose a full-scale column specimen.
Therefore, the test specimen substructure consists of the worst case scenario column in the fire
compartment. If a larger facility is accessible where the entire fire compartment can be simulated then the
test specimen substructure includes all the elements of the fire compartment and the model component
substructure includes the remaining of the structure, the elements at ambient temperature. Figure 2 shows
the 6-storey building structure, for this study, with a fire compartment on the first floor. As shown in the
figure, a column on the first floor is the column in the assumed fire compartment, which has been selected
as the test specimen and the remaining of the 6-storey building is considered as the model component. In
this study, symmetric conditions were assumed for the applied load and fire load. That means fire
compartment was located symmetrically in the middle of the building on the first floor and the building
was loaded uniformly under the typical dead load and live load, uniformly. This was done to simplify the
first time implementation of the HFT. For application of HFT, in the case where the test specimen is
located on upper floors or at a corner span, information is provided by Mostafaei [2].
Considering the above symmetric conditions, moments about the horizontal axes for beams next to
the test specimen, the centre column on the first floor, will be the same but in the opposite directions.
Therefore, no rotation is expected at the top end of the test specimen. Furthermore, fire compartment is
assumed to be in the centre of the first floor. In this case, a symmetric distribution for thermal expansion
of the floor is expected, resulting in zero lateral deformation in the centre of the floor where the test
specimen is located, and a maximum lateral deformation at the edge of the floor. Therefore, the test
specimen is not subjected to any lateral deformation at the floor level during the fire. In other words, the
only interaction components between the test specimen and the model component are the vertical load,
column’s axial load, and the vertical deformation at the top end of the test specimen. Figure 3 shows the
location of fire compartment in the building as well as the elevation and floor plan of the building.
Based on the above simplification, the HFT can be implemented, in the following simple steps:
Step 1: Run a structural analysis under the applied load for the whole structure, at ambient
temperature and obtain the vertical load and vertical deformation at the top end of the test specimen, top
of the first floor’s centre column.
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Model Component

Real-Time
Interaction

Whole structure

Test Specimen
Figure 2. Division of a 3D 6-storey structure into Test Specimen and Model component in the HFT.
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4 × 5.0 m
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X

X
Middle Main Frame Elevation

Floor Plan

Figure 3. Elevation and floor plan of the building with location of the fire compartment.

Step 2: Run another structural analysis under the same applied loads but for the model component
only, while the frame is subjected to the vertical deformation obtained in Step 1 for the top end of the test
specimen. This will create a vertical constraint at the top end of the test specimen resulting in a vertical
load reaction. Obtain the vertical load reaction. If the load reaction is different from the axial load
obtained in Step 1, then an adjustment in deformation may be needed to minimize such a difference, as
described in Mostafaei (2011). Normally the difference is very small and this can be ignored. The
obtained axial load and vertical deformation in this step are considered as the initial values. The initial
vertical load and initial vertical deformation for the top end of the test specimen of this study were 2000
kN and -0.00133 m respectively.
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Step 3: Apply the initial vertical load, obtained from Steps 1 and 2, on the top of the test specimen, as
the axial load of the column, gradually. Once the load is stabilized, the test is ready to start. Figure 4
shows the column specimen at this stage before the test.

Figure 4. Test specimen installed in the column furnace testing facility, just before the start of the fire.

Step 4: Start the fire in the furnace for the test specimen.
From here, all the steps will be repeated for each time increment, Δt.
Step 5: Read new vertical deformation of the test specimen, at the top end. Then run the analysis for
the model component, while it is subjected to the previous applied load and to the new vertical
deformation of the test specimen and obtain the new vertical load reaction.
Figure 5 shows the computer used for numerical simulation of the model component as well as the
new digital controlling system of the column, used for the HFT.

ew Column Furnace
Digital Controlling
System

D Computer
Simulation of the
model
component

Figure 5. The column furnace controlling system and the computer simulator used for application of the HFT.

Step 6: Adjust the vertical load of the test specimen, axial load of the column specimen in the furnace,
with the new vertical load reaction obtained from the analysis in Step 5.
Step 7: Repeat steps 5 and 6 for each time increment, Δt, for the entire test including the cooling
phase. Δt depends on the level of the acceptable error, e.g. acceptable variations of the vertical load and
deformation between the test specimen and the model component. For this study, time increment was
approximately every 5 minutes.

3 THE 6-STOREY BUILDING SPECIMEN
A 6-storey reinforced concrete building was designed as the whole structure specimen for this study.
The design was based on the North American codes and standards. Details for the design of the 6-storey
structure and information on the test specimen can be found in the original report [2]. Figure 6 shows the
overall 3D structural frame configuration of the building.
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Figure 6. The 3D frame of the 6-storey reinforced concrete building designed for this study.

4 IMPLEMENTATION OF THE HFT
For implementation of HFT the NRC column furnace testing facility was used to perform fire test of
the test specimen. The numerical analysis of the model component was simulated using a structural
analysis software called SAFIR [1]. SAFIR has the capability of simulating the structures in fire;
therefore, beams located in the fire compartment were simulated considering their fire exposure. The
interactions between the test specimen and the model component was implemented manually during the
test, by reading the test results and including them in the input file of SAFIR and after analysis, by
reading the output file of SAFIR and posing the new vertical load on the test specimen. An interface
software was developed to speed up the interaction process, which was being performed approximately
every 5 minutes.
Mechanical properties of the concrete and steel reinforcement for all the cross sections were assumed
identical to that of the column specimens. Beams and columns were simulated using fibre models and
therefore shear responses of the elements were considered negligible. All the connections were
considered moment resisting connections.
At the start of the test the measured ambient temperature was 23.4oC. The average temperatures in the
fire compartment, both in the furnace and in the simulation, during the HFT, were controlled based on the
CAN/ULC-S101 standard temperature-time curve [4].

5 HFT RESULTS
The HFT results include temperature distributions on the test specimen, driven from the furnace test,
and all the elements, exposed to fire, in the model component, driven from the numerical analysis.
Vertical load and deformation, as well as, deformation and the internal loads of the model component are
determined and recorded at each time increment during the HFT. Therefore, comprehensive performance
response information can be provided by the HFT for the whole structure.
As an example for the test specimen, Figure 7 illustrates temperatures in cover concrete and
temperatures at the centre of the concrete cross section, compared with the average temperatures in the
furnace, during the fire and the cooling phase.
As an example for the model component, Figure 8 illustrates deformation of the building at the time
when the fire exposure stopped, at 4 hours. Figure 9 shows only half of the building in Figure 7, the rest
of the building was hidden to better observe the structural response at the fire compartment location.
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Figure 7. Temperatures in the furnace, cover concrete and centre of the concrete cross-section of the test specimen.

Figure 8. Vertical displacement response of the model component of the 6-storey building, after 4 hours fire exposure.

Figure 9. Section A-A of building in Figure 8.

The results of the numerical analysis include shear and axial load, moment, deformations and
rotations for all the building elements and nodes as well as temperature distributions of the beams in the
fire compartment. The main purpose of this study is to demonstrate that the HFT is achievable. Although,
all the performance components for the building structure were calculated during the test, this study
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focuses more on the application of the HFT. Therefore, only the overall results of structural performance
of the building were provided in this paper.

6 VERIFICATION OF EQUILIBRIUM AND COMPATIBILITY CONDITIONS
For the HFT, equilibrium and compatibility conditions between the test specimen and the model
component need to be satisfied. This is required to ensure that the interactions between the two
substructures are adequately performed during the HFT and that the results of the two substructures could
represent the results for the whole structure. The two main interaction components, in the case of the 6strorey building and the fire scenario in this study, are the vertical load and the vertical displacement at
the interface of the two substructures. Therefore, the equilibrium condition will be evaluated by
comparing vertical load of the test specimen and the model component. The compatibility condition will
be assessed by comparing vertical displacement of the test specimen and the model component at their
interface point. Figure 10 shows verification of the equilibrium condition and Figure 11 shows
verification the compatibility condition. The results indicate that both equilibrium and compatibility
conditions were satisfied during the HFT.

Figure 10. Equilibrium: vertical load at the interface of the test specimen and the model component.

Figure 11. Compatibility: vertical displacement at the interface of the test specimen and the model component.

7 CONCLUSION
A new hybrid fire test (HFT) was implemented for the performance evaluation of a 6-storey building
structure exposed to fire. Using the HFT, the whole structure was divided into two substructures: a) test
specimen and b) model component. The test specimen was tested physically using the NRC column
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furnace facility and the model component was simulated using numerical analysis software. Interaction
components between the test specimen and the model component included load and deformations at the
interface point. Both equilibrium and compatibility conditions were satisfied during the HFT performed
for the 6-storey building. This study showed that application of a hybrid fire test for a typical structure,
e.g. building, is achievable.
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Abstract. The paper presents the results of a study on the impact of high temperature on compressive
strength and ultrasonic pulse velocity in ordinary (OC) and high performance concrete (HPC). The
relationship between concrete residual compressive strength (fcT) and ultrasonic pulse velocity (VT) was
investigated and a regression curves fcT (VT) having the similar logarithmic character was proposed. The
basic curve proposed in the standard EN 12504-4 appears to be not appropriate in describing the
dependency fcT = f(VT) for heated concrete. Due to the basic curve limitation to ultrasonic pulse velocities
ranging between 4.0 and 4.8 km/s, its practical implementation for heated concretes seems to be limited.
In this study most of VT values even for concrete samples heated to 200 °C were below the value of
4.0 km/s. In the paper the damage extent in thermally affected concrete element was also investigated
with exponential transducers using point-by-point analyses on cored samples.

1 INTRODUCTION
After a fire, concrete structure requires damage assessment. The aim of a post-fire investigation is to
determine the extent of the damage and the thickness of the degraded concrete. As the duration of the
actual fire is limited and concrete structures are usually not completely destroyed in a fire, according to
[1] most of the fire affected structures can be efficiently repaired. However the assessment of condition
and safety analysis of the structure after the fire is necessary to make the right decision on a strategy of
repair, strengthening of the structure as an alternative to demolition. Most of the in situ techniques used
to assess the condition of concrete after being exposed to fire are well-known methods, widely used to
assess the properties of concrete in structures [1, 2, 3]. In case of fire damage, laboratory techniques are
also used to examine concrete integrity. These tests require the sampling of material and laboratory
testing.
The tests carried out on concrete core samples are designed to determine the residual mechanical
properties of the damaged concrete (direct method) or else to estimate the temperature to which the
concrete was exposed during the fire (indirect methods). Such tests include resonance frequency method,
ultrasonic method, DTA, TGA, X-ray diffraction, scanning microscopy, thermoluminescence, chemical
or petrographic analyses or colourimetry [4].
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2 ULTRASONIC PULSE VELOCITY METOD
2.1 Measurement principles and its applicability for heated concrete
The UPV measurements is the one of various non-destructive testing methods used to evaluate
concrete quality and – more generally – the level of the damage to the material. In particular, the velocity
of sound in concrete is a high-quality thermal damage indicator, due to its sensitivity to the Young’s
modulus changes. The elasticity change due to heating is progressive, quasi-linear decrease resulting
from portlandite decomposition, CSH gel dehydration, but also due to the mismatch of deformations
between the aggregates, which expand, and cement paste, which itself undergoes shrinkage. Moreover as
it is widely admitted, the velocity of sound in concrete depends strongly from its moisture content.
During heating, moisture is progressively removed from the material. The order in which water is
removed from heated concrete depends on the energy that binds the water and the solid. Thus, free water
evaporates first, followed by capillary water, and finally by physically bound water. The process of
removing water that is chemically bound with cement hydrates is the last to be initiated. As the water
presents in the porous structure of the material plays an important role on the measured V values thus, the
water departure due to heating and dehydration will affects strongly the velocity of sound.
When concrete is heated under conditions of fire, the increase in temperature in the deeper layers of
the material is progressive, but because this process is slow, significant temperature gradients are
produced between the concrete member’s surface and core. UPV techniques may be applied also to
determine the inferior quality concrete layer by indirect techniques [3, 4] or by direct transmission on
core material [4].
2.2 Ultrasonic measurement equipment and probes
In this research a PUNDIT plus - Portable Ultrasonic Non-destructive Digital Indicating Tester was
used. The exponential and cylindrical transducers were applied for the concrete investigation. Both types
of transducers were characterized by the nominal frequency of 54 kHz. The exponential transducers have
exponentially curved tips witch acts to concentrate the ultrasonic energy to a small point. The
concentrator tip end diameter of is of 6 mm, so it may be treated as the point source of spherical
longitudinal wave. For this type of probes no acoustic coupling agent or polishing is required. Moreover,
the application in case of curved surfaces, like core sample, or in case of rough spalled concrete elements
is feasible. This type of probes provides relatively weak signals compared to conventional transducers.
For this type of probes the preamplifier is indispensable in order to increase ultrasonic signal. The 20 dB
preamplifier was used along with exponential probes.

Figure 1. PUNDIT plus ultrasonic test equipment.

Figure 2. The cylindrical and exponential probes, frequency
of 54 kHz.

The UPV measurement is very simple to perform, but initial calibration testing is required to interpret
the results. An attempt to determine concrete strength (fc) based on just the ultrasonic pulse velocity (V)
cannot be regarded as reliable without correlating the velocity data with the results of destructive testing
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of the affected material. Moreover, accordingly to EN 206-1 the possibility of the strength determination
only on the basis of non-destructive testing is excluded. UPV tests should be treated as accompanying to
the destructive core tests. The appropriate calibration procedures (direct correlation with cores, and
calibration with cores for a limited strength range using an established relationship) are described by EN
13791 standard [5]. Following this standard recommendations, the scaling approximation is based on the
basic curve derived from the formula:
fc= 62.5 V2 – 497.5 V + 990

( 1)

This formula is intended for concrete where the ultrasonic pulse velocity ranges between 4.0 and
4.8 km/s.
Without calibration, concrete quality can only be estimated by measuring the ultrasonic pulse
velocity in accordance with the assumptions listed in Table 1. Studies carried out by [3, 6, 7, 8]
demonstrated the validity of the ultrasonic method in assessing the uniformity of heated concrete.
According to [7], the ultrasonic method can be successfully applied in both comparative and qualitative
testing, such as fire damage assessment, but not in quantitative testing intended to determine strength.

3 OBJECTIVES AND SCOPE
The tests were performed on concrete samples heated to a temperature between 200 and 800 ° C. The
range was limited to 800°C because preliminary testing had shown that damage caused by temperature of
1000 °C was too important to allow compressive strength test realization.
The objective of this study was to identify the relationship between the results of non-destructive
tests and changes in strength caused by heating. The results, given below, made possible the
determination of correlations between residual compressive strength fcT and ultrasonic pulse velocity VT.
In this research two types of transducers were used, cylindrical and exponential, and the comparison
of results obtained with the use of those two types of probes for two concrete was presented. Moreover,
the results of the point-by-point analyses of concrete cores were performed on cores drilled from the
concrete element where a gradient of temperature was achieved across the element section. By this mean
the estimation of thickness of the inferior quality concrete layer was determined.
3.1 Tested materials
The tests were performed on ordinary (OC) and high performance (HPC) concretes. Both concretes
were produced with the same components mixed in different proportions to achieve different properties.
The compositions of the two concretes are summarised in Table 2. The content of the cement paste and
mortar in both concrete mixes were constant, only the amount of water reducers varied in order to ensure
appropriate consistency.
Table 1. Classification of concrete quality
according to ultrasonic pulse velocity [8]

Ultrasonic pulse
velocity V [ km/s]

Concrete quality

> 4.5

Very good

3.5 – 4.5

Good

3.0 – 3.5

Dubious

2.0 – 3.0

Poor

< 2.0

Very poor

Table 2. Compositions tested ordinary OC
and high performance HPC concretes

Concrete
Unit
Component
cement CEM II/A-V42.5R kg/m3
water
dm3/m3
w/c ratio
riverbed aggregates
- sand 0 - 2 mm
kg/m3
- gravel 2 - 8 mm
kg/m3
- gravel 8 - 16 mm
kg/m3
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OC

HPC

322
193
0.6

478
129
0.27
623
660
550
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3.2 Samples and heating method
All tests were performed on concrete cubes of side 0.15 m. Concrete age at the beginning of tests was
of 120 days. The samples were heated in a programmable Nabertherm laboratory furnace at the heating
rate of 0.5°C/min. Once, the set temperature T (T = 200, 400, 500, 600, 800 °C) was reached, it was
maintained for five hours to achieve a uniform temperature distribution across the sample. The samples
were then cooled down in the oven at non-regulated rates. Once cooled down, the samples were stored
for two months in laboratory conditions (at ca. 18°C and ca. 50% relative air humidity) prior to testing.
This time interval between the heating up and testing was designed to represent real-life conditions where
concrete diagnostics are not normally performed immediately after the fire.
As the surface of the heated samples showed no clear evidence of damage, cylindrical transducers
were chosen for the measurements and located in the centre of opposite sides of the sample cubes. To
avoid excessive energy loss on contact between the measuring head and the concrete surface, a coupling
medium was used. Subsequently, the exponential transducers were used for the direct ultrasonic
transmission measurements, also in this case probes were located in the centre of opposite sides of cubes.
Compressive strength tests on both heated (two samples per temperature) and non-heated (three samples)
concrete samples were performed when non destructives tests were completed.
In order to verify if the damage assessment of the concrete elements, where the temperature and
damage gradient is present, was possible the point-by-point analyses with use of exponential transducers
were performed. HPC's concrete slab, size of 0.305 x 0.305 x 0.150 m, was heated mounted in the place
of doorway of a laboratory furnace (Figure 3). In this way, a temperature gradient was achieved across
the slab section, reflecting the real-life conditions during a fire. The furnace was programmed to heat the
specimens with the maximum power in order to obtain a step temperature gradient leading to the damage
gradient within the slab width. The heating gradient obtained within the specimens was of 43 °C/cm.
Type K thermocouples were embedded during slab casting in its centre at depths of 1, 3, 5, 7, 9 and 11
cm. The LUMEL KD7 data acquisition station was used and all signals were recorded at one-minute
intervals. The specimen was heated until a surface temperature reaches 900 °C, the Figure 3 shows
temperature evolution within the slab. The continuous temperature measurement at the slab surface and
the measurements taken at 1, 3, 5, 7, 9 and 11 cm allowed the reproduction of the temperature
development in time. After heating the cores were drilled from the element and tested by the direct
transmission.

Figure 3. HPC's slab mounted in the place of doorway of the furnace - curve of temperature with time at several
depths - scheme of the slab coring.

4 RESULTS ANALYSIS AND DISCUSSION
4.1 Results of uniformly heated cubic samples
For both ordinary and high performance concretes the gradual compressive strength decrease was
observed with the temperature increase . This is primarily a consequence of progressive dehydration of
the CSH gel, the breakdown of portlandite and the destruction of the contact zone between shrinking
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cement paste and expanding aggregate. Figure 4 illustrates the change in residual compressive strength
values as a function of temperature as determined using a destructive method.

Figure 4. Impact of temperature on residual compressive strength (OC and HPC) [9].

For all samples the transit time of the ultrasonic wave was measured allowing the velocity
determination. The results of ultrasonic pulse velocity measurements were obtained both by testing with
the cylindrical and exponential probes (Figure 2). As the exponential transducers with the preamplifier
were used, the measured velocities were significantly below those determined with the use of cylindrical
ones. The difference between ultrasonic velocity readings obtained with cylindrical and exponential
transducers was attributed to the erroneous assumptions concerning the distance measurement between
exponential transducers (Figure 5). For all tests with exponential transducers, realized on uniformly
damaged concrete cubes (side a = 0.15 m), the distance that should be considered was of AB (Figure 5).
The real time of travel measured with PUNDIT device was of tAB . That is the time of travel from side to
side of concrete cube but also through two steel concentrator tips. In the construction of those
transducers, cylindrical part containing piezoelectric crystals and stainless steel exponential wave
concentrators can be distinguished. In order to evaluate the travel time error, the length of exponential
concentrator tips was determined, and the correction of travel time δ was evaluated to be of 17.38 μs.
This correction was subsequently implemented in all measurement performed with exponential
transducers.

Figure 5. Real time of travel measurement using exponential transducers.

When the correction factor δ was take into account a good agreement between cylindrical and with
exponential transducer measurements was found. Figure 6 presents the results obtained in ordinary
concrete (OC) and high performance concrete (HPC) for cylindrical and exponential probes. For nonheated concrete the ultrasonic pulse velocity was of 4.18°km/s in the OC and 4.87 km/s in the HPC.
Similarly as in the case of compressive strength, heating caused a gradual reduction of the pulse velocity
value VT. In samples heated to the maximum temperature of 800°C, these velocities measured with
cylindrical transducers were of 1.05 km/s and 1.67 km/s respectively.
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Figure 6. Impact of temperature on the ultrasonic pulse velocity (OC and HPC).
Cylindrical and exponential transducers.

4.2 Decay factors
In Figure 7, the effect of temperature on compressive strength (Dfc) and ultrasonic pulse velocity (DV)
decay factors, both for heated OC and HPC concrete, are presented. Additionally, the UPV decay factors
obtained with cylindrical and exponential transducers were compared. The decay factors (eq. 2 and eq. 3)
evaluate the properties deterioration of the heated concrete samples, by comparing them with the
parameters found in non-heated concrete:
Dfc = 1- fcT/fc20°C

(2)

DV = 1- VT/V20°C

(3)

These graphs show that the ultrasonic method, can serve as an effective tool for assessing
qualitatively the damage caused by high temperature. When compared to the actual damage (Dfc)
measured using a destructive method, the damage coefficient DV identified with the ultrasonic method
was slightly higher, with the exception of 800 °C. From the engineering perspective the overestimated DV
results, both measured with cylindrical and exponential transducers, mean that the ultrasonic method
allows for the safe assessment of the concrete deterioration.

Figure 7. Compressive strength reduction coefficients (Dfc) and ultrasonic pulse velocity (DV) as a function of
temperature; a) ordinary concrete (OC), b) high performance concrete (HPC)

4.3 Regression curve
In both concretes the ultrasonic pulse velocity change curves in a function of temperature are almost
identical in shape (Figure 6). This similarity can be found also in Figures 8 presenting the fcT(VT)
relationship for OC and HPC. A satisfactory agreement between measurements made with cylindrical and
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exponential transducers may be observed, when the correction of travel time δ is applied. The best fitting
line was determined by regression analysis on the data pairs that were obtained in the testing programme.
The tests results were approximated using logarithmic functions. The equations of regression curves and
determination coefficients, R2, describing their match to the results were also given in Figures 8.
The regression curve for exponential transducers were then corrected by adjusting the transit time by
factor δ of 17.34 μs. As the result, a corrected logarithmic curves were obtained (see Figure 8), described
by the following equations:
fcV= 44.86 ln(VT) + 25.15

(4)

fcV= 22.09 ln(VT) + 15.81

(5)

A comparison of the test curves obtained and the basic curve prescribed in the EN 13791 [5]
standard, shows an important mismatch (Figure 8). Indeed, only the non-heated samples (both concretes)
and the high performance concrete samples heated to 200 °C stayed within the velocity range of 4.0 –
4.8 km/s required by the standard. The basic curve envisaged by the standard can therefore only be used
for high quality concrete. However, after being heated to 400 °C concrete samples still present 39.1 MPa
for OC and 83.1 MPa for HPC. By the velocity range limitation, basic curve practical implementation for
heated concretes is decidedly limited.

Figure 8. Regression curves for OC and HPC

According to the classification shown in Table 1, all concrete samples heated to more than 600 °C
and tested with the ultrasonic method showed poor or very poor quality. Ordinary concrete samples (OC),
in accordance with the nomenclature proposed in [8], changed from good to dubious quality at as low a
temperature as 400°C

5

POINT-BY-POINT ANALYSES OF CONCRETE CORES

Three cores of the diameter Ø 0.08 m and the length of 0.15 m were drilled from the element heated
accordingly to the procedure presented in chapter 3.2. For each of cores the point-by-point measurements
were taken following two axes with the step of 10 mm. When making the measurement, the probe tip was
rocked on the surface of concrete sample until the minimum transit time was obtained. The results of
direct transmission time are presented in Figure 9, and they are plotted as a function of the distance from
heated surface.
The presence of the inferior quality layer of concrete was observed. Its thickness was of ca. 80 mm.
That corresponds to the maximum temperature of 500 °C. The temperature of 500 - 550 °C is the
portlandite decomposition range (Ca(OH)2 → CaO + H2O↑). The CaO created in this reaction makes the
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elements made of Portland cement practically redundant after cooling. In particular when the CaO
combines with water from the atmosphere a consequent expansion may lead to the supplementary
material damage. More to the point, the 500 °C isotherm method of calculating the load-bearing capacity
of reinforced concrete members subjected to fire, is based on the assumption that the section of concrete
where the temperature had exceeded 500 °C is omitted from the calculations.

Figure 9. Point-by-point analyses of concrete on cores drilled from
thermally damaged HPC's slab.

Figure 10. Cored specimen before and after
compression test.

Figure 11. The local compressive strength values determined: a) on the basis of maximum temperature measured in
the section, and fc(T) curve, b) with the UPV point-by-point exponential transducer measurements, and fc(VT)
regression curve.

The local velocity values, measured by point-by-point along the height of the core, were then
determined on the basis of time of travel and sample diameter determination. Subsequently after the UPV
tests, the surfaces of cores were grinded and then tested in compression. The average value of
compressive strength obtained for tested cores (Figure 14) was of 34.6 MPa , and the results of particular
test were of fc1=35.6 MPa, fc2=32.2 MPa and fc3=36.1MPa.
From the ultrasonic pulse velocity measurements, made with exponential transducers, the inferior
quality layer presented the VT of 2.0 km/s (Figure 9). For this layer the calculated compressive strength
from calibration curve (Figure 11 b) was of ca. 60 MPa.
The value of local compressive strength in the depth of the slab was also designated on the basis of
maximum temperature measured in the section. At the depth of 1 mm, the temperature of 770 °C was
recorded which corresponds to a compressive strength value of 40 MPa. The evaluated fc from the fcT(T)
relationship is presented in Figure 11 a.
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Eventually, both local compressive strength evaluation techniques described above gave an
overestimated value of fc, respectively 40 MPa and 60 MPa, compared with compressive strength
determined on the core samples.

6 CONCLUSIONS
In view of the testing methods presented and their results the following conclusions seem justified:













The temperature to which concrete is heated has a clear and straightforward influence on the
measured ultrasonic pulse velocity and its compressive strength up to 800°C;
Ultrasonic pulse velocities differ markedly between the ordinary and high performance concrete.
However, the shape of the VT curves as a function of temperature is similar for two tested concretes;
The measurement of ultrasonic pulse velocity using the exponential transducers with the preamplifier
gave repeatedly, lower values of VT than those obtained with a cylindrical ones. Reason of this
discrepancy was discussed. The correction of travel time δ need to be applied when the exponential
transducers are in use;
The basic curve proposed in the standard EN 12504-4 seem to be not appropriate in describing the
dependency fcT(VT) for heated concrete. Due to the basic curve limitation to ultrasonic pulse
velocities ranging between 4.0 and 4.8 km/s, its practical implementation for heated concretes seem
to be limited. This implies the use other empirical equations;
The logarithmic regression curves for heated concretes were proposed for the UPV ranging between
1.0 and 4.8 km/s. A satisfactory agreement between measurements made with cylindrical and
exponential transducers may be observed, when the correction of travel time δ is applied;
The comparison of decay factors of compressive strength (Dfc) and ultrasonic pulse velocity (DV)
demonstrated that ultrasonic measurements may constitute an effective method of assessing the
quality of concrete affected by high temperature. From the engineering perspective the overestimated
decay results obtained by the mean of the ultrasonic method (cylindrical and exponential transducers)
allows for the safe qualitative assessment of concrete degradation;
With the point-by-point UPV measurements on cores drilled from thermally damaged slab, the layer
of concrete with inferior quality was detected, corresponding to the maximum temperature of
ca. 500 °C. The application of exponential transducers on core allows the 500 °C isotherm
determination;
Quantitative assessment using the exponential transducers give overestimated values of compressive
strength compared with results obtained by destructive testing;

The scope of applicability of the dependencies determined in the study is restricted to concrete
containing river aggregates and further research is needed to determine the fcT(VT) relationship for
concretes made with other types of aggregates.

The study was supported in part with the funds of the Polish Ministry of Higher Education (Grant
N N506 045040).
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Abstract. The new steel bridge “Hans-Wilsdorf” in Geneva is an exceptional steel structure that will
drive general traffic through a main transportation axis. As the investment cost of the project is
important, a structural fire analysis has been performed to study the sensitivity of the structure to a high
temperature exposure, such as a truck in fire on the deck. This analysis will allow deciding whether a
severe fire could be an unacceptable economical risk for the bridge.

1 INTRODUCTION
Fire protection or fire analysis are rarely applied to bridges. When a new steel bridge is designed, fire
is normally not an issue, especially if it crosses a river without navigation. But when a special project,
donated to the City of Geneva by the Hans-Wilsdorf Foundation, is shaped like a “tunnel” of steel, the
question may be asked: “And what about a fire on the bridge?”
This project is not a usual bridge. Its architecture is modern and spectacular. Carefully designed by
Brodbeck-Roulet architects in Geneva and Amsler&Bombelli engineers in Lausanne, the main structure is
made of several arches intersecting each other and the deck is made of a prestressed composite steelconcrete section. The 85m single span bridge weights 3000 tons.

Fig. 1 – Virtual image of the bridge (image © Brodbeck-Roulet SA)
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The structural design and optimization of such a bridge is very complicated, even in normal “cold”
ULS situation. So, when the fire resistance of the structure have been asked and investigated, many
questions must find answers, and the use of advanced analysis methods and tools is necessary.
This fire design has been done by MP Ingénieurs Conseils in Crissier, and checked by S. Desanghere
(FDS models and simulations), O. Vassart and J.-M. Franssen (SAFIR model).

2 STRUCTURE OF THE BRIDGE
The 85m single span bridge structure has been designed for the cold ULS situation, and led to the
following structure:

Fig. 2 - Different views of the SCIA Engineer design model

The deck is a prestressed RC composite slab, which is surrounded by a very complex 3D steel grid,
made of welded steel sections.
The whole steel structure has been optimised and designed for optimum performance. Each truss
member is a parallelepiped section (boxes size is about 400x400 mm), with continuously skewed sides
and thicknesses varying from 25 till 100 mm, made of steel grade S355 or S460. The lower members,
working a composite section with the concrete slab, are 1 000 mm height and 400 mm width.
The assembly of the bridge was made onsite, fully welded, for better quality and aesthetics. The
bridge weights 3 000 tons, from which half is reinforced concrete and half is construction steel.
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3 FIRE ANALYSIS
3.1 Normative thermal actions
To analyse the thermal actions, several fire curves where considered in preliminary investigations
(fig. 2): ISO and hydrocarbon ones, besides a special artificial fire curve considering that the firemen
could not be on site the immediately. This assumption is done modifying an ISO curve where the
temperature starts decreasing after 30 minutes, until reaching 20°C at 60 minutes.

Fire curves
1200
1000
Temperature[°C]

800
ISOfire

600

Hydrocarbonfire
ISOfire+cooling

400
200
0
0

1'200

2'400

3'600

4'800

6'000

7'200

time[s]

Fig. 2 - Fire curves used for the preliminary calculations

These first three scenarios should provide enough information about the thermal elevation sensitivity
of the steel members. The first element to be heated with SAFIR software [1] is the arch section, made of
a 400 mm side box with a plain round steel section, diameter 300 mm, inside.
1200

Steeltemperature[°C]

1000

800

600

400
BOXext
200

PLAINexterior
PLAINcenter

0
0

1800

3600
time[s]

5400

7200

Fig. 3 - Arc section’s steel temperature with ISO fire
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We can observe that, if the inner plain section remains quite cold (< 400 °C) after 1 hour of ISO fire
exposure, the outer box heat rapidly, losing its bearing capacity. The engineers intuition is then
confirmed: they added this plain section inside the arch box to reinforce the bridge, as well as offering a
“little” fire resistance. This calculation shows that full resistance could be reached by this structural
element; to be confirmed by the structural design later.
The hydrocarbon fire led to worse results, as expected, and the ISO + cooling scenario gave better
results. The effect on the full bridge will be analysed later with the structural model.
3.2 CFD fires
After the standard fires calculations first results, and having in mind the architecture and the shape of
the structure, the only realistic way is to run several CFD simulations, carried out with FDS [2] software
and using several fire scenarios. These scenarios are mainly based on the recommendations issued by
CETU in France [3], and others were discussed with the main engineering office.
To represent in a real way the modeled fire in a CFD model, we need to quantify the potentially
energy that will we liberated during the fire. In our case, a normal car and a truck were available in the
references we used [3]:
x
x
x

Car
Lorry
Truck

8 [MW]
Qf,k =
Qf,k = 30 [MW]
Qf,k = 100 [MW]

The HRR diagrams are given in the CETU guide:

Fig. 4 - HRR diagram for a little truck (30 MW) and big (100 MW) truck in [MW and min] [3]

With these hypotheses, several scenarios were calculated using FDS software. Here we can see the
truck scenario heating a simplified representation of the real structure, as in FDS version 5 mesh grid is
only orthogonal. To get the adiabatic gas temperatures seen by the structure, a number of captors were set
in the model.
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Fig. 5 – FDS simulation of a burning truck on a simplified geometry of the bridge’s structure

The resulting adiabatic temperatures provided by FDS as input data in the structural model to analyse
the section’s heating and then the structural response of the bridge.

GastemperaturesfromFDS
1'000

Gastemperature[°C]

800

600

400

200

0
0

50

100
150
time[modifiedscale]

200

250

Fig. 6 – Adiabatic temperatures extracted from the FDS model

Figure 6 shows that the time scale has been modified. This has been done to reduce computational
times. Indeed, FDS is used here only to compute thermal actions corresponding to a given heat release
rate. Members’ heating is not considered and we don’t have to simulate the real fire curve in this first
step.
In a second step, from these data, simplified fire curves were made, to be used as input in SAFIR 2D
section heating calculation (as made with the ISO fire):
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10800

Fig. 7 - Simplified fire curve of a scenario used to heat steel elements

4 STRUCTURAL ANALYSIS
The whole bridge components were introduced into a SAFIR [2] 3D structural model, with BEAM
elements for the arches and SHELL elements for the deck and the rigid connecting ring at both ends. As it
can be seen in Fig 10, the resulting model is very complex.
Is this model, the thermal actions were introduced in localized zones, as shown in the Fig 3 for a fire
at mid span (heated BEAM Finite Elements in colours, cold ones in blue and orange):

Fig. 8 – SAFIR 3D structural model with fire action at mid span

With the incremental (time dependent) non-linear structural calculation process of SAFIR software,
the behaviour of the bridge can be predicted and analysed up to the eventual collapse, helping the
engineer to understand and check the models and results.
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After a cold calculation was performed to check the FEM model, the fire simulations were done with
each scenario. We can see that, given the high mass of the steel bridge, the deformations are only
localised over the fire, rarely determining for the whole bridge stability and security:

Fig. 9 - Deformation after 55 minutes of ISO fire : little influence (scale 1:1)

Fig 10 – Localised deformation with hydrocarbon fire (scale 1:5)

With natural fire (FDS) scenarios, we have in the first stage of the fire (with maximal temperatures)
an elevation of the bridge due to the thermal expansion of the members, then an increasing deformation
due to the readjustments of the heated then cooled structure:

Fig. 11 – Mid-span deformation of the bridge under natural fire scenarios
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5 RESULTS
The analysis realized showed that the «Hans-Wilsdorf Bridge» is to be considered safe for the studied
fire situations, and numerical simulations showed a really satisfactory behavior.
This result is obtained partly because the different fire scenarios develop in open air (as opposed to
tunnel fires for instance) and also because the massive steel arches are made of closed sections with thick
walls, some having been reinforced to stand the fire situation.
The CFD analysis was very helpful and confirmed the assumed maximal temperature expected using
simplified analytical models. Finite Elements structural analysis showed that the structural stability can be
guaranteed, as well as the relatively low maximum deflection under fire situation.
The possibility to get adiabatic temperature values from the FDS model to be introduced into the
SAFIR model was very helpful. A tool is currently being developed to simplify this step and allow to
apply it on more sophisticated models, avoiding the simplifications we used in this case.
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Abstract. This paper reports an experimental research on the behaviour of reinforced concrete columns
with restrained thermal elongation subjected to fire. Square and circular cross-section reinforced
concrete columns were tested in order to know the influence of the cross-section shape on the behaviour
of the columns in fire. The parameters tested were the load and restraint levels, the slenderness of the
column and the longitudinal reinforcement ratio. The tests results showed that spalling phenomenon may
occur even in square or circular columns. The restraint level to thermal elongation of the columns might
not be much relevant in their fire resistance. The increasing of the load level lead to a reduction, while
the increasing of the longitudinal reinforcement ratio or the decreasing of the slenderness of the columns
lead to an increasing of the fire resistance.

1 INTRODUCTION
The performance of a reinforced concrete (RC) building structure in fire depends particularly on the
behaviour of the columns. These structural elements are of great importance on the structural integrity of
the building because they contribute to its load carrying capacity and global stability. Fire can lead to
severe consequences because the collapse of an essential column to the structure can lead to the
progressive collapse of the whole building.
Common reinforced concrete structures under fire action have generally satisfactory behaviour.
However, its performance could be much improved if it was well-known the effect of all parameters that
influence the fire resistance of this type of structures. So the axial load ratio, fire exposure condition,
axial and rotational restraint level, cross-sectional shape, longitudinal reinforcement ratio, slenderness,
load eccentricity, concrete covering, spalling and concrete strength are several of the parameters that
have recently been studied [1-11].
In the seventies a lot of fully restrained RC columns were tested at Braunschweig University, in
Germany [1]. The columns had square cross-section and different distribution of reinforcement bars.
They were tested columns with eccentricities equal the half, of the same value and higher than the length
of the side of the column. Different applied load levels were also tested. In these tests it was observed
that columns of higher eccentricities and smaller applied load levels led to higher fire resistances. Higher
cross-sections and number of steel reinforcement bars, distributed along the side of the column, increased
the fire resistance.
Lie and Lin [3], in 1985, presented a paper about the influence of a thermal restraint on the behaviour
of reinforced concrete columns subjected to fire. Two experimental tests were carried out on fully
restrained columns. The results obtained indicate that full restraint against the axial thermal elongation of
reinforced concrete columns has little influence on their fire performance. The authors also indicate that
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restraint on thermal elongation can be beneficial for the columns fire performance if the surrounding
structure is able to redistribute part of the load.
Franssen and Dotreppe [6], in 2003, presented a paper reporting the results of fire resistance tests
performed at the University of Liege on concrete columns. The tests were carried out to examine the
influence of the circular shape on the behavior of the RC columns under fire conditions. This paper
describes the test procedure, the observations made, and the values obtained for the fire resistance. The
authors stated that the diameter of the longitudinal reinforcement had no significant influence on surface
spalling and despite this phenomenon the values obtained for fire resistance were relatively high. The
circular shape of the cross-section does not prevent the occurrence of spalling. An increase of the load
level leads to a significant decrease of the fire resistance.
Ali et al. [11], in 2004, presented the results of an extensive experimental programme involving halfscale columns made of ordinary and high strength concrete. The experimental results were used in a
parametric study to evaluate the influence of the axial restraint, loading level and heating rate on the
performance of concrete columns subjected to high temperatures. In the study it was shown that
increasing the loading level decreased the restraining forces and column’s failure times. The increasing of
the degree of axial restraint increased the generation of restraint forces and had a minor influence on the
column’s failure times. The low heating rate led to higher failure times of the columns. For normal
strength concrete it was also observed that increasing the restraint degree increased the degree of
spalling. The same was not observed for the high strength concrete contradicting the usual belief that this
type of concrete is more susceptive to spalling. The addition of polypropylene fibres reduced the degree
of concrete spalling.
Xu and Wu [9], in 2009, presented the results of experimental tests on reinforced concrete (RC)
columns with L-, T- and +-shaped and square cross-sections. The effects of axial load ratio, fire exposure
conditions, axial deformation and fire resistance of the columns, were analysed. The experimental results
showed that when the axial load ratio is 0.55, the fire resistances of the columns with L-, T-, and +shaped cross-sections subjected to fire on all sides were 60–73% that of the column with the square crosssection. In case of columns subjected to fire on all sides, its fire resistance with differently-shaped crosssections increased in the following order: L-shaped cross-section, T-shaped cross-section and +-shaped
cross-section. Load ratio and fire exposure had significant effects on the fire resistance of the columns.
In the wake of the previous studies, several fire resistance tests were carried out on square and
circular concrete columns with restrained thermal elongation. These tests were carried out in the
Laboratory of Testing Materials and Structures of the Department of Civil Engineering of the University
of Coimbra [10, 11].

2 EXPERIMENTAL SYSTEM AND SPECIMENS
2.1 Test set-up
The experimental tests on reinforced concrete columns were conducted in the Laboratory of Testing
Materials and Structures of the University of Coimbra, in Portugal. In Figure 1 the test set-up for fire
resistance tests on columns with restrained thermal elongation, is illustrated. A two-dimensional reaction
frame (1) consisted of two HEB500 columns and an HEB600 beam of S355 steel class was used to
support a hydraulic jack (2) which applied a compression load to the columns. This hydraulic jack had a
maximum capacity of 3 MN and was controlled by a servo hydraulic central unit W+B
NSPA700/DIG2000. In addition, the stiffness of the surrounding structure of the columns under test was
realized by a three-dimensional restraining frame with four HEB300 columns and four identical beams of
S355 steel class, orthogonally arranged (3). The stiffness could be varied by changing the position of the
columns or the height of the beams. During these experimental tests, only the position of the columns
was changed. Additionally, above the specimen between the hydraulic jack and the beams of the threedimensional restraining frame a compression load cell (4) was mounted in order to monitor the load
during the whole test.
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Figure 1. Experimental set-up for fire resistance tests on columns

The specimens were heated with a vertical electric furnace (5). This furnace was 1500 mm x 1500
mm x 2500 mm in internal dimensions and capable to heat up to 1200 ºC and to follow fire curves with
different heating rates.
The restraining forces generated in the column due to the heating were measured by a load cell of 3
MN located inside a void steel cylinder of high stiffness (6). This cylinder was rigidly connected to the
restraining frame by means of M24 class 8.8 bolts as well as all connections between the elements in the
experimental set-up. A massive steel cylinder, rigidly connected to the testing column, entered in a void
steel cylinder and due to the thermal elongation of the column compressed the load cell.
The axial displacements and rotations on the top and bottom of the column were measured by
displacements transducers, LVDT (7), orthogonally arranged in three different points, forming a
deformation plan.
2.2 Test specimens
The tested columns were 3000 mm tall and square or circular cross-sections. The square cross-section
columns had 160 mm x 160 mm and 250 mm x 250 mm and the circular cross-section ones had 250 mm
and 300 mm in diameter (Fig. 2 and Table 1). Two steel plates, steel class S355, measuring 450 mm x
450mm x 30 mm each, were still connected by welding to the longitudinal rebars. The circular columns
had six longitudinal rebars, which were 12 or 20 mm and the square columns had four longitudinal
rebars, which were 10, 16 or 25 mm, depending on the cases (Table 1). For each specimen the transversal
reinforcement was performed by 6 mm or 8 mm diameter stirrups with a spacing of 100 mm until 700
mm from the supports, and a spacing of 150 mm in the central part (Fig. 2). It is noticed that the 6 mm
diameter stirrups were used with the 12 mm diameter rebars in the circular columns and with the 10 or 16
mm diameter rebars in the square columns. The 8 mm diameter stirrups were used with the 20 mm
diameter rebars in the circular columns and with the 25 mm diameter rebars in the square columns (Fig.
2). The concrete covering related to the stirrups for all tested columns was 30 mm.
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Figure 2. Test specimens

All specimens were fabricated with reinforcing bars of A500NR steel and calcareous aggregate
concrete C20/25 according to EN 206-1 [12].
Figure 3 presents a scheme of the test columns with the position of temperature measuring points.
The temperatures were measured in five cross-sections on the circular columns and in three crosssections on the square columns (Fig. 3). In the square columns, T1 was attached to the longitudinal rebar,
T2 to the stirrup, T3 was in the concrete near the surface, T5 in the centre of the cross-section and T4 at
mid-distance between the last ones. In the circular columns, in cross-sections S1 and S5 it was placed
only one thermocouple in the centre of cross-section, in cross-sections S2, S3 and S4, thermocouple T1
was attached to the longitudinal rebar, T2 was near the concrete surface, T4 in the centre of the crosssection and T3 at mid-distance between the last ones. Type K thermocouples were used to measure the
temperatures on the specimen while probe thermocouples were used to measure the furnace temperatures.

Figure 3. Test specimens and location of the thermocouples
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2.3 Test Plan
The experimental programme consisted of 20 (10 circular + 10 square) fire resistance tests on
concrete columns with restrained thermal elongation. However, in this paper are selected for presentation
sixteen tests whose results are compared. The characteristics of the specimens tested are summarised in
Table 1.
For the circular columns the reference C25-12re-70LL-13K corresponds to a 250 mm diameter
circular column (C25) reinforced with 12 mm diameter longitudinal steel reinforcing bars (12re). The
designation 13K indicates that the value of the axial stiffness of the surrounding structure was 13 kN/mm.
The circular columns were tested for stiffness of the surrounding structure of 13 kN/mm and 128 kN/mm.
For the square columns the reference C16-10-k1 corresponds to a cross-section of 160 mm x 160 mm
reinforced with 10 mm diameter longitudinal steel reinforcing bars. The designation k1 indicates 13
kN/mm and k2 indicates 45 kN/mm for the value of the axial stiffness of the surrounding structure. The
square columns were tested for stiffness of the surrounding structure of 13 kN/mm and 45 kN/mm.
All the columns were axially loaded to 70% (referenced by 70LL in the circular columns) of the
design value of buckling load at ambient temperature calculated according to EN 1992-1-1 [13]. These
loading levels intended to simulate different serviceability load conditions of the columns when they are
inserted in a real building structure.
Table 1. Characteristics of the tested columns
Cross-section
Column reference

C16-10-k1
C16-10-k2
C16-16-k1
C16-16-k2
C25-16-k1
C25-16-k2
C25-25-k1
C25-25-k2
C25-12re-70LL-13K
C25-12re-70LL-128K
C25-20re-70LL-13K
C25-20re-70LL-128K
C30-12re-70LL-13K
C30-12re-70LL-128K
C30-20re-70LL-13K
C30-20re-70LL-128K

Longitudinal
reinforcement
Number
and
Area, As
(mm2)
diameter
(mm)

Reinforcement
ratio
As/Ac (%)

Slenderness

314

1.23

77

4φ16

804

3.14

77

62500

4φ16

804

1.27

49

250 x 250

62500

4φ25

1964

3.14

49

250

49087

6φ12

679

1.38

58

250

49087

6φ20

1885

3.84

58

300

70686

6φ12

679

0.96

48

300

70686

6φ20

1885

2.67

48

Diameter, d
or h x b
(mm)

Area, Ac
(mm2)

160 x 160

25600

4φ10

160 x 160

25600

250 x 250

2.4 Test procedure
These fire resistance tests were performed in two stages. Firstly, the specimens were axially loaded
up to the target force at a rate of 2.5 kN/s. The HEB300 beams of the three-dimensional retraining frame
above the test specimen were not connected to the respective HEB300 columns, while the load was being
applied. Then, when the loads reached the desired level, those connections were materialized by means of
M24 class 8.8 threaded rods. Finally, at the second stage the test specimen was heated according to the
standard fire curve ISO 834 [14]. It is noticed that the columns were only heated 2500 mm of their
length, from 250 mm to 2750 mm height, because the columns had to be connected outside the furnace.
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During the heating the load was kept constant and the test was considered terminated when the axial
force of the specimen was lower than the initial applied load.

3 RESULTS
3.1 Temperatures
Figure 4 presents the distribution of temperatures on the cross-sections S1 for square columns (a) and
S4 for circular columns (b). It could be observed that despite the beginning of the test, where a small
delay between the set-point temperature and the real temperature of the furnace is registered, they are
fairly close together. A great thermal gradient was observed along the column cross-section being the
differences of temperatures between the surface and the centre of the cross-section of around 600ºC after
120 min of test. These thermals gradients will induce internal cracks on the columns that are responsible
by the collapse of the columns.

(a) Square column
(b) circular column
Figure 4. Temperatures in the cross-sections of square and circular columns

Figure 5 presents the distribution of temperatures in height for square (a) and circular (b) columns. It
could be observed a high thermal gradient in the direction of the column supports that increases in
function of the time of test. This thermal gradient is visible in the first 0.5m of each end of the column
because these parts are not directly exposed to the furnace radiation due to the attachment of the columns
outside.

(a) Square column
(b) circular column
Figure 5. Temperatures along the height of square and circular columns

3.2 Restraining forces
Figures 6 and 7 present the development of the restraining forces on square and circular cross-section
columns in function of the time, respectively. In these figures it is observed the typical behaviour of
columns with restraining thermal elongation and subjected to high temperatures. The restraining forces
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started to increase up to a maximum and then decreased due to the degradation of the mechanical
properties of the materials. In these graphs we will define the critical time (non-standard fire resistance)
as the instant of time when the restraining forces reach again the initial applied load.

(a) Square 160 mm x 160mm

(b) Square 250 mm x 250mm

Figure 6. Restraining forces on square columns

(a) Circular d= 250mm

(b) Circular d= 300mm

Figure 7. Restraining forces on circular columns

In Figures 6 and 7 it can be observed that higher stiffness of the surrounding structure higher the
restraining forces. In Figure 6, for the square cross-section columns, increasing the cross-section
dimensions increasing the critical time. The increasing of the longitudinal rebars diameter led also to an
increasing of the critical times however this was more notorious for columns with cross-section 160 x
160 mm. For the columns 250 mm x 250 mm increasing the rebar diameter the critical time was
practically the same. This may be explained that after a certain diameter of the rebar its lateral expansion
can lead to concrete detachment leading to a reduction on the critical times.
Concerning to circular columns (Fig. 7) increasing the column diameter increasing the critical time.
For columns of 250 mm diameter it was observed that increasing the diameter of the longitudinal rebars
increasing the critical time (Fig. 7 a). The increasing of the stiffness of the surrounding structure seams
not having influence on the critical times (Fig. 7 a and b).
Comparing the square columns 250 mm x 250mm (Fig. 6) with the circular columns of 250 mm
diameter, no differences in the critical times was observed for the ones with small diameter rebars.
However an interesting thing was observed that increasing the rebar diameter in the circular columns led
to an increasing of the critical times and the same was not observed in square columns.
3.3 Results of restraining forces and critical times
Table 2 presents the results for square and circular columns in terms of the maximum value of the
restraining forces, absolute and relative values of the restraining forces and critical times.
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Table 2. Characteristics of the tested columns

Column reference

P0 (kN)

Pmax (kN)

Prest (kN)

Pmax / P0

R (min)

C25-12re-70LL-13K
C25-12re-70LL-128K
C25-20re-70LL-13K
C25-20re-70LL-128K
C30-12re-70LL-13K
C30-12re-70LL-128K
C30-20re-70LL-13K
C30-20re-70LL-128K
C16-10-k1
C16-10-k2
C16-16-k1
C16-16-k2
C25-16-k1
C25-16-k2
C25-25-k1
C25-25-k2

363
363
624
624
458
458
766
766
144
152
181
185
495
507
656
675

378
400
694
829
483
547
810
975
183
236
274
345
564
616
726
838

15
37
70
205
25
89
44
209
39
84
93
160
69
109
69
163

1.041
1.102
1.112
1.328
1.054
1.194
1.057
1.273
1.274
1.548
1.512
1.866
1.139
1.214
1.106
1.241

110
104
163
147
152
198
154
185
65
77
88
87
136
132
144
118

3.3 Specimens after test
Figure 8 presents some circular columns after fire. It is visible some spalling having exposed the
rebars to the heating. The spalling was not continuous along the height of the column and any relation of
the column or rebar diameters with this phenomenon can be drawn.

C25-12re-70LL-13k

C25-20re-70LL-13k

C30-12re-70LL-13k

C30-12re-70LL-128k

C30-20re-70LL-13k

C30-20re-70LL-128k

Figure 8. Circular columns after fire

Figure 9 presents some square columns after fire. It is visible extensive spalling exposing the rebars
to the heating. The spalling was more notorious on the edges and compressed zones of the columns.
Columns of smaller diameter were more affected by spalling.
For column C25-25-K2 was observed buckling after test exposing completely the rebars. However it
should be point out that this observation was only possible after taking the specimen out of the furnace.
Due to the characteristics of the furnace, where nothing could be observed to inside during the test, it is
difficult to predict when the different phenomena occurred.
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Figure 9. Square columns after fire

4 CONCLUSIONS
The results of this experimental research lead to the following conclusions about the effect of the
tested parameters on the behavior of the columns subjected to fire:
Increasing the longitudinal reinforcement ratio increases the fire resistance of RC columns, but that
increase was more significant for columns with smaller cross-section. It was also confirmed that
with an increase in the restraint level the positive effect of a higher reinforcement ratio is lessened.
Increased slenderness leads to a significant reduction of fire resistance. That reduction was more
significant for columns with lower reinforcement ratio.
As expected, with an increase in the restraint level, higher restraining forces were generated. Thus,
restraining RC columns against thermal elongation does not affect the performance of those
members and so it would not be necessary to design them to cope with this parameter.
The load level has a considerable influence on the performance of RC columns in fire. With an
increase in the load level, a significant reduction of the fire resistance was observed. With a higher
load level extensive spalling was observed.
This study showed that spalling can occur in circular columns and even for low resistances of
structural concrete.
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